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Preface
This report have been written to emphasize the importance of considering seismic analyses
also for the major Swedish hydropower dams, as is the case in for example nearby Norway.
Today, it is not a requirement to show how a major Swedish dam will behave during an
earthquake with the same return period as is assumed for e.g. major floodings and other
natural events. The risk for an earthquake causing a collapse of a dam, or part of a dam,
situated in Sweden is relatively small and thus in practice neglected, something, which is not
the case for nuclear power plants.
Since seismic analyses of dams are not required, this type of analysis is seldom conducted for
typical Swedish dams in combination with the earthquake design loads that exist for the area.
Thus, the practical experience from this type of risk analyses is low. An important part of the
report is therefore the presented examples that demonstrate the practical steps involved in
such a dynamic analysis based on the finite element method.
The project has been conducted during 2016/17 at the division for Concrete Structures at
KTH Civil and Architectural Engineering and was supported by J. Gust. Richert's foundation,
which is hereby gratefully acknowledged. The examples, the input data and results have been
thoroughly evaluated and discussed with experts within the area of Hydropower and dam
constructions. Interesting discussions were held with Henrik Arver and Ingvar Ekström at
Sweco, who also contributed with important recommendations on embankment dams. The
authors are also grateful for the valuable advice on finite element modelling and dam-water
interaction from Richard Malm and Rickard Hellgren at KTH.

The authors send their warmest thanks to all the above mentioned!

Stockholm, May 2017
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1 Earthquakes in Sweden
Earthquake action and floods are the main hazards from the natural environment for most
large storage dams. The earthquake load case has evolved as the critical load case for most
large dams even in regions of low to moderate seismicity. Large storage dams have to be
designed for the worst ground motion to be expected at the dam site. In Sweden large dams
are designed for floods with a return period of 10 000 years (RIDAS, 2016), but there is
however no requirement to conduct seismic design for dams.
The tectonic plate boundary closest to Sweden is the mid-Atlantic ridge, see Figure 1.
Earthquakes in Sweden are classified as typical intraplate events with a relatively low rate of
occurrence and a shallow focal depth, usually around 15 km. Also, due to the hard rock
conditions in the region, the expected ground motions are dominated by high frequencies. The
strongest earthquake in the vicinity of Sweden in modern time is the 1904 magnitude MS 5.4
(MS: the surface wave magnitude) registered for the Oslofjord earthquake. The latest
earthquakes greater than magnitude 5 are the 2004 Kaliningrad earthquakes which were of
magnitude MW 5.0 and 5.2 (MW: the moment magnitude), see Drivas (2014) and Rydell
(2014).
The recorded epicentres in Sweden are distributed in three broad geographical zones, of
which the Telemark-Vänern zone is the most active, also including the 1904 earthquake.
Significant seismic activity is seen in the north, due to a number of neotectonic faults, i.e.
faults that have moved since the last ice-age. The Bothnia zone, which runs along the Swedish
east coast, and the Lappland zone in northern Sweden are considered as less active zones, see
Figure 2 (Abbasiverki, 2016).
Although Sweden is considered an area with low seismic activity today, Bödvarsson et al.
(2006) points out that a low historical seismic activity not necessarily means that the area will
continue to show a low rate of activity. This is due to the episodic characteristic of seismic
activity. Large earthquakes, some possibly with magnitudes above MW 8, have occurred in
the north of Sweden approximately 10 000 years ago (Bödvarsson et al., 2006). The likely
cause of these events is believed to be the de-glaciation at the end of the ice age (Rydell,
2014).
This report discus and demonstrate the procedure of seismic analyses for large hydropower
dams, with focus on the conditions in Sweden. The aim is to describe the practical steps
involved in dynamic analyses of this type, based on the finite element method. The goal is to
compile international knowledge within the field, necessary for performing the analyses. A
secondary goal is to exemplify the practical procedures of the analyses and to show how the
safety for typical dams with respect to earthquakes in Sweden can be estimated.
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Figure 1: Tectonic plates showing the mid-Atlantic ridge (U.S. Geological Survey, 1999).

Figure 2: Earthquakes recorded from January 1970 to December 2004 in Northern
Europe (Gregersen and Voss, 2009).
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2 Earthquake loads
The international committee of large dams (ICOLD) provides a guideline for considering
seismic loading in construction and safety review of large dams, 15 m or taller. The levels of
design earthquakes discussed in the following are used for the seismic design of dams,
abutments and safety-relevant components, such as spillway gates, bottom outlets, etc.
(ICOLD, 2016). It should be noted that Eurocode 8 (2004) is often adopted for seismic design
of common buildings and civil engineering structures but is generally not applicable for
special structures such as offshore installations, nuclear power plants and large dams. For
examples on its applications, see e.g. Drivas (2014) and Tabatabaei Araghi (2014).

2.1 Return periods
The safety evaluation earthquake (SEE) is the most severe seismic event that a dam should be
designed and analysed for. Severe damage can be accepted in the structure, as the requirement
is that "there should be no uncontrolled release of water from the reservoir". It is
recommended that all elements that are critical to safety such as outlets and spillway gates are
designed for the SEE. The objective of SEE is to ensure public safety, lives and property. The
ground motion parameters can be obtained from a deterministic event, the Maximum Credible
Earthquake (MCE), and is the largest reasonably conceivable earthquake that possibly can
appear along a recognized fault or within a geographically defined tectonic province, under
the presently known or presumed tectonic framework. In practice, due to the problems
involved in estimating the corresponding ground motion, the SEE is often obtained from a
probabilistic seismic hazard analysis, i.e. a Maximum Design Earthquake (MDE). For large
dams the return period of the MDE is often taken as 10 000 years. For dams with small or
limited damage potential shorter return periods can be specified.
An Operating Basic Earthquake (OBE) design is used to limit the earthquake damage to a
dam project and, therefore, is mainly a concern of the dam owner. Accordingly, there are no
fixed criteria for the OBE although ICOLD has proposed an average return period of 145
years, corresponding to a 50% probability of exceedance in 100 years. Sometimes return
periods of 200 or 500 years are used. The dam shall remain operable after the OBE and only
minor easily repairable damage is accepted.
Available design response spectra in Sweden have been provided by SKI (1992) for Swedish
hard rock conditions where nuclear power plants are located (south-eastern Sweden). Uniform
hazard spectra were developed for three return periods of 105, 106 and 107 years. Each
spectrum is also associated with a relative damping of 0.5%, 2%, 5%, 7% or 10%. Spectra for
the three return periods with 5% damping, as a representative mean value, is presented in
Figure 3. As seen in this figure, for a tenfold decrease of annual exceedance, the response
3

spectrum is almost scaled to half. The Peak Ground Acceleration (PGA) corresponding to the
response spectrum with 105 return period is 0.146g. Therefore, an MDE ground motion
corresponding to the earthquake with 105 years return period based on the Swedish Uniform
hazard spectra has a PGA of 0.073g.

Figure 3: Horizontal uniform hazard response spectra (SKI, 1992).

National seismic hazard maps have not been developed for the Swedish territory, the in 1998
the Norwegian Council for Building Standardization presented a seismic zonation map,
covering both on- and offshore Norwegian territories. Maps are provided for return periods of
100, 475, 1000 and 10 000 years, for peak ground accelerations. In Figures 4 and 5, the
zonation maps for a return period of 10 000 years are presented for the northern and southern
part of Norway, respectively.
From the zonation maps, it is possible to estimate peak ground acceleration levels for the
Swedish western border. From Figures 4 and 5, it can be concluded that the peak ground
acceleration values for an annual probability of 10-4, varies from 0.9 m/s2 to 2.4 m/s2.
Therefore, an MDE earthquake for this zone of Sweden can be considered to have a PGA of
0.240g (Berneheim and Forsgren, 2016).

4

Figure 4: Seismic zonation map of northern Norway (Bungum et al., 1998).

Figure 5: Seismic zonation map of southern Norway (Bungum et al., 1998).
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2.2 Ground accelerations
In this project dynamic analysis is done to investigate seismic response of typical Swedish
concrete and embankment dams. For seismic analysis, three orthogonal acceleration time
histories, two horizontal components H1 and H2 and one vertical component are used,
generated by CREA (2007) and corresponding to the Swedish design response spectra with an
annual probability of 10-5. The damping is 5% and the earthquakes are scaled to PGA of
0.073g and 0.240g, respectively. The acceleration time histories are 10 seconds long and
represented by 2001 time points with a spacing of Δt = 0.005 seconds. Figures 6 and 7
illustrate acceleration time histories and the corresponding response spectrum of
PGA=0.146g, 0.073g and 0.240g for the horizontal direction H1.
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Figure 6: Horizontal acceleration time history corresponding to the Swedish design
response spectrum of PGA=0.146g, 0.073g and 0.240g.
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Figure 7: Swedish horizontal acceleration design response spectrum for PGA=0.146g,
0.073g and 0.240g.

2.3 Fluid-structure interaction
There are different methods for considering the hydrodynamic pressure excited by interaction
between reservoir and dam in a dynamic analysis. A common simplified method is the added
mass approach. In this method, point masses are attached to the structure, which leads to
changes in the dynamic properties of the dam. The often used version of the method is as
suggested by Westergaard (1933) and Zangar (1952). In this approach the effects from water
compressibility and water-foundation interaction are ignored, since these parameters can
change the hydrodynamic pressure, see e.g. Goldgruber (2015). Chopra (1968) put forth that
the compressibility of water significantly depends on the ratio between the fundamental
natural vibration frequency of the reservoir to the fundamental natural vibration frequency of
the dam alone.

ωr
ωs

(1)

Ωr =

where Ω r is the ratio between natural frequency of the reservoir and dam, ωr the
fundamental natural frequency of the reservoir and ωs the fundamental natural frequency of
the dam. The frequency ωr can be calculated as:
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wr =
cw =

cw
4h

(2)

Kw

(3)

ρw

where cw is the wave propagation velocity in water (m/s), h the water depth (m), K𝑤 the bulk
modulus/compressibility of water and 𝜌𝑤 the density of water. Incompressibility may be
assumed if the ratio between the frequencies exceeds ωs/ωr = 2. Chopra (2014) demonstrated
that ignoring the water compressibility would lead to unreliable decisions in the seismic
safety evaluation of proposed designs of new and of existing dams. Analyses that assume
water to be incompressible overestimate stresses for some dams but underestimate them for
others.
Additionally to the added mass techniques, the reservoir-dam interaction can also be modelled
as for an acoustic fluid. Acoustic fluids or acoustic elements in finite element analyses are
special purpose elements that describe the sound wave/pressure distribution over time in
acoustic media like gases or water. Acoustic elements are commonly used in sound
propagation simulations but if the following assumptions are valid, such elements also allow
for simulating fluid-structure interaction problems (Goldgruber, 2015):
•

the fluid is compressible (density changes due to pressure variations),

•

the fluid is inviscid (no viscous dissipation),

•

the fluid is irrotational,

•

there is no mean flow of the fluid (only small translations and small velocity),

•

there are no body forces.

The acoustic fluid equation is a combination of the conservation of momentum and
conservation of mass (continuity equation). The equation for conservation of momentum is
derived by considering that stresses in an acoustic fluid are only described by the pressure,
neglecting all external forces. Applying the above assumption gives
∇. p + ρ wv =
0

(4)

where 𝒑 is a pressure tensor and 𝒗̇ a particle acceleration vector. The continuity equation for
an acoustic medium with a constant water density 𝜌𝑤 is

∂ρ
+ ρ w∇.v =
0
∂t

(5)

where t is time and 𝒗 a particle velocity vector. For solving this set of equations (2 equations,
3 unknowns) a constitutive equation or constitutive law is needed, describing the differential
pressure-density relationship in a compressible fluid, defined by
∂p = cw2 ∂ρ

(6)

The time derivative of Eq. (5) gives
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∂2 ρ
+ ρ w∇.v =
0
∂t 2

(7)

Combining Eqs. (4, 6 and 7) gives the acoustic wave equation with the fluid pressure as the
independent variable:
∂2 p 2 2
− cw∇ . p =
0
∂t 2

(8)

Coupling between a structure and an acoustic fluid is done at the fluid-structure interface by
considering the continuity of displacements and the equilibrium of stresses. In this regard, the
continuity of displacements between both domains is fulfilled in normal outward direction at
the coupling boundary. The equilibrium of stresses states that the pressure in the acoustic
fluid has to be equal to the stress acting in the direction normal to the boundary of the
structure, see Goldgruber (2015) for more details. The coupled system of equations in matrix
notation is

M S
ST
 SF

0   uS   K S
+
M F   
pF   0

− S SF   uS  0 
  =
 
K F   pF   0 

(9)

where Ms, MF, KS and KF are finite element mass and stiffness matrices for the structural and
fluid domain, respectively, us and pF are finite element approximations of the displacements
and pressures and SSF is a coupling matrix for the fluid-structure boundary in the finite
element formulation.

2.4 Acoustic fluid boundary conditions
Apart from the coupling between the structure and the fluid, additional boundary conditions
have to be specified in dynamic simulations where the fluid is modelled directly. In the case
of dam-reservoir interaction three additional boundaries need prescribed conditions. These are
the free surface on the top, the back end and the bottom/sides of the reservoir.

2.4.1 Free top surface
A free water surface on the top of the reservoir can in a simple way be described by a zero
pressure boundary condition. However, in this way the displacement of the water surface due
to pressure waves cannot be seen, as the acoustic wave equations have no displacement
degrees of freedom. For considering this effect, membrane elements can be used as free
surface interface elements that give the free surface additional degrees of freedom (Hellgren,
2014). Another method is defining impedance at the free water surface, which is described in
the following sections.
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2.4.2 Back end boundary
Reservoirs in the nature can be kilometres long and it is not practical to model the complete
reservoir with finite elements. A simplified method is cutting the model at an appropriate
distance from the dam. However, the model size and the computation effort increase with
increasing reservoir length. Goldgruber (2015) recommended minimum lengths for reservoirs
modelled as acoustic fluids to avoid reflection issues, as:
Lmin ≥ 4h if the boundary is fully reflecting at the back end

Lmin ≥ 2h if the boundary is non-reflecting at the back end

where 𝐿𝑚𝑖𝑛 is the minimum reservoir length and h the depth of the reservoir. For the nonreflecting boundary either a radiation boundary condition or infinite acoustic finite elements
can be used (Hellgren, 2014).

2.4.3 Bottom and side boundaries
For the bottom and side boundaries, reflections of pressure waves in the near-field are existent
and hence will affect the dynamic behaviour of the structure. The rate of reflection is
characterized by the foundation material and usually defined by the wave reflection factor,
defined as the ratio of the amplitude of reflected to incident pressure wave (Goldgruber,
2015):

α=

preflected

(10)

pincident

where 𝑝𝑟𝑒𝑓𝑙𝑒𝑐𝑡𝑒𝑑 and 𝑝𝑖𝑛𝑐𝑖 are reflected and incident pressure, respectively. According to this
formula, a reflection coefficient of 1.0 means full reflection, 0.0 total absorption (nonreflecting boundary) and -1.0 a reflection with a phase reversal. This factor in terms of the
material parameters can also be written as:

α=

1− R
1+ R

(11)

where R is a material property ratio between the densities 𝜌𝑤, 𝜌𝑟 and wave propagation
velocities 𝑐𝑤, 𝑐𝑟 of the water and the bottom material of the reservoir, respectively, giving:
=
R

r wcw
=
r r cr

rw K w
r r Er

(12)

where Er is the Young’s modulus of the bottom material of the reservoir. Combining these
two equations gives:

1+ α
rr
r Er =
wKw
1−α

(13)
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Absorption effects of incident pressure waves are often modelled as boundary conditions on
the reservoir bottom by using impedance values of the materials. The impedance is defined
as:

c = r r Er

(14)

When the wave reflection factor 𝛼 is known, the impedance c can be obtained from Eq. (13).
According to Dassault Systèmes (2013) the boundary condition along an acoustic fluid
boundary is:

u=
out

1
1
p + p
k
c

(15)

where 𝑢̇𝑜𝑢𝑡 is the outgoing velocity of the fluid boundary, 𝑘 an imaginary value of the
complex impedance, 𝑐 a corresponding real value and 𝑝̇ is rate of change of the pressure at the
fluid boundary. This equation describes the outgoing velocity, where 1 k is the
proportionality coefficient between the pressure and the displacement normal to the surface,
and 1 c is the proportionality coefficient between pressure and velocity normal to the surface.
The term 1 k can be neglected if displacement of the boundary or a volumetric drag is does not
exist. Otherwise, for free surfaces sloshing effects can be modelled by using an impedance
value of:
k = ρw g

(16)

The wave reflection factor that depends on the reservoir bottom material can vary
significantly. Measurements of the reflection coefficient for bottom sediments and rock at
seven concrete dam sites showed that this can vary between -0.55 and 0.77. Sediments with
trapped gas had negative values, normal sediment low values of 0.1 to 0.5 and rock 0.5 or
higher (Ghanaat and Redpath, 1995). The effect of the reflection coefficient on the stress level
of arc dams was investigated by Lin et al. (2008) and Hellgren (2014). Both found that a
small drop from 1.0 to 0.75 leads to significant decreases in the stress response and that for
wave reflection factors below 0.75, the stresses decreased only slightly.
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3 Concrete dams
There are approximately 25 major concrete dams in Sweden of which about 15 are buttress
dams and the remaining are gravity or arch dams (Ansell et al., 2010). A buttress dam consists
of several monoliths that are divided by contraction joints over which no forces are
transmitted, see Figure 8. These joints are built with a water-stop, often consisting of
bitumen, PVC or steel. However, in old structures, the size of the dilatation joint may have
been reduced over time giving contact between the monoliths or the joint has become stiffer
(depending on the design of the joint) which could lead to a case where forces are transmitted
across the joints (Malm, 2016).

3.1 Example 1 - Typical concrete buttress dam
In this project, one monolith of a typical 40 m high Swedish buttress dam is selected for
seismic analysis, see Figure 9. One monolith consists of a 2 m thick and 8 m wide front plate
facing the water and a 40 m high triangular supporting buttress. The upper 10 m of the frontplate is vertical while the lower part is inclined, with an angle of 56.3° versus the horizontal
axis. The downstream edge of the buttress slopes 68.2° versus the horizontal. The dam crest,
the horizontal upper part of the buttress and front-plate, has a width of 4.5 m and the water
surface is assumed to be situated 1.5 m below this level. The front plate is rigidly connected
to the buttress and the outer ends that are in contact with the front-plates of the adjacent
monoliths are in the analytical model restrained from movement along the dam axis by
restraining the front plate edge translations. The effects from the lateral support of adjacent
monoliths on the seismic response of buttress dams have been studied by Berneheim and
Forsgren (2016). The authors considered three conditions; (1) a dam section model that
considers the interaction of internal front plates, which allows for sliding friction and lateral
load transfer between the plates, (2) a monolith with laterally restrained front plate and (3) a
monolith with laterally free front plate. Their study indicated that the lateral support from
adjacent monoliths is influential on the response to seismic loading. The dam section model
showed better correspondence to models with full lateral restraint from adjacent monoliths
than to free monoliths. Therefore, in this study a lateral restraint for the front plate has been
selected.
The buttress is 2 m thick and assumed to be rigidly connected to the rock underground. The
rock is included in the model using the massless rock approach (USACE, 2003 and Malm,
2016). This method is a conservative approach considering zero density, leading to that
reflection of seismic waves at the foundation boundaries are prevented. The amount of rock
beneath the dam is equal to the height of the dam. The length of the rock mass to the left and
right sides (perpendicular to the stream direction) is normally defined equal to the length of
the dam. Here the length of the front plate is considered. The length of the rock mass along
13

the stream direction is equal to the reservoir length. The reservoir is modelled as an acoustic
fluid and its length is two times the reservoir height. To prevent reflection of waves, infinite
boundary condition is assigned to the back end. The lateral sides of the reservoir have been
defined as non-reflecting boundaries. The bottom of the reservoir is modelled as a partly
absorbing boundary with impedance value c corresponding to a 50% wave reflection. The
impedance c is calculated from Eq. (13), as:
c=
1 + α 1 − α ρwKw

A free water surface on the top of the reservoir is described by a zero pressure boundary
condition. The reservoir is rigidly connected to the front plate by using tie constraints. A
linear elastic material model is used for study and the material properties for the static and
dynamic analyses are assumed to be equal, see Table 1.

Figure 8: Section of a concrete buttress dam (Malm and Ansell, 2011).

Table 1: Material properties for concrete dam model (Berneheim and Forsgren, 2016).
Density
(kg/m3)

Poisson’s ratio

Young’s/Bulk
modulus (GPa)

Compressive
strength (MPa)

Tensile
strength(MPa)

Concrete A

2400

0.2

25

16

1.2

Concrete B

2400

0.2

35

48

3.5

Rock

0

0.2

60

-

-

Water

1000

-

2.2

-

-
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Figure 9: Geometry of the analysed concrete monolith.

3.2 Example 1 - Finite element model
In this study the finite element software ABAQUS/Standard has been used for linear elastic
seismic analysis of dams (Simulia, 2012). The finite element meshes consist of 6300 × 8-node
linear brick (C3D8R) elements for rock, 1116 × 4-node shell (S4R) elements for the buttress
and front plate, 24528 × 8-node linear acoustic brick (AC3D8) elements for the reservoir and
312 × 4-node acoustic infinite (ACIN3D4) elements for the back end of the reservoir, see
Figure 10.
The elements size has been set to capture shortest wave length present in the analysis. For
this, there should be no fewer than 10 internodal intervals over the shortest wavelength λ, i.e.
c respectively. The highest frequency fmax is taken as the Nyquist frequency that for the
Swedish design earthquake is 100 Hz. Wave propagation velocities in the water and dam is
calculated from Eq. (3), and from:
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vs =

E
2 (1 + υ ) ρ

(17)

where E, υ and ρ are Young’s modulus, Poisson’s ratio and mass density of the dam,
respectively (Simulia, 2012 and USBR, 2006). According to these formulas, the maximum
allowable element size for the reservoir and buttress dam is 1.5 m, where for the FEM
modelling an internodal interval equal to 1.0 m has been selected.
The analyses have been performed in two steps; a static analysis due to the gravity load and
hydrostatic pressure from the water and a transient dynamic (implicit) analysis due to the
seismic load. The hydrostatic pressure is calculated as P=ρwgh where h is the depth from the
reservoir water surface. For static loading, the boundaries of the foundation are locked in the
direction normal to their surfaces. In the dynamic case these boundary conditions are replaced
by the acceleration-time histories. The time increment in the analyses is 0.005, the same as the
sampling time of the input time histories.

Figure 10: Finite element model of the concrete buttress dam.
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Material damping for concrete dams is usually in the range of 3 to 10%, often taken as 5% of
the critical damping (ICOLD, 2016). The damping of the water is usually assumed to be
0.5%. Here, this effect has been judged to be negligible and therefore not included in the
analyses (Malm et al., 2013). In a direct-integration dynamic analysis the Rayleigh damping
(Chopra, 2001) is used with the α and β coefficients for mass and stiffness proportional
damping, respectively. For calculating the Rayleigh coefficients, the choice of two natural
frequencies are needed. To have Rayleigh damping coefficient consistent with a given modal
damping, the first control frequency corresponds to a cumulative effective modal mass of 5%,
in the direction of the fastest increasing cumulative effective modal mass (Spears and Jensen,
2012). The second control frequency corresponds to 80% of the effective modal mass active
for all three directions (Rydell et al., 2014 and Hellgren, 2014), see Table 2. The Rayleigh
damping coefficients have been defined as a material property for the concrete, but also for
the rock. Since the rock has zero density, only the stiffness proportional part of the Rayleigh
damping β will be active in the latter case.

Table 2: Rayleigh damping coefficients used in the analyses.
α

β

First control
frequency (Hz)

Second control
frequency (Hz)

Empty reservoir - A

4.563

88.23

5.02866

0.00031639

Empty reservoir - B

5.400

104.30

5.94957

0.00026743

Full reservoir - A

4.542

84.24

4.90427

0.00032468

Full reservoir - B

5.370

96.12

5.69795

0.00027962

A = concrete type A

B = Concrete type B

3.3 Example 1- Dynamic properties
An eigenvalue analysis of the structure is performed for a total of 100 modes (corresponding
to 98% of the effective mass) to extract the natural frequencies and effective masses. The
cumulative effective modal mass of the dam with empty and full reservoir are shown in
Figures 11 and 12. As observed from these figures, significant parts of the mass are active for
frequencies higher than 10 Hz. Furthermore, the water reduces the structure’s natural
frequency, see Figure 13. Increasing Young’s modulus leads to an increase in frequency.
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Figure 11: Cumulative effective modal mass for buttress dam (concrete A) with a) empty
reservoir and b) full reservoir.
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Figure 12: Cumulative effective modal mass for buttress dam (concrete B) with a) empty
reservoir and b) full reservoir.
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Figure 13: First 10 natural frequencies for empty and full reservoir.

3.4 Example 1 - Seismic response
The seismic response of the buttress dam is here described by representation of maximum
tensile stresses in terms of maximum principal stress envelopes, so that for each element the
maximum of principal stresses during the time span of an earthquake is selected. Concrete
starts to crack when tensile stresses exceed its tensile strength. Therefore, to illustrate the
possible location of damage and cracking in the dam, the tensile stresses higher than the
strength is here shown with grey colour. According to Table 1, the tensile strengths for
concrete type A and B are 1.2 MPa and 3.5 MPa, respectively.
Figures 14 and 15 show maximum tensile stresses induced by an earthquake with a PGA of
0.073g for concrete A and concrete B, respectively. Figures 16 and 17 describe maximum
stresses from an earthquake with a PGA of 0.240g. These figures contain subfigures, a and b,
showing results for empty and full reservoirs, respectively.
As seen in Figure 14, the risk for damage with both full and empty reservoir in the front plate
and supporting buttress at the upstream side, close to the heel of the monolith is evident. For
the case with full reservoir shown in Figure 14b, the grey area at the front plate is larger than
for the empty reservoir, which can be due to the hydrostatic pressure of the reservoir. For the
supporting buttress, the grey part for the empty reservoir case is larger, and so also the area at
the top part of the buttress at the downstream side when compared to the full reservoir case.
For the model with concrete B subjected to a ground motion of PGA= 0.073g, a risk for
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damage is observed in the front plate with both empty and full reservoirs, with higher tensile
stress at the front plate in the case with full reservoir, see Figure 15. The tensile stress does
not exceed the tensile strength limit in the buttress part of the monolith for any of the cases,
but with the empty reservoir (Figure 15a), the maximum tensile stress at the upstream side is
higher than with the full reservoir (Figure 15b).
For the monolith with concrete A, with an empty reservoir and a ground motion of
PGA=0.240g, a risk for cracking is seen in the front plate and buttress at the upstream side
(close to the heel) of the monolith and also at the downstream side of the monolith, close to
the crest of the dam, see Figure 16a. When the reservoir is filled, the tensile stress in the
buttress is reduced but the risk for damage in the front plate is increased, see Figure 16b. For
the monolith with concrete B in Figure 17, the tensile stresses exceed the tensile strength of
the concrete at the upstream side of the monolith, close to the heel. The supporting buttress in
the case with empty reservoir show higher tensile stresses at the downstream side, compared
to in the case with full reservoir. In the latter case, the front plate has higher tensile stresses
compared to in the first case.
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(b)

(a)

Figure 14: Maximum principal stress envelopes induced by a Swedish design earthquake of
PGA=0.073g for a buttress dam (concrete A), with a) empty reservoir and b) full reservoir.

(a)

(b)

Figure 15: Maximum principal stress envelopes induced by a Swedish design earthquake of
PGA=0.073g for a buttress dam (concrete B), with a) empty reservoir and b) full reservoir.
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(a)

(b)

Figure 16: Maximum principal stress envelopes induced by a Swedish design earthquake of
PGA=0.24g for a buttress dam (concrete A), with a) empty reservoir and b) full reservoir.

(a)

(b)

Figure 17: Maximum principal stress envelopes induced by a Swedish design earthquake of
PGA=0.24g for a buttress dam (concrete B), with a) empty reservoir and b) full reservoir.
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4 Embankment dams
An embankment dam may be characterized as a dam, in which the bulk of the construction
consists of naturally occurring materials, e.g. soil, clay, sand, gravel, natural boulders or
quarried fragmented rock. Embankment dams may be subdivided into two major groups (1)
Earth-fill embankment dams; and (2) Rock-fill embankment dams. Earth-fill dams are
primarily constructed of compacted earth, either homogeneous or zoned, and should contain
more than 50% earth. Rock-fill dams contain more than 50% of compacted and dumped
permeable rock fill. The latter dams must have an impermeable core and depending on the
conditions of the conductivity in the foundation and there could also be a need for an
impermeable (water tight) upstream blanket or sometimes only a grout curtain (Bondarchuk,
2012). In Sweden, there are about 140 large dams (higher than 15 m), of which 80% are
embankment dam. The predominating choice of design is a central core embankment dam
constructed from a moraine material, usually glacial till (Hellström, 2009).

4.1 Example 2 - Typical earth-fill embankment dam
In this project, an earth-fill embankment dam of a type typical for Sweden, 33 m tall and
assumed rigidly connected to the rock foundation is studied, see Figure 18 (Rönnqvist, 2002).
The cross section of the dam consists of an impervious core from glacial till, a filter zone
from sand mixed with gravel and stone, and a support zone from gravel and stones with a
maximum size of 0.5 m. See Table 3 for the geotechnical parameters of these three zones.

Figure 18: Cross-section geometry of the analysed earth-fill embankment dam.
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Table 3: Geotechnical parameters used in the analyses. From Nilsson and Norstedt
(1991), Vattenfall (1988) and RIDAS (2011).
Core

Filter

Earth-support

Dry density (kg/m3)

1950

1800

1800

Gravity water content

0.08

0.20

0.16

82

120

150

- close to crest

100

130

110

- close to foundation

350

546

640

Friction angle

42

36

42

Poisson’s ratio

0.4

0.3

0.3

Void ratio

0.3

0.5

0.4

3.10-7

1.10-4

1.10-5

(K2)max

lb ft 2

Calculated shear
modulus (MPa)

Permeability (m/sec)

Shear modulus G for each of the embankment materials has been obtained from an empirical
equation proposed by Seed et al. (1986):

G = 1000 K 2 (σ 0 )

0.5

(18a)

with G and σ 0 in (lb/ft2) and K2 in lb ft 2 or

G = 218.82 K 2 (σ 0 )

0.5

with G and σ 0 in (kPa) and K2 in

(18b)

(

)

lb ft 2 , where K2 is the soil modulus coefficient which

depends on the void ratio (or relative density) and strain amplitude. The factor K2 has a
maximum value at very low strains of the order of 10-6. For sands, this value varies from
about 30 for loose sands to about 75 for dense sands. Values of (K2)max for relatively dense
gravels are generally in the range of about 80-180. Table 4 indicates possible estimations of
(K2)max based on void ratio. The factor σ 0 is effective confining pressure, which at any given
depth can be calculated as recommended by Das and Ramana (2011):

s0
=

sv
3

(3 − 2sin φ )

(19)

where σ v and φ are effective vertical stress and friction angle, respectively.
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At low strain amplitudes, the shear modulus has its high value but with increasing shear
strain, the shear modulus decreases. Depending on the shear strain level the behaviour of
dynamic soil properties is commonly divided into four groups. If the shear strain range is
below 10-5 (small strain range), the behaviour of most soils is elastic. Above this strain level,
soils typically start showing nonlinear elastic behaviour. At strains around 10−4, soils typically
start to behave plastically, with occurrence of cracks and other types of minor damage.
Failures are only recorded for strains over 10−2, see Figure 19.

Table 4: Estimation of (K2)max.
Void ratio (e)

0.4

0.5

0.6

0.7

0.8

0.9

(K2)max

70

60

51

44

39

34

Figure 19: Soil behaviour at different strain levels (Houbrechts et al., 2011).
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4.2 Example 2 - Finite element model
In this project, embankment dam materials are defined as having linear elastic behaviour.
Seismic analyses are performed with the finite element software ABAQUS/Standard
(Simulia, 2014). The embankment is discretized using 1712 quadratic triangular elements of
type CPE6M, but for analyses considering the pore water pressure effect in soil the elements
were of type CPE6MP. The finite element mesh used for the foundation and reservoir consist
of 3900 linear quadrilateral elements of type CPE4R and 1297 quadratic triangular elements
of type AC2D6, respectively, see Figure 20.
The elements size of the embankment dam has been set to capture the shortest wavelength
present in the analysis. For this, there should be no fewer than eight internodal intervals for
the shortest wavelength of λ, i.e. Lmax≤ λ/8 (Kuhlmeyer and Lysmer, 1973). The shortest
wavelength is calculated from λ=vs/fmax. Since the response acceleration of the Swedish
design earthquake in the frequency interval of 50-100 Hz is almost constant, the frequency of
50 Hz is considered as the highest frequency fmax. Wave propagation velocity in the soil is
calculated from vs = G ρ and for the embankment materials, the shear wave velocity will
vary from 269 m/s (close to the crest) to 590 m/s (close to the foundation). Therefore, the
maximum allowable nodal interval is assumed to vary from 1.5 m at the base to 0.67 m at the
crest.

Figure 20: Finite element modelling of the analysed embankment dam.

Material damping for embankments dams is usually in the range of 5 to 20% (ICOLD, 2016)
and in this project, a modal damping of 5% is assumed. The Rayleigh damping coefficients
are calculated for two control frequencies corresponding to cumulative effective modal
masses of 5% and 80%, see Table 5. The damping of water is not included, due to its small
effect. In order to prevent the reflection of seismic waves in the foundation, the massless
approach has been considered. Therefore, as also was the case for the previously studied
buttress dam, only the stiffness proportional part of the Rayleigh damping β will be active for
the rock.
To extract the natural frequencies and effective masses, an eigenvalue analysis of the structure
is performed for a total of 100 modes, which corresponds to 98% of the effective mass. The
cumulative effective modal mass of the dam with empty and full reservoir is shown in
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Figures 21a and 21b, respectively. As observed from this figure, significant parts of the mass
are active for frequencies lower than 10 Hz. Furthermore, the water will reduce the structure’s
natural frequency and analyses are therefore also here performed for the cases with empty and
full reservoir. With the empty reservoir, the static analysis is first performed, considering the
gravity load, followed by a transient dynamic (implicit) analysis including the seismic load.

Table 5: Rayleigh damping coefficients used in analyses.
First control
frequency (Hz)

Second control
frequency (Hz)

α

β

Empty reservoir

4.51

17.77

2.25063

0.00071207

Full reservoir

4.49

22.42

2.51843

0.00063389
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Figure 21: Cumulative effective modal mass for embankment dam, with a) empty reservoir
and b) full reservoir.

27

For the case with full reservoir, the analyses are of two types;
1) Considering hydrostatic and hydrodynamic loads of the reservoir, neglecting the effect of
seepage of water through the dam body
2) Considering the hydrostatic loads of the reservoir and seepage of water through the dam,
neglecting the hydrodynamic load of the reservoir.
For the latter analysis, a steady-state analysis with coupled pore fluid diffusion/stresses is
first performed to calculate pore pressure distribution in the dam body. The pore pressure is
used as input to calculate effective stress before and during the earthquake. The change of
pore water pressure during the earthquake is not studied.

4.3 Example 2 - Stresses from static loads
To describe the response of the embankment dam, the shear strain parameter has been used.
The reason is that the stiffness of the dam depends on shear strain, with loosening of the
material for increasing strains (see Figure 19). The calculated shear strains from analyses
prior to the application of the earthquake loads are shown in Figures 22-25.
Shear strains due to gravity load when the reservoir is empty, and gravity load and hydrostatic
pressure of the reservoir when the reservoir is full, are shown in Figures 22 and 23,
respectively. As seen, most parts of the dam display shear strains lower than 1×10-4.
Maximum shear strains for empty and full reservoir are 2.28×10-4 and 2.47×10-4, respectively.
Distribution of pore water pressure and the location of the phreatic surface due to seepage of
water through the embankment dam are shown in Figure 24. The phreatic surface is the
boundary between fully saturated and partially saturated soil and the points at this surface
have zero pore pressure. Figure 25 presents the shear strain induced by gravity load and
hydrostatic pressure of water, considering seepage pore pressure of water in the embankment
dam. As shown in this figure, most parts of the dam show shear strains lower than 1.98×10-4,
with a maximum shear strain of 5.41×10-4 observed at the dam crest.

Figure 22: Shear strain before application of earthquake, for empty reservoir.

28

Figure 23: Shear strain before application of earthquake, for full reservoir and neglecting
pore pressure due to seepage.

Figure 24: Pore pressure contours in the dam body.

Figure 25: Shear strain induced by seepage before application of earthquake, for full
reservoir.

4.4 Example 2 - Seismic response
Maximum shear strain envelopes induced by a Swedish design earthquake of PGA= 0.073g
with empty reservoir, full reservoir and considering the hydrodynamic effect of the reservoir,
and with full reservoir neglecting the hydrodynamic effect of the reservoir but including the
seepage pore water pressure are shown in Figures 26, 27 and 28, respectively. In Figure 26
(empty reservoir) the maximum shear strain is seen close to the crest of the dam and also at
the foundation, with magnitudes between 1.35×10-4 and 3.38×10-4. For the embankment dam
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with full reservoir and the hydrodynamic effect included, Figure 27 show that the maximum
shear strain occur at the upstream side of the dam and close to the crest with values between
1.02×10-4 and 2.92×10-4. The maximum shear strains for the model including the seepage
pore pressure are in the range of 1.45×10-4 to 5.41×10-4, at the crest and close to the
foundation at the upstream side of the embankment dam, see Figure 28.
Maximum shear strain envelopes induced by a ground motion with a PGA of 0.240g are
illustrated in Figures 29-31. For the case of empty reservoir, the maximum shear strains are
concentrated at the crest of the core and also close to the foundation with values between
2.92×10-4 and 1.25×10-3, see Figure 29. For the case with full reservoir and the hydrodynamic
effect included, Figure 30 show that the maximums are between 3.48×10-4 and 9.39×10-4.
The maximum shear strains for the model including seepage pore pressure are in the range of
4.19×10-4 to 9.42×10-4, at the top part of the core and close to the foundation at the
downstream side of the embankment dam, see Figure 31. The results are summarized and
compared in Table 6.

Figure 26: Maximum shear strain envelopes induced by a Swedish design earthquake of
PGA=0.073g, for empty embankment dam.

Figure 27: Maximum shear strain envelopes induced by a Swedish design earthquake of
PGA=0.073g, for full reservoir and including the hydrodynamic effect of the
reservoir.
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Figure 28: Maximum shear strain envelopes induced by a Swedish design earthquake of
PGA=0.073g, for full reservoir and including the seepage effect.

Figure 29: Maximum shear strain envelopes induced by a Swedish design earthquake of
PGA=0.240g, for empty reservoir.

Figure 30: Maximum shear strain envelopes induced by a Swedish design earthquake of
PGA=0.240g, for full reservoir and including the hydrodynamic effect of the
reservoir.
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Figure 31: Maximum shear strain envelopes induced by a Swedish design earthquake of
PGA=0.240g, for full reservoir and including the seepage effect.

Table 6: Summary of maximum shear strain induced by Swedish design earthquakes. Strain
levels are here given in micro strains (100 µε = 10−4 m/m).
PGA=0.073g

PGA=0.240g

Relative
increase

Figures

Empty reservoir

140–340 µε

290–1250 µε

2.1–3.7

26 and 29

Full reservoir,
hydrodynamic effects

100–290 µε

350–940 µε

3.2–3.5

27 and 30

Full reservoir,
hydrostatic effects,
seepage pore pressure

140–540 µε

420–940 µε

1.7–3.0

28 and 31
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5 Conclusions
In this project seismic analyses of a concrete buttress dam and of an embankment dam are
conducted using the FEM software ABAQUS. The linear dynamic analyses are performed for
an MDE earthquake with a return period of 10 000 years and with PGA chosen as 0.073g and
0.240g based on the Swedish design response spectrum and the Norwegian seismic zonation
map, respectively. In the following, the calculated behaviours of the concrete and
embankment dams are summarized.

5.1 Concrete dam behaviour
The seismic analyses of the concrete dam under different conditions indicated risk for damage
in the front plate of the monolith. For all cases considered, the tensile stresses in the
supporting buttress of the dam and with full reservoir was lower than in the empty case. This
can be due to the hydrodynamic effect from the reservoir that reduces the stress in the
supporting buttress. However, it should be remembered that an empty reservoir is a
hypothetical case. Normally, reservoirs are full and never emptied after first fill-up, except
perhaps in rare cases for some reservoirs high up in the river system. The hydrostatic effect of
water caused an increase in tensile stresses at the front plate. The risk for damage when
subjected to an earthquake of PGA= 0.240g was much greater than for an earthquake of
PGA=0.073g. A comparative study between the concrete types A and B, with compressive
strengths of 16 and 48 MPa, showed that the damage on concrete B was smaller than on
concrete A, the reason being that concrete B is stiffer than concrete A.

5.2 Embankment dam behaviour
The seismic analyses of the embankment dam showed that for most cases the maximum shear
strain appear close to the foundation, at the crest and at the top part of the core and filter. The
shear strain induced by a ground motion of PGA= 0.240g was higher than that from
PGA=0.073g. The shear strain of the former earthquake was in the range of 10-5 ̶ 10-3, while
the latter gave values between 10-5 and 5×10-4. According to Figure 19, the phenomena
associated with these shear strain intervals are cracks and differential settlements. The shear
strain in the model that includes the hydrodynamic effect was lower than for other models.
Furthermore, it was seen that seepage of water through the dam body increased the shear
strain in an embankment dam of the studied type with 20-40 %, or possibly more.
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5.3 Risks due to seismic loading
The seismic analyses of the concrete buttress dam indicated a risk for tensile cracking in the
front plate that may cause problems with water leakage. For the embankment dam, the
maximum shear strain occurred in the core and the filter that may cause cracks or gaps and
leakage of water. This can be a serious problem if there is a risk for inner erosion, or if this
have already occurred.
It can be concluded that for seismic events with a return period of 10 000 years there is a risk
for damages on Swedish concrete and embankment dams with a similar design as the ones
simulated in this project. It should be noted that some of the mapped Norwegian areas with a
risk for serious seismic events are approximately 100 km from some of the major Swedish
embankment dams, all with the highest consequence class in Sweden.
If a dam suffers minor damage due to an earthquake, without its structural integrity
threatened, there may still be a secondary risk for future dam failure or other serious event.
Permanent deformations and displacement due to the impact from an earthquake may lead to
serviceability failures, such as locking of floodgates and dysfunction of other components
vital to avoid flooding of the dam. There may also serious damage at connections between
dam components of different types, e.g. concrete and embankment dam sections, due to
different response of these sections to the earthquake vibrations. Such important secondary
failure scenarios should be identified and studied in detail, as a complement to the topics for
further research outlined in the following.

5.4 Further research
In this project, one monolith of a concrete buttress dam was studied. For further studies, it is
recommended that the model include several monoliths and also the spillway gate. It is of
interest to further investigate the crack propagation in buttress dams, and other concrete dam
types, by accounting for nonlinear material behaviour of the concrete. The analyses were here
performed on the assumption that the dams are rigidly connected to the rock foundation and
for future studies it is recommended that the contact between the dam and the rock foundation
is modelled more explicitly. There is a need for modelling and investigating how typical
defects in concrete and embankment dams affect the behaviour under a seismic loading.
Nonlinear material properties for soil are recommended for further investigations of the risk
for permanent deformations in the embankment dam. In this project the pore pressure effect
was accounted for by using the elements available in the ABAQUS element library. The
modelling of water seepage through the embankment dam before an earthquake occurred was
successfully performed, but with ABAQUS the excess pore pressure during an earthquake
could not be calculated. Furthermore, the stress-strain results were sensitive to the unit weight
of water that has to be defined for the permeability property of the pore pressure elements.
For future studies it is recommended to use a software such as QUAKE/W, suitable for
dynamic analysis of earth structures subjected to earthquake shaking, which also determine
the motion and excess of vibration-induced pore-water pressures, see GEO-SLOPE (2014).
Further studies can thereafter be done using ABAQUS to find solutions through seismic
analyses of the embankment dams, also accounting for the pore water pressure effect.
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There is a need to base calculations for earth-fill embankment dams on more detailed
geotechnical data that when applicable and important also accounts for changing soil
properties due to the dynamic events, which e.g. can lead to phenomenon such as liquefaction,
which drastically can increase the risk for dam failure. Finally, it is here recommended that
systematic mapping of Swedish seismic areas should be conducted.
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