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Summary 

SUMMARY 

Previous investigations of Swedish and international dams have shown difficulties 
to assess the safety against failure in rock foundations. The problem was also 
given additional interest in connection to the recent construction of the new 
bridge at Traneberg in Stockholm. This project was created in order to increase 
the knowledge in the subject of stability analysis of large structures founded on 
rock, and how they should be performed in order to describe the safety in a 
reliable way. 
 
This thesis covers the first half of this project. The objectives of the thesis were to 
describe the knowledge and current state of practice in the subject with a literature 
study, and with a case study of the arch dam at Krokströmmen show the problems 
for stability analyses where foundation and structure interact. The objective was 
also to produce a foundation for future work. 
 
At Krokströmmen arch dam, previous three dimensional finite element analyses 
have been performed (Johansson and Palmgren 1996). In these analyses, the 
stiffness of the foundation was not considered. Based on the results from these 
analyses, stability was analytically analyzed for each monolith by Stille et al. 
(2002). The results indicated low factors of safety for the central monoliths. As a 
consequence, a reinforcement slab was constructed to increase stability. 
 
In order to show how varying stiffness and non-linear resistance of the foundation 
affects stability, a quasi three dimensional finite element analyses were carried 
out. In these analyses, five of the central monoliths were first analyzed separately. 
Thereafter, the reaction forces were adjusted to fit the results from the analyses by 
Johansson and Palmgren (1996). The monoliths were thereafter coupled together 
with assumptions of equal deformations and constant total reaction forces for the 
five monoliths. Through an iterative procedure, constant deformation and new 
redistributed reaction forces were obtained. These forces were used to discuss the 
stability for one of the monoliths in detail.  
 
This thesis shows that the problem is more complex than described in the Swedish 
dam safety guidelines, RIDAS (Svensk Energi 2002), and the Swedish bridge 
design code, BRO 2004 (Vägverket 2004). An accurate analysis of the stability in 
a rock foundation under large structures demands a more refined approach, which 
considers the specific features associated with rock mechanical problems. The 
case study showed that the interaction between foundation and structure can be 
considerable; deformations and reaction forces acting on the foundation were 
redistributed when the stiffness of the foundation was considered. Furthermore, 
the resistance is a function of deformation. These aspects are necessary 
considering if stability should be determined with high confidence.  
 
An additional question which was identified and brought up for discussion was 
the possibility of time-dependent deformation in the foundation at Krokströmmen 
due to creep and cyclic loading, which in turn can affect the long term stability.  
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Symbols and notations 

SYMBOLS AND NOTATIONS 

 
Commonly used symbols and notations are presented below if not otherwise 
stated in the text. Others are defined as they first appear. 

Roman letters 
 
A area [m2]  
a aperture [m]  
B bearing capacity [N]  
b bearing capacity [Pa]  
c cohesion [Pa]  
cc spacing [m]  
D stiffness matrix  
E modulus of elasticity [Pa]  
E´ long term modulus of elasticity [Pa]  
F reaction force [N]  
f yield criterion  
FS factor of safety  
g acceleration of gravity [ms-2]   
H horizontal load [N] or hardening modulus [Pa]  
h height [m]  
I hydraulic gradient [m]  
i angle of asperity of discontinuity [o]  
K shear stiffness [Pa] or coefficient of stress   
k permeability [ms-1] or spring stiffness [N/m]  
L length [m]  
N bearing capacity factor  
P thrust (Active) [N] or resistance (Passive) [N]  
p pressure [Pa] or probability  
Q flow [m3s-1]  
q plastic potential  
R resistance [N]  
r radius [m]  
S load [N]  
s load [Nm-2]  
T temperature [oC]  
t thickness [m]  
U uplift force [N]  
u pore pressure [Pa]  
V vertical load [N]  
V´ effective vertical load [N]  
W weight [N]  
W´ effective weight [N]  
w width [m]  
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Greek letters 
 
α coefficient of heat expansion or angle as defined in text  
β safety index or angle as defined in text  
γ partial factor or unit weight [Nm-3]  
δ deformation [mm]  
δo maximum closure of discontinuity [mm]  
κ hardening parameter  
λ plastic multiplier   
μ coefficient of friction  
ν poisson’s ratio  
ρ density [kgm-3]  
σ stress [Pa]  
σ´ effective stress [Pa]  
τ shear stress [Pa]  
υ viscosity [Pas]  
ψ dilatation angle [o]  
φ friction angle [o]  

 

Index 
 

1 major (principal)  
3 minor (principal)  
act active  
all allowable  
arch horizontal arch of dam  
b basic (angle)  
c compression (strength)  
cc creep  
ci compression (strength of) intact (rock)  
con concrete  
d design (value)  
dam dam wedge  
dis discontinuity  
e elastic  
ep elasto-plastic  
f failure  
h horizontal  
i intact (rock)  
inst instantaneous  
int interface between foundation and structure  
m rock mass  
max maximum  
min minimum  
n normal  
p plastic  
par parallel  

 x 



Symbols and notations 

pas passive  
rad radial  
res residual  
t tension  
tan tangential  
tot total  
z vertical  
u uplift  
ult ultimate  
v volume  
w water  
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1 INTRODUCTION 

1.1 Background 
 
In Sweden there exist about 10 000 dams of varying size and age, 1 000 of them 
are related to hydropower. Of these, about 200 are high dams, i.e. with a height 
exceeding 15 m. Most of the hydro power dams were built during the 1950’s, 60’s 
and 70’s (Cederström 1995). Several of them are concrete structures founded on 
rock. During this period, the knowledge about rock mechanics was on a lower 
level than today. In order to evaluate the safety, experience from similar types of 
structures were used together with relatively simple stability criteria. During the 
last decades, significant progresses have been made in the field of rock 
mechanics, and the knowledge about failure modes in the rock mass has 
increased. 
 

 
Figure 1.1 Spillway of the concrete dam at Pengfors hydroelectric power station, one of many in 
Sweden (Photo: SWECO VBB). 
 
Despite these progresses, there still exist significant difficulties to evaluate the 
safety against failure for a loaded rock mass. Safety evaluations of existing dams 
(SEED) in Sweden and other countries in the past years have showed problems to 
calculate or form an opinion of the safety in a reliable way, mainly due to 
insufficient knowledge about the strength of the rock mass. 
 
At the same time, international experiences have shown that failure in the 
foundation is a main source to the failure of concrete dams. A study preformed by 
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ICOLD (1995) showed that foundation problems due to internal erosion and 
insufficient shear strength of the foundation are the most common causes of 
failure, each accounting for 21%. One example is the failure of the Malpassset 
arch dam in France 1959, where sliding failure occurred for a rock wedge in the 
foundation due to high uplift forces. The failure caused a 50 m high wave, which 
killed over 400 people (Bellier 1976).  
 
The problem with stability of large structures founded on rock was further given 
topical interest in connection to the construction of the new bridge at Traneberg in 
Stockholm, which was finished in august 2005. During the construction, 
measurements showed that one of the bridge abutments exhibited a larger 
deformation than anticipated, and the stability of the bridge was brought up for 
discussion. 
 
 

 
Figure 1.2 Construction of the new span of the bridge at Traneberg (Photo: Jan Salomonson) 
 
With the large amount of concrete dams of varying age that exist in Sweden, 
together with other types of large structures founded on rock, it is important for 
society to be able to evaluate the safety against failure in the foundation for these 
types of structures. Especially with respect to the possible consequences if failure 
occurs. 
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1.2 Objectives 
 
The overall objective with this project is to study how stability analyses for large 
structures founded on rock should be performed in order to describe the safety 
against failure in a reliable way. This thesis, which constitute the first half of this 
project, aim at: 
 

− With a literature study describe the knowledge and current state of 
practice in the subject, and to identify features necessary to consider. 

 
− With a case study of the arch dam at Krokströmmen show the problems 

for stability analyses where the foundation and overlying structure 
interact. 

 
− Produce a foundation for the future work in the project. 

 

1.3 Disposition of the thesis 
 
In order to get an overview of the thesis, a short description of the contents in 
each chapter is given. 
 
The thesis starts with the literature study in chapter two. At first, some 
fundamental principles of stability analysis are looked upon. After that, different 
types of rock mass material models are studied, and different techniques to 
determine their parameters are described. These sections are followed by a 
description of calculation techniques for different types of failure modes. The 
study continues with a description of the concept with active design. In the end of 
the study, laws, regulatory rules, and guidelines in the subject are studied. Finally, 
conclusions of the literature study are presented. 
 
In chapter three, the case study of the arch dam at Krokströmmen is performed. 
Previous and current measurements are analyzed, and an analytical model is 
developed to study possible behaviour and magnitudes of horizontal deformations 
in the foundation. In addition to this, two dimensional finite element analyses are 
carried out. The purpose with these analyses is to study how reaction forces on the 
foundation are redistributed when the foundation stiffness is considered. Based on 
the results from them, a discussion is held where the problems with interaction 
between arch dam and foundation is illustrated from a stability analysis point of 
view. 
 
The general conclusions of this thesis, based on the conclusions of the literature 
study and the case study, are presented in chapter four. 
 
In chapter five, suggestions for future work and development of the project are 
presented. 
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1.4 Extent and limitations 
 
This thesis regards large structures founded on a rock, such as concrete dams and 
bridge abutments. As a consequence, empirical or prescriptive measures for small 
spread footings etc. will not be studied. It concerns failure modes in the rock mass 
which causes failure or collapse of the structure. No failure modes in the 
overlying structure are considered. 
 
The study is focused on Swedish conditions; a fractured rock mass with the 
presence of horizontal discontinuities in combination with vertical or sub vertical 
sets of discontinuities. No attention has been given to seismic loading.  
 
In stability analyses, it is common with a varying degree of accuracy depending 
on the stage of the analyses. Which types of analyses that should be used at the 
different stages, and the degree of confidence needed for these stages, will not be 
given any further interest, nor available in-situ investigations or techniques for 
rock mass characterization. 
 
Furthermore, the project only considers shallow foundations, which means that it 
only regards foundations whose width is greater to or equal than the vertical 
distance between the surface and the base of the foundation.  
 
Parallel to this project, another similar project is going on at the department by the 
doctoral student Mr Jan Salomonson. It also considers large structures founded on 
rock, but is focused on the design in the serviceability state. With this division of 
the design of large structures founded on rock between the projects, a 
comprehensive covering of the subject is achieved. 
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2 LITERATURE STUDY 

2.1 Introduction 
 
The aim with this literature study is to evaluate the present state of knowledge for 
stability analyses of large structures founded on rock, and the features necessary 
to consider. In order to obtain this, it is necessary to look at most of the 
components in the process of stability analyses for foundations on rock. In short, 
the process can be described according to figure 2.1. 
 

Develop geotechnical
model of the site

Identify possible modes
of failure and choose
rock mass material
models with their

design parameters

Calculations
-analytical
-numerical

Comparison between
 Calculated "safety" vs. Acceptance requirements

ResistanceLoad

Verification
and follow-up
of predictions

correct?

Acceptable?

(Deformation)

Yes=OK

No requires
measures, or
investigations

and/or
calculations

with improved
accuracy

Yes

No

 
 
Figure 2.1 Main components in stability analyses for foundation on rock 
 
The calculated or expressed safety is in general determined from knowledge about 
the load and the resistance. The process to get it starts with the development of 
the geological model. This model is mainly developed from the results of site 
investigations. However, which investigations those are necessary, or how it 
should be developed, will not be investigated in this study. From the geological 
model, possible failure modes are identified. Different modes of failure can be 
possible, and it is necessary to analyze them all to find the weakest link. A 
material model of the rock mass is chosen which can model the characteristics 
necessary for the analysis. For large structures, or for rock masses of complex 
nature, several types of models may be necessary for different parts of the 
foundation. Inputs to these models are a number of rock mechanical parameters, 
which can be determined through in-situ or laboratory test. Another common 
technique in order to estimate the parameters is to use empirical correlations to 
rock mass classification methods, since laboratory and especially in-situ test are 
expensive and time consuming.  
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The geometry of the structure and the geological model, together with assumed 
failure mode and chosen rock mass material model are the most important 
components to perform the analyses. A simplified model is created by these 
components, and the load together with resistance is calculated. Two main types 
of calculation methods exist; the analytical methods; and the numerical methods. 
In addition to those, empirical methods can be used. However, this last method is 
primarily used for smaller foundations, and will not be further studied.  
 
Design in rock masses is often associated with uncertainties. It is therefore 
important to verify the expected behaviour with measurements, and take required 
measures if necessary. This concept of “active design” is an important component 
of the analyses.  
 
Usually, for the assessment of existing structures, stability is first calculated 
relatively roughly. An increased accuracy in the calculations is added if they 
indicate a low safety. If stability remains insufficient after this, measures have to 
be undertaken. For new structures, the principle is the same, with rough methods 
in the preliminary design, and more refined calculations and investigations in the 
detail design. This varying degree of accuracy which is common in stability 
analyses will not be discussed further in this study.  
 
In the following subchapters, the components above are described in further 
detail, except from the limitations described. The study starts with looking at the 
fundamental principles. It looks at questions such as; which fundamental 
assumptions are the analyses based upon; how is safety expressed; and what the 
acceptance requirements are based upon. After that, components such as rock 
mass material models and their design parameters, together with calculation 
methods, are investigated. In addition to this, laws, regulatory rules, and 
guidelines on the subject, in Sweden and other countries, are studied. Finally, 
summary and conclusions of the performed study are presented. 
 

2.2 Fundamental principles of stability analyses 

2.2.1 Introduction 
 
In general, stability analyses is based on the assumption that load and resistance is 
separated and independent of deformation. The principle is that the resistance or 
capacity, R, for the structural component considered should be equal to or greater 
than the applied load, S. The criterion is given by equation 2.1. 
 

SR ≥           (2.1) 
 
This assumption is only an approximation. In reality, the load to some extent can 
be related to the deformation. Under certain conditions, this dependent is more 
pronounced. For example, it can happen when the stiffness of the rock foundation 
to a high degree is varying. At these occasions it is important to remember this 
limitation, and also to study the general behaviour of this dependence. 
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All stability analyses are associated with certain amounts of uncertainty. 
Regarding rock masses, the uncertainty is larger than for manufactured materials, 
such as steel and concrete. They have been formed under millions of years and 
have a natural spatial variation of its properties. In addition to this, the 
information is always limited. It is hidden in the rock mass, revealing its 
properties cost time and money. Stability analyses are therefore to a large extent a 
question of finding the right balance between the load, the resistance, the 
uncertainties, and also the consequences of a failure. 
 
To find this balance, two components are in general used. The first is an 
expression for the calculated safety. The calculated safety can be expressed in 
several different ways. The ones most frequently used are: 
 

• A total factor of safety 
• A probability of failure 
• Limit states with partial factors of safety 

 
The second component is the acceptance requirement. It determines which 
magnitude the calculated safety should have for an acceptable risk. 
 

2.2.2 Total factor of safety  
 
By far, the most common way to express safety for foundations on rock is with 
the factor of safety. The factor of safety FS is obtained by dividing the resistance 
with the load according to equation 2.2.  
 

S
RFS =          (2.2) 

 
The values of R and S are expressed as deterministic values. This method of 
expressing safety, both have advantages and disadvantages.  
 
One shortcoming with the factor of safety is that load and resistance depend on a 
number of parameters. These parameters in reality can exist in wide ranges, i.e. 
probability distributions. Examples of such distributions are shown in figure 2.2. 
This means that for a given value of the resistance and the load, having the same 
factor of safety, different probabilities of failure can exist (Green 1989). Case b in 
figure 2.2 illustrates a condition which is common for foundations on rock; good 
control of the load and poor control of the resistance. This illustrates the 
possibility to calculate an acceptable factor of safety but still have an 
unacceptable high risk of failure if these distributions are not considered. 
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Figure 2.2. Possible load and resistance distributions (From Becker 1996 after Green 1989): (a) 
very good control of R and S; (b) mixed control of R and S; (c) poor control of R and S  
 
ICOLD (1993) describes with a striking example, see figure 2.3, how scatter 
range and number of tests can change the probability of failure in a ratio of 
100 000 with the same factor of safety. 
 

 
Figure 2.3 (A) Factor of safety FS=1.5 Scatter V=0.2; (B) Factor of safety FS=1.5 10 tests; (1) 
Probability of failure; (2) Number of tests; (3) Scatter V, defined as the standard deviation divided 
with the mean value (From ICOLD 1993). 
 
Another shortcoming or disadvantage described by Becker (1996) is that the 
factor of safety does not distinguish between the sources of uncertainties, such as 
parameter uncertainty, model uncertainty or system uncertainty. Instead, all 
uncertainties are lumped into a single value. He is also of the opinion that it is not 
possible to exactly define safety with a single number due to the uncertainties. 
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The factor of safety and other ways of expressing safety are only relative and not 
absolute; the main task for them is to function as an aid or tool for managing 
safety. 
 
However, its simplicity is also its strength. In the early era of stability analyses, it 
was an easy method to calculate safety. The lack of accuracy was compensated 
with experience. With time, empirical acceptance requirements were developed 
that successfully considered most of the uncertainties in the analyses. Today, the 
same method is still used even though the techniques to determine load and 
resistance have been refined. We still know very little of the exact safety against 
failure, and base our analyses on these partly empirical acceptance requirements. 
 

2.2.3 Probability of failure 
 
The spatial variation of rock mass properties and the awareness of the 
shortcomings with the factor of safety have lead to an increasing trend towards 
probabilistic or reliability based methods in rock engineering. With these 
methods, the probability of failure can be expressed as (Melchers 1999): 
 

[ ]0≤−= SRpp f         (2.3) 
 
Where, R and S are described by a known probability density function. It can also 
be expressed according to equation 2.4. 
 

[ ]0≤= Mpp f         (2.4) 
 
Where, M is the “limit state function”. It defines the limit between the “safe” and 
the “unsafe” region. The probability of limit state violation is equal to the 
probability of failure. In general, the problem can not be expressed with R and S 
as two basic variables. The problem is more complex than that, and a number of 
basic variables are needed. If the vector X represents all variables in the problem, 
the limit state function can be expressed as M(X). The probability of failure can 
then be expressed according to equation 2.5. 
 

[ ] ∫ ∫
≤

=≤=
0)(

)(...0)(
XM

xf dxxfXMpp       (2.5) 

 
The integrand above can be solved with three different methods (Melchers 1999): 
 

1. Direct integration which only is possible in some special cases. 
2. Numerical integration, such as the Monte Carlo technique. 
3. Obviating the integrand through a transformation into a multi-normal joint 

probability density function and instead solve it analytically. 
 
For an account of these methods, see Melchers (1999) among others. 
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With failure probability it exist a theoretical possibility to express the probability 
of failure. The method has several potential advantages. Four of them are 
described by Becker (1996). He means that it has the potential advantages of 
being more realistic, rational, consistent and widely applicable. He is also of the 
opinion that the most important disadvantage with it is that without proper 
information and data, these advantages can not be realized in practical design 
situations. Another disadvantage is pointed out in ICOLD (1993); it means that 
failure probability is too speculative to offer any practical solution to the 
engineer’s problem. For example, it is a major difficulty to estimate uncertainty in 
numerical terms. 
 
It should also be kept in mind that this technique assumes independence between 
the basic variables. Also, correlation structures in the rock mass can exist, which 
results in autocorrelation of the basic variables, i.e. a reduction of its variance. For 
geotechnical problems, Olsson (1986) means that neglecting the autocorrelation 
results in to strong structures without any direct apprehension of the magnitude of 
the underestimation of the soils resistance. If autocorrelation exists in the rock 
mass, the same statement is valid for rock masses. Furthermore, the analyses are 
in general performed with the assumption that the mechanical system consist of 
one component. An incorrect assumption if autocorrelation exists. All of these 
factors have a significant effect on the probability of failure, and must be 
considered in a correct manner if the probability of failure should be determined 
accurately. 
 

2.2.4 Limit states analyses with partial factors of safety 
 
The principle behind limit states design is to factor the parameters for load and 
capacity with partial coefficients according to equation 2.6 to obtain an adequate 
level of safety for the limit state considered.  
 

)(*)(
,

,

iSiR
iS

iR

γ
γ

≥         (2.6) 

 
Where R(i) and S(i) are resistance and load determined from variable i. γR,i and γS,i 
are the partial factors for resistance and load respectively for variable i. 
 
Usually, two types of limit states are analysed in the design; the ultimate limit 
state (ULS); and the serviceability limit state (SLS). The ULS is related to failure 
or collapse of the structure. According to BKR (2003), load bearing structures in 
the ULS should be designed so the safety against failure in the material, and 
against instability such as buckling and tilting etc., are adequate during the 
construction of the structure, its lifetime, and in the event of fire. An advice in 
BKR is also that deformations in the foundation can give rise to failure or 
instability. Furthermore, the structure should be designed with an adequate safety 
against overturning, uplift, and sliding. The structure should also be designed in 
such a way that the risk against progressive failure is insignificant. The SLS is 
related to normal use and function. BKR (2003) states that the structure in SLS 
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should be designed so that deformation, cracking and vibration do not have an 
injurious effect on its function or harm other parts of the structure. For stability 
analyses, only the ULS is normally considered. 
 
Limit states analyses with partial factors is usually referred to as a level 1 method 
of reliability analysis (Melchers 1999). The reason for this is that the partial 
factors can be determined with higher orders of reliability methods, such as the 
first order second moment reliability method (FORM), described by Thoft-
Christensen and Baker (1982). This method uses the mean value and the variance 
of the variables to determine the probability of failure. With this method, the 
partial factor, γi, can be determined according to equation 2.7. 
 

iii

i
i

x
σβαμ

γ
⋅⋅+

= ,k         (2.7) 

 
Where xk,i is the characteristic value of variable i, μi is the mean of variable i,,αi is 
the sensitivity factor of variable i, and σi is the standard deviation of variable i. β 
is the safety index, where each value on β correspond to a certain probability of 
failure. For example, BKR (2003) states that the safety index should be; ≥3.7 for 
safety class 1; ≥4.3 for safety class 2; and ≥4.8 for safety class 3. These values 
correspond to a probability of failure of; 10-4 for safety class 1; 10-5 for safety 
class 2; and 10-6 for safety class 3. The problem of having different probability 
distributions of the basic variables, but the same safety index was solved by 
Hasofer and Lind (1974). 
 
The most important advantage with partial factors is that it leads to factors which 
reflect the uncertainty they embody (ICOLD 1993). However, even if limit state 
analyses with partial factors account for different sources of uncertainty, the use 
of them does not mean that the design automatically is acceptable. Limit state 
analyses with partial factors lack an objective quantitative assessment on the 
impact of the approximations inherent in the mechanical model, and also from 
human factors. It is therefore, according to ICOLD (1993), the overall factor of 
safety concept is still in use. Also, which Mortensen (1983) points out, for less 
conventional constructions full consideration must be given to the effect of the 
partial coefficient system in every single case, and to establish more or less fixed 
partial factors would appear to be an attempt to kill judgements. 
 
For large structures, such as concrete gravity dams, each structure and foundation 
is unique. This means that partial factors would have to be calculated for each 
structure. It is therefore questionable, as Mortensen discuss, if analyses with fixed 
partial factors are suitable for these types of structures.  
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2.2.5 Acceptance requirements 
 
When the calculated safety has been determined, it must be decided whether it is 
acceptable or not. In order to provide an aid for this decision, acceptance 
requirements or acceptance criterion exist. They are associated with the 
acceptable risk of the structure. Risk is usually defined as the product of 
probability and consequence. In general, this means that three components are 
necessary to make a correct decision in stability analyses; an acceptable risk; the 
probability of failure; and the consequences if failure occurs.  
 
Two methods are described by Melchers (1999), by which acceptance 
requirements can be founded on. The first method is to compare the calculated 
probability of failure with other risks in society, and by doing so infer acceptable 
risk for structures from these risks. In figure 2.4, some risks associated with 
engineering projects in the society are presented. 
 

 
Figure 2.4 Risks associated with some engineering projects (From Wyllie 1999 after Whitman 
1984). 
 
The other is a socio-economic one, where a cost-benefit-risk analysis is used to 
assess the acceptable or most socio-economic probability of failure. This 
requirement is given by equation 2.8. 
 

)max()max( FfMINSCQAIT CpCCCCCBCB −−−−−−=−   (2.8) 
 
Where B is the total benefit of the project, CT is the total cost of the project, CI is 
the initial cost of project, CQA is the cost of quality assurance measures, CC is the 
cost of corrective actions in response to quality assurance measures, CINS is the 
cost of insurance, CM is the cost of maintenance, pf is the probability of failure for 
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the project, CF is the cost associated with failure. The principle is illustrated in 
figure 2.5. 
 

 
Figure 2.5 (a) Component costs and (b) total costs as a function of pf  (After Melchers 1999). 
 
If a high safety is necessary due to severe consequences, the probability of failure 
must be small. Dams are an example of such types of structures, which falls into 
this category. This also means that the uncertainties in the stability analyses 
should be kept low. However, stability analyses of foundations on rock usually 
are associated with a substantial amount of uncertainty. The uncertainties in 
reliability assessment can be divided into the following components (Melchers 
1999); phenomenological; decision; modelling; prediction; physical; statistical; 
and human factors. Many of these uncertainties are difficult to consider when the 
calculated safety is determined. Human factors such as gross error or intervention 
are hard to estimate. Also, in most of the cases, the statistical uncertainty is large 
due to a limited number of tests. Furthermore, if new types of construction 
techniques are used, the phenomenological uncertainty may be large. Several of 
these are omitted or only approximated. As a consequence, the calculated safety 
becomes a nominal one. The exact safety is probably not possible to determine in 
the stability analyses. At best, it can be estimated. Therefore, the acceptance 
requirements to a large extent are based on earlier experience and nominal safety 
of the same type of structures. 
 
Mortensen (1983) means that factors of safety in geotechnical and foundation 
engineering to some extent are correction factors, and that the best way of 
determining acceptance requirements is by a combination of experience and back 
analysis of successful foundation constructions. An acceptance requirement only 
based on theoretical considerations implies a risk of losing extensive practical 
experience. He also means that, at least under Danish conditions, all foundation 
failures are a consequence of not considering the correct failure mode in the 
analysis. An increase in safety in these cases cannot be achieved by minor 
adjustment of the factors of safety, but must instead be achieved by more detailed 
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geotechnical investigations, carrying out geotechnical calculations taking into 
account the critical factors, and by performing thorough control studies, 
measurements, and observations. 
 

2.3 Rock mass material models  

2.3.1 Introduction 
 
In order to perform a stability analysis of the foundation system, it is necessary to 
model the rock mass behaviour correct. A rock mass consist of intact rock 
intersected by discontinuities. The strength of intact rock is higher than for the 
discontinuities. As a result, the strength and behaviour of rock masses is highly 
influenced of the characteristics of the discontinuities included in it. Which failure 
modes that are possible, and how the rock mass should be considered mainly 
depends on the number of discontinuities and the scale of the problem, as 
described by Hoek and Brown (1980) and Edelbro (2004) among others. These 
effects are further illustrated in figure 2.6 and 2.7 below. 
 

Continuum ContinuumDiscontinuum

Increasing
number of

discontinuities

 
Figure 2.6 Illustration of the effect on how the rock mass can be considered with increasing 
number of discontinuities.  
 
If the rock is intact or intersected by many discontinuities, it can be considered as 
a continuum material. However, when only one or two sets of discontinuities are 
present the rock mass must be considered as a discontinuum material. 
 

Continuum ContinuumDiscontinuum

Increasing
scale, consant

number of
discontinuities

 
Figure 2.7 Illustration of the effect from scale when the numbers of discontinuities are constant. 
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When the distances between the discontinuities are long in relation to the scale of 
the structure, the rock mass can be considered as intact rock and be modelled as a 
continuum. In addition to this, when the distances are short in relation to the 
structure, the rock mass can be considered as heavily fractured and also be 
modelled as a continuum. However, at some intermediate scale, the rock mass is 
considered as a discontinuum material. 
 
The difference between these ways of looking at the rock mass is fundamental for 
how it should be modelled. The continuum material is usually modelled as an 
isotropic or anisotropic material with the theory of elasticity or elasto-plasticity. 
For discontinuum material on the other hand, the strength and deformation 
characteristics of the rock mass are mainly governed by the mechanical properties 
of the discontinuities. Deformations occur by movements of rigid bodies, 
involving large displacements, rotations, and translations. 
 
To model the behaviour of continuum and discontinuum rock materials, some 
ingredients are necessary; such as constitutive relations between stresses and 
strains; a failure criterion which defines at which stress levels failure occurs; and 
also input values for the parameters which are included in them. Later on in this 
chapter, these parts are presented in more detail. However, before this is done, 
some general definitions regarding stress-strain response are described.  
 

2.3.2 General definitions regarding stress-strain response 
 
In general, the behaviour of the stress-strain response under axial loading of a 
material can be divided into the three main groups. These three are depicted in 
figure 2.8. 
 
σ

ε

Strain softening Strain hardening

elastic-perfectly plastic

 
Figure 2.8 Three main groups of stress-strain response under axial loading; strain-softening; 
strain hardening; and elastic-perfectly plastic material. 
 
Strain-hardening imply that the material in the plastic state exhibit an increased 
resistance for increased strain. Strain-softening imply on the other hand that the 
material in the plastic state exhibit a decreased resistance under increased strain. 
A material which exhibit continuous strain at a certain level of stress is called an 
elastic-perfectly plastic material.  
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Rock masses can exhibit different stress-strain behaviours. Rock masses of poor 
quality, where the failure occur through crushing, sliding, and rotation of small 
pieces of intact rock can sustain permanent deformation without losing it ability 
to resist load. Such behaviour is called ductile. Rock masses of good quality on 
the other hand do not have this ability. The failure partly occurs through intact 
rock, its ability to resist load decrease rapidly with increasing deformation. The 
rock mass is said to be brittle. The principles of brittle and ductile behaviour are 
presented in figure 2.9. 
 
σ

ε

σ

ε
a) b)  

Figure 2.9 Illustration of a) Brittle behaviour, and b) Ductile behaviour. 
 
Hoek and Brown (1997) suggest three groups of stress-strain response for rock 
masses, related to the quality of the rock mass. These three are; elastic-brittle for 
rock masses with very good quality (Geological strength index, GSI about 75); 
strain softening for average quality rock masses (GSI about 50); elastic-perfectly 
plastic for poor quality rock masses (GSI about 30). The principal stress-strain 
behaviour of these is presented in figure 2.10. 
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ε
a)

σ

ε
b)

σ
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Figure 2.10 Three groups of stress-strain response for rock masses; elastic-brittle; strain 
softening; and elastic-perfectly plastic (After Hoek and Brown 1997). 
 
This behaviour of rock masses with brittle or strain softening behaviour enables 
the possibility of a progressive failure. Progressive failure means that the resisting 
stress at an element decrease with increased strain after peak strength. This results 
in a new distribution of the stresses to the neighbouring elements which in turns 
also fail. The process continues progressively until the whole slip surface has 
failed or reached a new equilibrium. Due to the nature of this type of failure, it 
occurs rapidly.  
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2.3.3 Failure criteria 
 
At which stress levels failure occur is defined with a failure criterion. For 
continuum materials in foundations, the failure mechanism is shear failure. This 
mechanism creates a shear zone, with an angle, α, to the principal stress direction. 
This angle depends on the relation between major and minor principal stresses. 
The development of the shear zone occurs since propagation of cracks in the 
major principal stress direction is prevented by the confining stress. 
 
For discontinuum materials, shear failure occurs along discontinuities or through 
intact rock. As a consequence, failure criteria valid for discontinuities are 
necessary in order to model the complex behaviour of a discontinuum rock 
masses.  
 
Over the years, many different criteria have been proposed for intact rock, rock 
masses, and discontinuities. A description of the most significant is made by 
Sheorey (1997) and Edelbro (2003) among others. Here, three of the most 
common ones used in rock mechanics will be described; the Mohr-Coulomb 
criterion applicable for intact rock, fractured rock masses, and discontinuities; the 
Hoek-Brown (1980) failure criterion applicable for intact rock and fractured rock 
masses; and Barton’s (1973) criterion for estimating the shear strength of rough 
unfilled discontinuities.  
 
Before a failure criterion is used, it is important to identify which point on the 
stress-strain curve that is regarded to define failure. According to Nicholson 
(1983) four types are commonly used to define it; peak stress; residual stress; 
ultimate stress; and a stress level associated with a limiting strain or deformation. 
The first three of them are illustrated in figure 2.11. Which one that is used, is 
different from case to case. For example, if the rock mass is brittle and small 
deformations occur, the peak shear stress can be used. On the other hand, if a load 
case post-earthquake is considered, the residual stress is normally considered. For 
a bearing capacity failure it might be the point before large deformations occur, 
associated with an ultimate stress. However, for these cases, with rock-structure 
interaction, the ultimate stress is defined from an ultimate state analysis, and is no 
material property. How failure is defined has to be kept in mind, when input 
parameters are chosen to the criterion. 
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Figure 2.11 Failure as defined by peak, ultimate and residual shear stress (After Nicholson 1983). 
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Failure criteria for continuum materials 
 
The Mohr-Coulomb failure criterion is based on the work by Coulomb 1776 and 
Mohr 1882, and is described in most soil and rock mechanics textbooks. In its 
modern form the criterion can be expressed as: 
 

φστ tannf ⋅′+= c         (2.9) 
 
Where τf is the shear stress at failure along the theoretical failure plane, c is the 
cohesion, σ´n is the normal effective stress acting on the failure plane and φ is the 
friction angle of the failure plane. The criterion can be applied for intact rock, 
discontinuities, and rock masses.  
 
Based on a number of tri-axial tests of a continuum material, where each pair of 
the minor and major principal stress defines a circle, the curve tangential to them 
creates an envelope. This envelope is called Mohr’s envelope. For the Mohr-
Coulomb criterion, failure occurs at stress levels which define a circle that 
becomes tangential to, or exceed this envelope. The Mohr-Coulomb failure 
criterion approximates this envelope with a linear approximation. If tensile 
stresses are present, shear failure can not occur since no shear stresses are present. 
Also, the tensile strength of rock masses is normally close to zero. As a result, a 
tensile cut-off is normally introduced equal to σn= σt. The general principles of the 
criterion for a continuum material are presented in figure 2.12. 
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Figure 2.12 General principles of the Mohr-Coulomb failure criterion in a continuum material. 
 
The Mohr-Coulomb failure criterion is often used in stability analyses. The reason 
for its popularity is that it can be easy understood and described mathematically. 
When it is used, there exists one aspect that is important to consider. The failure 
envelop for rock masses is not linear but slightly curved. If high confining 
pressures exist, the cohesion becomes high and the friction angle low. On the 
other hand, if the confining pressure is low, the friction angle becomes high and 
the cohesion low. This is illustrated in figure 2.13. For shallow foundations, the 
minor principal stress, σ3, is likely low. A linear approximation is therefore only 
acceptable if the parameters are evaluated under the range of stresses that are 
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present in the foundation. If the cohesion and friction angle are evaluated from 
triaxial-tests using to high confining pressures, the shear resistance can be 
overestimated for low confining stresses. 
 

3σ 1σ3σ 1σ

Tangent at high confining pressures

confining pressures

σ

τ

Tangent at low

3σ 1σ  
Figure 2.13 Difference between high and low confining pressures with a linear failure criterion. 
 
The empirical Hoek and Brown (1980) failure criterion was originally developed 
from tests on Panguna andesite in several states of jointing and competence. It is 
an empirical failure criterion applicable for both intact rock and rock masses, with 
a curved failure envelope in contrary to the linear Mohr-Coulomb. The difference 
between them is illustrated in figure 2.14. It therefore matches the real failure 
envelope of rock masses better. On the other hand, the Mohr-Coulomb criterion is 
more simple and easier to use. 
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τ

Hoek-Brown failure envelope

Linear Mohr-Coulomb
approximation

 
Figure 2.14 Comparison between the linear Mohr-Coulomb and the Hoek-Brown failure criterion. 
 
During the years, new application experiences have been gathered to the Hoek-
Brown failure criterion. The historical development of it can be found in a paper 
by Hoek and Brown (1997). A re-examination of the criterion is also presented by 
Hoek et al. (2002). In its present form, the Hoek Brown failure criterion for 
jointed rock masses is expressed according to equation 2.10. 
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Where σ´1 and σ´3 are the major and minor effective principal stress at failure, mb, 
s, and a are material constants which depend on the characteristics of the rock 
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mass, and σci is the uniaxial compressive strength of the intact rock in the rock 
mass. To estimate the strength of the rock mass, three parameters first have to be 
estimated: 
 

− The uniaxial compressive strength, σci, of the intact rock in the rock mass. 
− The value of the constant mi for the intact rock. 
− The value of the Geological Strength Index, GSI, for the rock mass.  

 
The value of mi can be estimated based on values previously derived for similar 
types of rock, while σci easily can be derived from laboratory tests. Ones these 
values have been estimated, mb, s, and a for the rock mass can be calculated using 
the following equations: 
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The parameter D is a factor that varies between 0 and 1, depending on the degree 
of disturbance in the rock mass. In order to determine the strength for intact rock 
the constant s=1, and the constant mb in equation 2.10 is replaced by mi. The 
constant a=0.5, since GSI=100 for intact rock. 
 
From the Hoek-Brown failure criterion, it is possible to derive values of the 
Mohr-Coulomb parameters c and φ. It is done by fitting an average linear 
relationship to the curved failure envelope of the criterion. The procedure is 
described by Hoek et al. (2002). When the procedure is performed it is necessary 
to specify the stress range for the problem. Hoek et al. (2002) use an upper limit 
of the confining stress denoted σ´3max, and a lower limit equal to the tensile 
strength, σt, to do this. In order to determine σ´3max, they have proposed two 
equations, one valid for tunnels, and one valid for slopes with lower confining 
pressure. 
 
Failure criteria for discontinuities 
 
Before the 1960’s, it was customary to describe the shear strength of 
discontinuities with the linear Mohr-Coulomb failure criterion. The principle is 
the same as described earlier, but with one exception. The angle α is fixed. How 
this affects the strength is discussed later on in chapter 2.3.5.  
 
In the sixties it was recognized by a number of researchers that the failure 
envelope was curved. One of the most important contributions was made by 
Patton (1966). He derived experimentally from “saw-tooth” specimens a bi-linear 
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approximation of the curved failure envelope. Under low effective normal stresses 
the expression had the form: 
 

)tan( ibnf +⋅′= φστ         (2.14) 
 
Where φb is the basic friction angle and i is the angle of the “saw-tooth” with 
respect to the direction of the applied shear stress. Over a certain level of normal 
stress, the effect of the asperities or “saw-tooth” will disappear due to asperity 
override, failure through the asperities or by a combination of them. When this 
happens, equation 2.14 reduces to: 
 

)tan( bnf φστ ⋅′=         (2.15) 
 
A comparison between the bi-linear criteria proposed by Patton (1966), and the 
Mohr-Coulomb failure criterion is presented in figure 2.15. 
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Figure 2.15 Comparison between the bi-linear criterion proposed by Patton and the linear Mohr-
Coulomb failure criterion. 
 
A development of Patton’s work was presented by Barton (1973). He presented 
an empirical curved failure criterion, which estimated the peak shear strength of 
discontinuities. It accounted for the roughness of the discontinuity, and the 
compressive strength of the discontinuity surface. The criterion was expressed 
according to equation 2.16. 
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Where τf is the peak shear strength, σ´n is the effective normal stress, JRC is the 
joint roughness coefficient, JCS is the joint wall compressive strength and φb is 
the basic friction angle. According to Barton (1973), the JCS is equal to the 
unconfined compressive strength of the intact rock, σci, if the discontinuity is 
unweathered. For a highly weathered discontinuity, it could be reduced to 1/4 of 
σci. The JRC represent a roughness scale which varies from 0 to 20, where 0 
represents a completely smooth and plane surface, and 20 represent a very rough 
and undulating surface. The criterion was further developed by Barton and 
Choubey (1977) and was rewritten as follows: 
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The reason to change from the basic friction angle, φb, to the residual friction 
angle, φres, was the awareness that for low normal effective stresses, the thin 
layers of weathered material could affect the shear. If the discontinuity is 
unweathered, the residual friction angle will be equal to the basic friction angle.  
 
If the criterion is studied, it can be seen that the total friction angle, (φ+i), at about 
60o rapidly increases when σ´n approaches zero, se figure 2.16. This means that it 
exist a lower limit for the normal stresses at which the criterion is applicable.  
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Figure 2.16 Example of total friction angle for different normal stresses with Barton’s criterion. 
 
Hoek (2000) suggest that the expression φb+JRC log10(JCS/σ´n)>70o can be used 
as a minimum value for σ´n. The upper limit for σ´n is given by σ´n=JCS. Wyllie 
(1999), on the other hand, means that for realistic design values of the roughness 
coefficient, the term (φ+i) should not exceed about 50o. He also proposes a useful 
range of JCS/σ´n between about 3 and 100.  
 
Sometimes it is necessary to determine the parameters c and φ of the Mohr-
Coulomb criterion from Barton´s criterion. In order to do this, Hoek (2000) 
propose the use of an instantaneous cohesion, cinst, and an instantaneous friction 
angle, φinst. The instantaneous friction angle is defined as: 
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The instantaneous cohesion is calculated from: 
 

instnfinst tan´ φστ −=c         (2.19) 
 
The principle of an instantaneous friction angle and cohesion is illustrated in 
figure 2.17. 
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Figure 2.17 Definition of instantaneous cohesion, cinst, and instantaneous friction angle, φinst (After 
Hoek 2000). 
 
Nicholson (1983) propose another approach to approximate Barton’s criteria with 
a linear design failure envelope for stability analyses of concrete gravity dams. He 
describes a conservative method with zero cohesion and a friction angle equal to 
arctan (τf/σ´n) based on the maximum design stress according to figure 2.18. 
 

 
Figure 2.18 Proposed linear design envelope for concrete gravity dams based on Barton’s criteria  
(Nicholson 1983). 
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2.3.4 Modelling a continuum material 
 
Usually, a continuum material is assumed to be both isotropic and homogeneous. 
The easiest way to model the stress strain response for a continuum material is 
with a linear-elastic model. Its general relation can be described according to 
equation 2.20. 
 

ijij D εσ ⋅= e          (2.20) 
 
Where σij and εij is the stress and strain tensor respectively and De is the elastic 
stress-strain stiffness matrix. For an elastic material, it can be written as an 
expression based on the elastic modulus, E, and Poisson’s ratio, ν. For a condition 
of plane strain, the matrix is expressed according to equation 2.21. 
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With the stress-strain stiffness matrix, it is also possible to model anisotropic 
behaviour by changing the components in the matrix, De. For an account of the 
equations in more detail, see for example Fredriksson (1984). 
 
The stress-strain behaviour of rock masses is non-linear, as described in figure 
2.19. In order to model this non-linear stress-strain behaviour of rock masses, the 
linear elastic model is not sufficient. The theory of elasto-plasticity has to be used, 
since it has the ability to model these behaviours. It has been the subject for a 
number of books, for example by Hill (1950), Mendelson (1968), and Desai and 
Siriwardane (1984). The following account of the basic concepts of elasto-
plasticity is mainly from Nordal (2004). 
 

vε

31 σσ −

max v,ε
mψ 1ε

Peak shear
stress

 
Figure 2.19 General stress-strain relations for a fractured rock mass (After Stille et al. 2005). 
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The theory of elasto-plasticity assumes that the strains in the rock mass can be 
divided into elastic and plastic strains, as described in figure 2.20. 
 
σ

ε
O

eεpε

totε
 

Figure 2.20 Total strains for an elasto-plastic material consisting of elastic and plastic strains 
(After Nordal 2004). 
 
The total strain increments can be expressed as the sum of the elastic and the 
plastic strains increments. 
 

petot
ijijij εεε +=          (2.22) 

 
Where tot

ijdε  is the total strain tensor and e
ijdε  and p

ijdε  is the elastic and plastic 
strain tensor. The relationship between elasto-plastic strain and stress increments 
can be expressed with the following relationship. 
 

( ) ijij dDd σε
1eptot −

=         (2.23) 
 
Where ijdσ  is the increment of the stress tensor and Dep is the elasto-plastic 
stress-strain matrix. This constitutive matrix can be divided into; an elastic; and a 
plastic part. 
 

( ) ( ) ijijij dDdDd σσε
1p1etot −−

+=       (2.24) 
 
To find an expression for the plastic part of the elasto-plastic stress-strain matrix, 
Dp, three ingredients are necessary. These are: 
 

− A yield criterion 
− A flow rule 
− A hardening rule 

 
The yield criterion is usually denoted: 
 

0)( , =κσ ijf          (2.25) 
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Where κ is the hardening parameter which can be regarded as a plastic control 
parameter. The criterion defines the limit for plastic deformations as a function of 
the principal stress state. If f<0 only elastic deformations occur. When f=0 the 
principal stress state is located on the yield surface and yielding occur. The 
behaviour becomes elasto-plastic with both elastic and plastic deformations. 
Under plastic loading when yielding occur, f=0 and dκ>0, the yield surface is 
pushed towards the failure surface and κ increases. However, under unloading κ 
will remain constant as a memory of the maximum mobilization the material has 
experienced, and f<0 which represent pure elastic behaviour. The location of the 
yield and failure surface in a two dimensional principal stress space is shown in 
figure 2.21. 
 

1σ

3σ Initial yield surface

Failure surface

Current yield surface

Inobtainable  stress
states

Elasto-plastic

Elastic

 
Figure 2.21 Location of the yield and failure surface in the principal stress space (After Nordal 
2004). 
 
The flow rule governs the plastic strains or deformations. The plastic flow at yield 
is assumed to be governed by a plastic potential usually denoted: 
 

0),( =κσ ijq          (2.26) 
 
The plastic potential is usually expressed in a form similar to the yield criterion. 
At yield, the flow rule states that the plastic strains are proportional to the gradient 
of the plastic potential. The plastic strains are expressed as: 
 

ij
ij

qdd
σ

λε
∂
∂

=p         (2.27) 

 
Where λ is a constant called the plastic multiplier. It determines the size of the 
plastic strain increment. The constant λ in geotechnical situations mainly is 
derived from stress strain curves from triaxial tests.  
 
For rock masses, the gradient of the yield criterion usually is separated from the 
gradient of the plastic potential. The flow rule is said to be non-associated. 
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The hardening rule expresses the resistance against the development of plastic 
strains. This resistance can be defined as the plastic cause divided by the plastic 
effect according to equation 2.28 and is called the hardening modulus, denoted H.  
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κλ ∂
∂

∂
∂

−=
∂
∂

−=
ffH         (2.28) 

 
Where H>0 characterizes hardening, while H<0 characterizes softening. H=0 
characterize a perfectly plastic material. 
 
Based on the three ingredients described above, and a fundamental assumption 
called the consistency condition, the plastic part of the elasto-plastic stress-strain 
matrix, Dp, can be derived. The consistency condition implies that the stresses 
remain on the yield surface during plastic loading. 
 

0)( , =κσ ijdf          (2.29) 
 
If the expression is developed with the chain rule it becomes: 
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Based on the hardening rule in equation 2.28, an expression for an increment of 
the plastic multiplier can be expressed as: 
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Combining (2.27) with (2.31) gives: 
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Rearranging (2.30) results in: 
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Inserting (2.33) into (2.32) gives: 
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Hence, the plastic part of the inverted stress-strain matrix is: 
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The final expression between strains and stresses thereby becomes: 
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With H in the denominator, it becomes indeterminable when it equals zero. 
However, in numerical analyses Dep, and not [Dep]-1, will be needed, which is 
expressed in a way that enables elastic-perfectly plastic models. 
 
For an elasto-plastic model, it is important to distinguish between the meaning of 
a failure criterion and a yield criterion. A yield criterion defines if elastic or 
elasto-plastic deformations occur, while a failure criterion defines at which stress 
levels large deformation occur for a small increment of stress. When the 
hardening parameter, H, is set to zero, i.e. an elastic perfectly plastic model, the 
yield surface coincide with the failure surface. This is in general assumed for rock 
masses, since little information usually exist about the post peak behaviour. For 
such material, with H=0, which uses the well known Mohr-Coulomb failure 
criterion, the yield criterion, f, can be expressed as described in equation 2.37. 
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Where 1σ ′  and 3σ ′  is the major and minor effective principal stress, φm is the 
friction angle of the rock mass and cm its cohesion. The non-associated flow 
potential, q, in a similar manner can be expressed as: 
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Where ψm is the dilatation angle of the rock mass. This parameter governs the 
volumetric strains during plastic loading. As shown earlier in figure 2.19, the 
material first contracts under elastic loading. When plastic deformations occur, 
the material shows a volume increase, or dilatation. After a certain amount of 
strain, the material has reached its residual stress and the dilatation stops. These 
plastic deformations are a function of the dilatation angle. 
 
For elasto-plastic material models, it is important to separate between failure of a 
point in the rock mass and failure of the foundation system. If numerical models 
are used where the continuum is divided into a finite number of elements, failure 
in one point only results in a redistribution of the stresses to the neighbouring 
elements. A failure of the foundation system does not have to be the result. 
Besides, if analytical models are used, the system is considered as one component 
and stress levels which reach failure would lead to a system failure.  
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2.3.5 Modelling a discontinuum material  
 
For discontinuum materials, the strength and deformation of the rock mass is 
mainly governed by the characteristics of the discontinuities. The simplest model 
of a discontinuum material is a continuum material, which is intersected with a 
single discontinuity. When the number of discontinuities increases, the problem 
becomes more complex. In this section, it will be briefly studied how 
discontinuities affect the rock mass strength, and how the stress-strain relations 
for a discontinuity can be modelled. In the end, it will be discussed how a 
discontinuum material with several discontinuities can be modelled.  
 
Modelling shear strength of a discontinuum material with a single 
discontinuity 
 
The strength of a rock mass with a single discontinuity mainly depends on how 
the angle αdis is related to the principal stresses. An illustration of a rock mass 
intersected with a single discontinuity is presented in figure 2.22. 
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Figure 2.22 Intact rock intersected by a single discontinuity with an angle αdis against the minor 
principal stress. 
 
From the Mohr-Coulomb failure criterion an expression can be derived which 
shows when sliding is possible along the weakness plane. This expression is 
presented in equation 2.39 (Jaeger and Cook 1969): 
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     (2.39) 

 
If equation 2.39 is studied, it can be seen that when αdis approaches φ, σ1- σ3 
approaches infinity. Also, when αdis approaches π/2, σ1- σ3 approaches infinity. 
This implies that sliding failure is possible for angles of φ < αdis < π/2. However, 
at a certain level of stress, the rock will fail due to fracturing of the intact rock. 
For σ3 equal to zero, this level of stress will be equal to the uniaxial compressive 
strength of the intact rock, σci. An example based on Jaeger and Cook (1969), 
which illustrates this, is illustrated in figure 2.23. In this example is; c=1000 kPa; 
σ3=1000 kPa; and tanφ=0.5.  
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Figure 2.23 Variation of σ1 to cause sliding failure at different angles of αdis, tanφ=0.5, c=1000 
kPa and σ3=1000 kPa (Based on Jaeger and Cook 1969). 
 
Failure by sliding or fracturing is further illustrated in figure 2.24, where line AB 
corresponds to failure in the weakness plane, and line CD to failure in the intact 
rock. Where cdis is cohesion in the discontinuity, ci is cohesion in the intact rock, 
αdis is the inclination of the weakness plane and αi is the theoretical inclination of 
the failure plane in the intact rock. If σ3 is held fix, failure will occur for a level of 
σ1 when the Mohr circle touches line AB at point P. This happens for the angle of 
αdis, which represents the minimum value of σ1- σ3 in equation 2.39. If σ1 is 
increased to point U, sliding failure becomes possible for angles of 2αdis in the arc 
ST. However, failure cannot occur for angles of 2αdis in the arc RS or TU. If σ1 is 
further increased it will reach a level where Mohr’s circle will touch CD and 
failure in the intact rock becomes possible. 
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Figure 2.24 Mohr diagram showing the principle of failure in weakness planes and intact rock 
(After Jaeger and Cook 1969). 
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To model stress-strain relations for a material intersected by a single 
discontinuity, the intact rock mass can be considered as a continuum material, 
while it is necessary to model the stress-strain relations of the discontinuity 
separately. Below, a description of the stress-strain relations for a discontinuity is 
given, together with a brief description of how it could be modelled. 
 
Modelling stress-strain relations of a single discontinuity 
 
The deformations of discontinuities in rock masses have been studied by 
Goodman (1974) and Bandis et al. (1983) among several others. For foundations, 
the deformations in discontinuities can constitute the main part of the total 
deformation. As a consequence, the deformation characteristics of the 
discontinuities are an important parameter in order to model the stress strain 
response of a jointed rock mass. The deformation characteristics can be divided 
into properties in the normal direction, and in the tangential direction. The 
characteristics are also different before, and after the peak shear stress.  
 
The relation between deformations in the normal direction, δn, and the normal 
stress σn, if no shearing are present, can be expressed as: 
 

nnn δσ ⋅= K          (2.40) 
 
Where Kn is the normal stiffness. This expression is valid as long as the normal 
deformation is smaller than the maximum closure of the discontinuity, δo. If the 
normal deformation for the intact rock, ΔVr, is subtracted from the total normal 
deformation, ΔVt, it results in the normal deformation of the discontinuity, ΔVj. 
The result is a highly non-linear curve, illustrated in figure 2.25. 
 

 
Figure 2.25 Comparison of total deformation, ΔVt, and the net closure curves, ΔVj, for fully 
interlocked and mismatched joint (Bandis et al. 1983). 
 
Based on a hyperbolic function and experimental data, Bandis et al. (1983) 
proposed an equation to express the non-linear behaviour of the normal stiffness, 
Kn. However, in most cases a linear representation is enough. To establish this 
linear representation it is necessary to estimate the normal stress, and derive 
representative values on the normal stiffness. In addition to this, the maximum 
closure of the discontinuity must be estimated.  
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In a similar manner, the relation between shear stress, τ, and shear displacements, 
δn, can be expressed as: 
 

ss δτ ⋅= K          (2.41) 
 
The shear stiffness is also a non-linear parameter. In order to describe the non-
linear behaviour, Bandis et al. (1983) have suggested an expression to estimate it. 
On the other hand, if a linear representation should be performed, Barton and 
Choubey (1977) suggest that the peak shear stiffness can be estimated with the 
following equation. 
 

dis

f
s

100
L

K τ⋅
=          (2.42) 

 
Where Ldis is the characteristic length of the discontinuity, usually equal to the 
block size in the rock mass.  
 
Under shearing, when the peak shear stress has been reached, plastic deformations 
occur through sliding, overriding or crushing of the asperities, or a combination of 
them. This mechanism is dependent on the level of normal stress. If the normal 
stresses are low, only sliding on the asperities or overriding occurs. Under such 
conditions the discontinuity exhibits a negative normal deformation, δn. This 
dilatation can be expressed as a function of the roughness angle (i) of the 
asperities. 
 

)tan(sn iδδ −=         (2.43) 
 
When the normal stresses becomes higher, crushing of the asperities take place, 
and the dilatation decreases. It becomes non-associated with the roughness angle, 
i. The relation between normal and shear deformation can be expressed as: 
 

)tan( dissn ψδδ −=         (2.44) 
 
Where ψdis is the dilatation angle of the discontinuity. The elasto-plastic response 
of a discontinuity hence can be described according to figure 2.26. 
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Figure 2.26 Elasto-plastic response of a discontinuity (After Stille et al. 2005). 
 
The elasto-plastic response of discontinuities can be modelled in a manner similar 
to the continuum material, see for example Jing (1990). The total deformation is 
divided into; an elastic; and a plastic part.  
 
For the elastic part, an increment of deformations in the discontinuity, dδij, can be 
related to stresses with the elastic stress-strain stiffness matrix, Ke. 
 

ij
e

ij dK δσ ⋅=d         (2.45) 
 
The elastic stress-strain stiffness matrix is usually expressed as: 
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The plastic part of the incremental displacements can be modelled with a yield or 
slip function, f, and a flow or sliding potential, q, so that: 
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Where λ is a non-negative scalar as described earlier. 
 
Modelling of a rock mass with several discontinuities 
 
The previous examples have shown how a continuum material could be modelled. 
It has also been illustrated how the strength of rock masses with a single 
discontinuity depends on the angle of the discontinuity in relation to the principal 
stresses, and how the stress-strain response for a single discontinuity can be 
modelled. When the number of discontinuities increases, the anisotropic 
behaviour decreases. This has been illustrated by Hoek and Brown (1980), and 
can be seen in figure 2.27.  
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Figure 2.27 Shear strength and anisotropy for a continuum material with two, three, and four sets 
of discontinuities (After Hoek and Brown 1980). 
 
If the rock mass consists of four or more discontinuities, Hoek and Brown (1980) 
suggest that the rock mass could be considered as a homogeneous continuum 
material with isotropic properties. The exception is if one of them is more 
pronounced. For example, a jointed rock mass intersected by a persistent 
discontinuity with infillings of clay. In those cases, the more pronounced 
discontinuity is modelled separately, while the jointed rock mass is modelled as a 
continuum material. However, there exist degrees of discontinuous rock masses 
between these two, which represent a material that can not be modelled accurately 
with anyone of these techniques.  
 
For this discrete material, deformations occur through rigid body movements of 
intact rock blocks. The continuum approach which assumes infinitesimal 
deformations and material continuity can not model this behaviour. Therefore, 
methods which model the rock mass as a system of discrete bodies have to be 
used, which allow for large displacements, rotation and translations. This can be 
achieved with certain types of numerical methods, briefly described in chapter 
2.5.5. 
 

2.4 Parameters to model rock masses  

2.4.1 Introduction 
 
Which parameters that are used in stability analysis depend on chosen; calculation 
method; material model; and failure criterion. In order to determine values on the 
mechanical parameters which are incorporated in them, different methods can be 
used. Usually, they are determined with laboratory or in-situ tests. Another 
common technique is to use empirical correlations. In the following text, some of 
these methods and correlations are presented together with factors that affect 
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these parameters. Since rock masses consist of intact rock intersected by 
discontinuities, this part of the text is divided into intact rock, discontinuities, and 
rock masses. 
 

2.4.2 Intact rock 
 
The properties of intact rock, and thereby its mechanical parameters mainly 
depend on which types of minerals it consist of, the size and shape of the mineral 
grains, and their arrangement in the rock. Due to their history, and how they were 
formed, intact rock is divided into three groups. These are sedimentary rock, 
metamorphic rock and igneous rock. ISRM (1978) define rock as a material with 
a uniaxial compressive strength higher than 0.25 MPa, materials with lower 
strength is classified as soils. 
 
The strength of intact rock is usually so high that failure through it is unlikely. 
Exceptions might be poorly cemented sandstone, or when a persistent 
discontinuity is interrupted by short bridges of intact rock (Nicholson 1983). 
However, intact rock is a part of the rock mass, and its properties can serve as 
input to empirical correlations to estimate the rock mass strength, or the peak 
shear stress for a discontinuity.  
 
Important parameters to express the strength of intact rock are the uniaxial 
compressive strength, σci, and the tensile strength, σti. The strength of intact rock 
can be expressed with cohesion, c, and friction angle, φ, if the Mohr-Coulomb 
criterion is used. If the Hoek Brown criterion is used, it can be expressed with the 
uniaxial compressive strength, σci, and the constant mi. Furthermore, there exist 
factors with significant impact on the strength of intact rock, such as the scale 
effect and the effect from saturation and weathering. The following account of the 
subject is mainly based on the description in Engineering Geology and Rock 
Engineering by NBG (2000). 
 
In order to estimate the uniaxial compressive strength of intact rock, simple field 
identifications can be used (ISRM 1978). If a thumb, a knife or a geological 
hammer is needed to “damage” the rock, different strength is proposed. Another 
method is to determine the point load index, Is, from which the uniaxial 
compressive strength can be roughly estimated (ISRM 1985). However, the most 
precise method to determine the uniaxial compressive strength is by compressing 
a piece of intact rock into failure. The procedure for this test is described in ISRM 
suggested methods (1981). 
 
The intact rock can be classified into different strength classes based on the 
uniaxial compressive strength, according to table 2.1. 
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Table 2.1 Different strength classes of intact rock based on uniaxial compressive strength (ISRM 
1978). 

Type Classification Uniaxial compressive 
strength, σc (MPa) 

Soil  <0.25 
Extremely low strength 0.25-1.0 
Very low strength 1.0-5.0 
Low strength 5.0-25.0 
Medium strength 25.0-50.0 
High strength 50.0-100.0 
Very high strength 100.0-250.0 

Rock 

Extremely high strength >250.0 
 
If cohesion, c, and friction angle, φ, have been determined from triaxial tests, the 
uniaxial compressive strength, σci, can be determined with the equation below. 
 

φ
φσ

sin1
cos2

ci −
⋅⋅

=
c         (2.48) 

 
With the Hoek Brown failure criterion, the constant mi and the uniaxial 
compressive strength, σci, is used to calculate the strength of intact rock. The 
constant s equals 1 for intact rock. In table 2.2, some examples of uniaxial 
compressive strength, σci, and the constant mi is given for some types of rock.  
 
Table 2.2 Some examples of the constant mi and the uniaxial compressive strength, σci (Hoek and 
Brown 1980). 

Rock Type mi σci (MPa) 
Gabbro 17.3-22.9 205-351 
Gneiss 21.2-29.8 235-254 
Granite 20.8-32.8 116-344 
Limestone 3.2-14.1 47-201 
Marble 5.9-11.7 50-133 
Quartzite 14.1-23.3 227-327 
Sandstone 6.4-27.3 40-398 

 
For intact rock, the bond between the grains can be strong. As a result, the tensile 
strength of intact rock can be quite high compared to fractured rock masses. In 
order to determine it, a piece of intact rock can be exposed to uniaxial tension 
until failure occurs. Another method to determine it is with the Brazil test. Both 
these methods are described by ISRM suggested methods (1981). It is possible to 
calculate the uniaxial tensile strength, σti, from the Hoek Brown failure criterion, 
using equation 2.50 (Hoek and Brown 1980).  
 

)4(
2
1 2

iiciti smm +−= σσ        (2.49) 

 
If the equation above is used, together with the values in table 2.2, the tensile 
strength in table 2.3 was calculated. 
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Table 2.3 Calculated tensile strength based on values in table 2.2, with s=1. 
Rock Type σti (MPa) 
Gabbro 8.9-20.2 
Gneiss 7.9-12.0 
Granite 3.5-16.5 
Limestone 3.3-57.6 
Marble 4.2-21.9 
Quartzite 9.7-23.1 
Sandstone 1.5-60.7 

 
When tests of intact rock with different sample sizes have been compared, it has 
been found that the strength of intact rock decreases with sample size. Hoek and 
Brown (1980) suggest that this reduction is a consequence “due to the greater 
opportunity for failure through and around grains, the ‘building blocks’ of intact 
rock, as more and more of these grains are included in the test sample”. To relate 
the uniaxial compressive strength with sample size, they suggest the following 
empirical equation for the reduction of strength with increasing sample size. 
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Where σc50 is the uniaxial compressive strength of a specimen with 50 mm 
diameter, and d is the diameter of the specimen in mm. Wagner (1987) suggests a 
factor of 0.22 in equation 2.50, instead of 0.18. Based on these two results, Barton 
(1987) suggests that a factor of 0.2 should be used. 
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Figure 2.28 Empirical correlations for the scale effect of intact rock proposed by Hoek and Brown 
(1980), Wagner (1987) and Barton (1990). 
 
Due to foliation or sedimentary bedding planes, intact rock can show a high 
degree of anisotropy. Palmström (1995) have proposed a rating to classify the 
degree of anisotropy. The rating is done by the anisotropy factor fA, defined as: 
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Where σci,min is the minimum compressive strength, and σci,max is the maximum 
compressive strength. A description of typical rock, their anisotropy factor and 
classification is described in table 2.4. 
 
Table 2.4 Proposed rating to classify the degree of anisotropy (From NBG 2000 after Palmström 
1995). 

Classification Description  
Typical rocks 

Rating of the 
foliation 

anisotropy 
factor (fA) 

Isotropic rock 

<10% flaky and prismatic minerals, which may occur 
as discontinuous streaks or may be randomly oriented. 
Igneous rocks and many high-grade regional 
metamorphic and contact metamorphic rocks 
(quartzite, hornfels, granulite, etc.) 

1.0-1.2 

Fairly anisotropic 
rock 

10-20% flaky and prismatic minerals, showing 
mechanically insignificant layering. 
High-grade regional metamorphic rocks (quartzo-
feltspatic gneiss, mylonite, migmatite, etc.) 

1.2-1.5 

Moderately 
anisotropic rock 

20-40% flaky and prismatic minerals, showing thin to 
thick folia, occasionally discontinuous. Mechanically 
the foliation has little effect. 
Rocks formed by medium to high-grade regional 
metamorphism (schistose gneiss, quartzose schist, etc.). 

1.5-2.0 

Highly 
anisotropic rock 

40-60% flaky and prismatic minerals occurring as thin 
wavy continuous folia which are mechanically 
significant. 
Medium-grade regional metamorphic rocks (mica 
schist, mica gneiss, hornblende shichsr, etc.). 

2.0-2.5 

Very highly 
anisotropic rock 

>60% flaky and prismatic minerals which occur as 
very thin, continuous folia. Foliation is perfect and 
mechanically significant. 
Rocks formed by dynamic or low-grade regional 
metamorphism (slate, small folded phyllite). 

>2.5 

 
In addition to the properties described above, there exist other processes and 
parameters that affect the strength of intact rock. Two of them are the effect of 
saturation, and the degree of alteration or weathering. It has been found that the 
presence of water can reduce the strength for some types of rock considerable. 
Based on triaxial test, Broch (1974) found the following reduction in strength 
between saturated and dry conditions.  
 
Table 2.5 Reduction of compressive strength between saturated and dry conditions for some intact 
rock (Broch 1974). 

Rock Type Reduction in % 
Quartzdiorite 33 
Gabbro 42 
Gneiss, norm. 53 
Gneiss , par. 38 
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Alteration or weathering also reduces the strength of intact rock. It occurs mainly 
near the rock mass surface. The main results from alteration and weathering are 
that a mechanical disintegration or breakdown takes place, by which the rock 
loses its coherence. It results in; opening up of discontinuities; formation of new 
discontinuities; and fracturing of individual mineral grains (NBG 2000). 
 
In general, intact rock is modelled as a continuum material with an assumed linear 
elastic behaviour. As a consequence, it is necessary to determine the elastic 
modulus, E, and Poisson’s ratio, ν, in order to model the stress strain response of 
intact rock. By exposing a piece of intact rock with regular geometry of uniaxial 
compression, these parameters can be determined. This method is described by 
the ISRM suggested methods (1981). 
 
Usually, the elastic modulus is defined as the secant modulus from an axial stress-
strain curve. The coefficient of lateral contraction is defined as the lateral strain 
perpendicular to an axial strain. Some examples of elastic modulus, E, and 
Poisson’s ratio, ν, are given in table 2.6, where the effect from confining pressure 
also is illustrated. 
 
Table 2.6 Elastic modulus, E, and Poisson’s ratio, ν, for some different types of intact rock under 
a confining pressure of 0.1 MPa and 300 MPa (After NBG 2000). 

At a confining pressure of 
 0.1 MPa 

At a confining pressure of  
300 MPa Rock type 

E (GPa) ν E (GPa) ν 
Granite 30 0.05 60 0.25 
Gabbro 90 0.10 80 0.20 
Dunite 150 0.30 170 0.27 
Obsidian 70 0.08 120 0.25 
Basalt 80 0.23 70  
Gneiss 20 0.05 70 0.30 
Marble 40 0.10   
Quartzite 100 0.07   
Sandstone 20 0.10   
Shale 10 0.04   
Limestone 60 0.30   

 

2.4.3 Discontinuities 
 
A discontinuity can be defined as the general term for any mechanical 
discontinuity in a rock mass having zero or low tensile strength. It is a collective 
term for most types of joints, weak bedding planes, weak schistosity planes, 
weakness zones or faults (ISRM 1981). Since discontinuities represent the weak 
links in rock masses, and the failure mechanism in foundations is shear failure, 
the assessment of the shear resistance in them is essential. However, the 
determination of it is associated with large uncertainties. Several factors have to 
be considered, such as the aperture, the wall strength, the roughness, the scale 
effect, and if it is a clean or a filled discontinuity. Depending on failure criterion, 
different parameters are used to express the shear strength. To model the stress-
strain response, shear and normal stiffness are necessary parameters, together 
with the dilatation angle. 
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For unfilled discontinuities there exist four possible methods to determine or 
estimate the shear strength. The most common procedure is to perform laboratory 
shear test. This method has the disadvantage that small samples usually are tested. 
The scale effect makes the decision of assigning the shear strength from these 
tests uncertain. The other method is to perform large scale in-situ test, where the 
scale effect is considered. However, these tests are time-consuming and 
expensive. Both these methods are accounted for by ISRM (1981). A third 
method is to use Barton’s empirical failure criterion. A fourth way is using 
empirical values on shear strength parameters, based on experience or from other 
foundations with similar characteristics. 
 
Using Barton’s criterion, it is necessary to determine the residual friction angle, 
φres. The residual friction angle is the friction angle that appears after considerable 
shearing has taken place. It can be found with shear test, or estimated with the 
expression proposed by Barton and Choubey (1977). 
 

⎟
⎠
⎞

⎜
⎝
⎛⋅+−=

J
jo 20)20( bres φφ        (2.52) 

 
The basic friction angle, φres, is determined from residual tilt test on dry 
unweathered sawn surfaces. J is the Schmidt rebound on dry unweathered sawn 
surfaces, and j is the Schmidt rebound on wet joint surfaces. Determination of the 
Schmidt rebound hardness is described by ISRM (1981). A summary of some 
basic friction angles is presented in table 2.7. Notable is that the basic friction 
angle is a few degrees lower in wet conditions than in dry. 
 
Table 2.7 Basic friction angles for some types of rock (Barton and Choubey 1977). 

Rock type Condition Basic friction angle 
φb (o) 

Granite fine grained Dry 31-35 
Granite fine grained Wet 29-31 
Granite coarse grained Dry  31-35 
Granite coarse grained Wet 31-33 
Gneiss Dry 26-29 
Gneiss Wet 23-26 
Basalt Dry 35-38 
Basalt Wet 31-36 
Sandstone Dry 26-35 
Sandstone Wet 25-34 

 
In order to estimate the joint roughness coefficient, JRC, Barton and Choubey 
(1977) suggest two methods. The first method uses predefined roughness profiles 
to determine JRC, which are presented in figure 2.29. 
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Figure 2.29 Typical roughness profiles for different JRC (Barton and Choubey 1977). 
 
The second and most reliable method, according to the authors, is to use tilt or 
push, pull test, and determine the JRC by back analysis. An advantage with this 
method is that the scale effect could be accounted for if specimens of sufficient 
size are used in the tests. From a tilt test the JRC can be estimated with the 
following expression (Barton and Choubey 1977): 
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Where α is the tilt angle, and σn is the normal stress acting on the discontinuity 
when sliding occurs.  
 
For an unweathered surface of a discontinuity, the joint wall compressive 
strength, JCS, is equal to the uniaxial compressive strength. However, if the 
surface is weathered, the JCS becomes lower. Therefore, Barton and Choubey 
(1977) recommend the use of the Schmidt rebound hammer, and the following 
correlation to estimate it: 
 

01.100088.0)(log ci10 +⋅⋅= Jρσ       (2.54) 
 
Where σci is the uniaxial compressive strength of the discontinuity surface in 
MN/m2 (JCS), ρ is the dry density of the intact rock in kN/m3 and J is the rebound 
number. If the techniques above are used, Barton and Choubey (1977) states that 
the error for estimating the peak shear stress unlikely exceeds ±2o. 
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The scale effect on shear strength of discontinuities has been studied by a number 
of researchers, such as; Pratt et al. (1974); Barton and Choubey (1977); and 
Bandis et al. (1981) among others. Studies have shown that small sample sizes 
give higher peak shear strength than larger ones. The scale effect is therefore an 
important factor to consider when the shear strength is assessed for foundations 
on rock. A typical example of the scale effect on the peak shear strength for a 
discontinuity is presented below.  
 

 
Figure 2.30 Typical scale effect of peak shear strength for a discontinuity (After Bandis et al. 
1981). 
 
The figure shows how the peak shear strength gradually decreases with sample 
size. When the sample size increases, a transition occurs from a brittle into a more 
ductile behaviour. Furthermore, the peak shear strength displacement increases. In 
addition to this, the peak dilatation angle decreases. To account for the scale 
effect, Barton et al. (1982) proposed the following empirical correlations: 
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Where the subscripts (0) and (n) correspond to laboratory and in-situ scale 
respectively. The length, Ln, is the length of the rock blocks along the 
discontinuity being sheared, and L0 is the length of the sample size. 
 
Barton and Choubey (1977) have suggested two possible explanations for the 
scale effect. One possible explanation was that the unconfined compressive 
strength of intact rock is scale dependent. The strength of intact rock decreases 
asymptotically with increasing block size. A decreasing JCS in turn means 
decreasing peak shear strength for the discontinuity. The other explanation 
suggested that the scale effect is dependent on the roughness. Patton (1966) has 
showed that the active asperities becomes less steep with increasing length, see 
figure 2.31. As a result, the individual contact areas become larger with increasing 
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scale, with correspondingly lower JCS. Furthermore, less steep asperities 
themselves correspond to a lower JRC. 
 

 
Figure 2.31 Inclination of asperities with respect to scale (From Barton 1973 after Patton 1966).  
 
The preceding text regarded unfilled discontinuities. However, a major problem 
in assessing the shear strength is when filled discontinuities are encountered. The 
fill material can consist of a wide variety of materials, ranging from plastic 
materials such as clays, to cohesionless materials such as sand. Unfortunately, 
few extensive studies have been performed in the subject, probably due to the 
difficulties and the number of affecting parameters associated with this problem. 
 
A review of the shear strength of filled discontinuities has been performed by 
Barton (1974). According to Barton it is convenient to divide the filled 
discontinuities into two parts; those that have been subjected to earlier shear 
displacements; and those who have not been displaced. The first group typically 
consist of discontinuities such as faults, old slide surfaces, or shear zones. In this 
group, the shear resistance is most likely to be at, or near residual strength. The 
other group with no previous displacement usually consist of sedimentary rock, 
with alternating beds or seams of clay and rock, such as sandstone or limestone. 
 
Another equally important factor, according to Barton, is if the fill material is 
normally-consolidated or over-consolidated. In shear zones, cohesive bonds are 
due to over-consolidation destroyed if displacements have occurred, and this new 
state is equal to normal-consolidation. In discontinuities not displaced, the 
difference in strength between normally- and over-consolidated fillings can be 
large. One potential danger, according to him, is if unloading occurs which can 
give rise to negative pore pressures. These negative pore pressures increase the 
shear resistance in the short term. In the long term however, this effect will 
decrease, as water flow into the area of low pressure, and the resistance 
successively decreases. For foundations, unloading is usually not a problem. 
Instead, it is the possibility of increased pore pressures, especially if loading 
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occurs rapidly in impermeable fillings, or if pore pressures occur through seepage. 
A figure over the division of filled discontinuities is shown in figure 2.32. 
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Figure 2.32 Division of filled discontinuities (After Barton 1974). 
 
In addition to the aspects mentioned above, the sliding along filled discontinuities 
is affected by the ability achieving rock to rock contact. This effect mainly 
depends on the thickness of the infilling, and the roughness of the discontinuity. 
Goodman (1970) performed a study on an idealized discontinuity with regular 
“saw-tooth” asperities.  
 

 
Figure 2.33 Shear strength with respect to filling thickness of an idealized discontinuity (After 
Barton 1974 from Goodman 1970). 
 
Crushed mica was used as a filler material, and a plaster-celite model were used 
to represent non planar walls. Three different filling thicknesses were used, 
ranging from 1.5 mm to 5.0 mm. The results are shown in figure 2.33. They show 
that the infilling aperture needs to be approximately 50% larger than the 
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amplitude of the roughness, before the shear strength of the discontinuity 
approaches the one for the infilling. 
 
Barton (1974) divided the shear characteristics for an undulating discontinuity 
with clay filling into four hypothetical thicknesses. The simplified behavior of 
these four could, according to Barton, be described in the following way, where A 
has the thinnest thickness and D has the thickest: 
 
“A. Almost immediate rock/rock asperity contact. Shear strength will be very 

little different from the unfilled strength because the rock/rock contact 
area at peak strength is always small. Normal stresses across the contact 
points will be sufficiently high to dispel the clays in these regions. Slight 
reduction in dilation component of peak strength may be more than 
compensated by adhesive action of the clay in zones which would be voids 
during shear of the unfilled joints. Dilation due to rock/rock contact will 
cause negative pore pressures to be developed in filling if shearing rate is 
fast. 

 
B. May develop same amount of rock/rock contact as in A, but required 

displacement will be larger. Dilation component of peak strength greatly 
reduced since new position of peak strength is similar to position of 
residual strength for unfilled joints. Similar “adhesion” effect as in A. 
Less tendency for negative pore pressures due to reduced dilation. 

 
C. No rock/rock contact occurs anywhere, but there will be a build up of 

stress in the filling where the adjacent rock asperities come closest 
together. If the shearing rate is fast there will be an increase in pore 
pressure in these highly stressed zones and the shear strength will be low. 
If on the other hand the shearing rate is slow, consolidation and drainage 
will occur, the drainage being directed towards the low stress pockets on 
either side of the consolidating zones. The net result will be a marked 
increase in shear strength as compared to the fast shearing rate. 

 
D. When the discontinuity filling has a thickness several times that of the 

asperity amplitude, the influence of the rock walls will disappear. 
Provided the filling is uniformly graded and predominantly clay or silt the 
shear strength behaviour will be governed by straight-forward soil 
mechanics principles.” 

 
In addition to the factors discussed above, another factor is also important to 
consider. For large apertures, the shear strength is governed by the fill material. 
For such discontinuities, it is important that intact samples of the infillings are 
recovered. In ordinary core-drilling is the fill material flushed away, which results 
in little or no information of what the infilling consist of. To overcome this, 
Rocha (1974) suggest a method called integral sampling by which undisturbed 
samples can be obtained. 
 
No theoretical models or empirical correlations today exist to accurately 
determine the shear strength of filled discontinuities. The only method to 
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determine the shear strength of filled discontinuities is with in-situ shear tests. In 
a technical note by Fishman (2004), results from 156 large-scale field tests on the 
shear strength of discontinuities at 18 construction sites are presented, mainly 
from large dam foundations.  
 
Stress-strain relations for a single discontinuity is expressed with the normal- and 
shear stiffness, Kn and Ks respectively, the maximum closure, δ0, and the 
dilatation angle, ψdis. The normal stiffness, Kn, is determined with tests subjected 
to normal loading, where the normal deformation is measured with sensitive 
gauges. Examples of some normal stiffness and their maximum closure are shown 
in table 2.8. 
 
Table 2.8 Normal stiffness for some types of discontinuities (After Stille et al. 2005 based on 
Bjurström 1973 and Boutard and Groth 1975). 

Type of discontinuity Kn 
(MPa/mm) 

δ0  
(mm) 

Granite, Tension-discontinuity 20-30 0.1-0.2 
Discontinuity with chlorite 
infilling, aperture 3,0 mm 20 2.5 

Discontinuity with chlorite 
infilling, aperture 18 mm 2 8.0 

Shearzone, aperture 10 mm 8 6.0 
 
The shear stiffness, Ks, and the dilatation angle, ψdis, is determined with shear test, 
where the normal load usually is constant and a constant rate of shear strain is 
applied. Bandis et al. (1983) present the following shear stiffness for four 
different types of rock, with different degree of weathering.  
 
Table 2.9 Shear stiffness for some types of rock (Bandis et al. 1983). 

Type of rock Weathering state 
Range of normal 

stress 
(MPa) 

Ks 
(Secant peak)  

(MPa/mm) 
Fresh 0.25-2.36 0.56-4.50 

Slightly weathered 0.25-2.07 1.23-4.74 
Moderately weathered 0.24-2.04 0.47-1.73 Sandstone 

Weathered 0.50-1.96 0.56-1.35 
Slightly weathered 0.23-1.84 1.65-6.87 

Moderately weathered 0.24-1.90 1.12-3.13 Limestone 
Weathered 0.25-1.53 0.66-1.89 

Slightly weathered 0.26-2.11 1.75-4.98 Dolerite Weathered 0.28-1.11 0.86-2.19 
Fresh 0.54-2.28 5.6-12.6 Slate Weathered 0.40-1.45 0.64-1.27 

 
Average values on the peak dilatation angle for some discontinuities in different 
types of rock are presented in table 2.10.  
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Table 2.10 Mean peak dilatation angles for discontinuities for some types of rock (Barton and 
Choubey 1977). 

Rock type 
Mean peak dilatation angle 

peakdis,ψ  (o) 
Damage coefficient 

M 

Aplite 25.5 0.92 
Granite 20.9 1.00 
Hornfels 26.5 0.99 
Calcareous 14.8 1.39 
Shale 6.8 0.78 
Slate 17.3 1.01 
Gneiss 16.2 1.53 
Soapstone 13.2 2.00 

 
In table 2.10, the damage coefficient is defined as the asperity component divided 
with the mean peak dilatation angle. It can be seen that when M is high, peakdis,ψ  

becomes lower. It means that the dilatation angle for discontinuities mainly is a 
function of the degree of crushing of the asperities. In turn this means that the 
dilatation angle is a function of normal stress, the joint wall compressive strength, 
and the contact area.  
 

2.4.4 Rock masses 
 
The term rock mass can be defined as the collective material of intact rock 
intersected by discontinuities. Consequently, its strength and stress-strain 
response depends on the properties of both the intact rock and the discontinuities. 
Like intact rock and discontinuities, the properties of rock masses are dependent 
on scale. Both strength and modulus of elasticity decrease with increasing scale. 
The main reason for this scale dependence is the discontinuities. With increasing 
scale, the number of discontinuities that affect the properties increases. However, 
there exists a volume where the strength and modulus of elasticity no longer 
decreases. This volume, which is the smallest volume that can be considered 
representative for the rock mass, is called the Representative Elementary Volume, 
REV (Cunha 1990). 
 
Large scale laboratory triaxial test on rock masses to determine its strength are 
unusual. First of all, it is difficult to obtain undisturbed samples. Secondly, 
samples representative for its strength, with discontinuities considered, requires 
large samples. With the exception of large scale testing, there basically exist two 
different methods to estimate the strength of the rock mass. One is to use an 
empirical failure criterion, such as the Hoek Brown criterion described earlier. 
The other is using rock mass classification or index systems, which determine the 
quality of the rock mass. Through empirical relationship, values of cohesion, cm, 
and friction angle, φm, can be estimated. Examples of popular classifications or 
index systems are the Q-index (Barton et al. 1974), the Rock Mass Rating, RMR 
(Bieniawski 1976, 1989), and the Geological Strength Index, GSI (Hoek et al. 
1992, Hoek 1994, Hoek et al. 1995). The following relation exists between these 
three systems: 
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44ln976 +== QRMRGSI        (2.57) 
 
Based on 15 data, twelve of them from in situ tests at five dams, Serafim and 
Pereira (1983) estimated the strength of the rock mass. They proposed the 
following relationship between RMR, cohesion, cm, and friction angle, φm. 
 
Table 2.11 Rock mass strength properties based on RMR (Serafim and Pereira 1983). 
RMR 100-81 80-61 60-41 40-21 <20 
Rock Class I II III IV V 
cm (kPa) >400 300-400 200-300 100-200 <100 
φm (o) >45 35-45 25-35 15-25 <15 
 
The values in table 2.11 are considered conservative, since RMR considers load 
situation. It does not influence the strength of the rock mass. Due to this 
limitation, Stille et al. (1982) modified the RMR and called it the rock mass 
strength, RMS. It is based on eight Swedish case studies. Instead of considering 
load situation, different types of discontinuity systems can be chosen, which 
better reflect the strength of the rock mass. The results from this study are 
presented in table 2.12.  
 
Table 2.12 Parameters for rock mass strengths based on RMS (Stille et al. 1982). 
RMS 100-81 80-61 60-41 40-21 <20 
Rock Class I II III IV V 
σcm 30 12 5 2.5 0.5 
cm (kPa) 4.7 2.5 1.3 0.8 0.2 
φm 55 45 35 25 15 
 
A striking example which shows the uncertainties with empirical rock mass 
classification methods was performed by Edelbro (2004). In a round robin test 
with eleven participants, the rock mass strength of a mine pillar at Laisvall was 
estimated by eleven participants with different rock mass classification methods. 
The bearing capacity of the Pillars had previously been determined to 19,8 MPa 
(Krauland and Söder 1989), and the peak strength of the pillar surface to 30 MPa 
(Edelbro 2004). Among other results, the eleven participants estimated the rock 
mass strength from 12 to 34.5 MPa using RMR76 and the Hoek Brown criterion, 
while the strength was estimated from 2.5 to 50 MPa using the GSI combined 
with the Hoek Brown failure criterion. These results show that each participants 
subjective judgments highly affect the predicted strength, and also that each 
classification method predict the strength differently. Both are factors which 
result in high uncertainties. 
 
The progress and development in shear strength prediction and stability analyses 
can be seen in a paper from BC-Hydro (Cornish et al. 1994). In this paper, the 
shear resistance of three dam foundations was reassessed. At the time of 
construction, prior to the mid 1970’s, the foundations were not considered to be 
weak. High shear strength, including substantial cohesion was used (φ=45o and 
c=700-1400 kPa). These values were based on either the strength of the 
rock/concrete interface, or the intact rock. One example in the paper was the 
Seven Mile Dam, where the shear strength of the foundation at the time of 
construction was estimated to have a friction angle of 38.7o, and cohesion of 3450 
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kPa. The strength was based on limited triaxial tests of intact rock. A factor of 
safety of 4.0 for the usual load case was used in the original design. The factor of 
safety was determined with the shear friction method. At the reassessment, it was 
considered that the jointed rock mass near the surface was the weakest link in the 
foundation. Due to this, the Hoek-Brown failure criterion was used, resulting in a 
friction angle of 60o, and cohesion of 100 kPa. A factor of safety of 1.5 for the 
usual load case was used, and the factor of safety was determined with limit 
equilibrium analysis. 
 
The deformations in a foundation can be divided into two different types, uniform 
and differential deformations. For large structures founded on rock, uniform 
deformations in general are no problem. However, if the modulus of elasticity is 
varying in the foundation, it can result in differential deformations which generate 
shear stresses in the overlying structure. Small foundations on rock are not likely 
to exhibit this, since the pressure on the rock is relatively small, and the variation 
of the modulus of elasticity probably is small. However, for large structures, such 
as bridge abutments, concrete gravity dams, and arch dams, the modulus of 
elasticity for the foundation can vary significantly. According to ICOLD (1993), 
it has been found for arch dam foundations that if the ratio between the modulus 
of elasticity for the concrete, Econ, and the rock mass, Em, remains more or less 
constant, it has little or no effect on the maximum stress levels within the dam. If 
the ratio Em/Econ changes with a factor of five, the critical stresses may change 
with 20 %. This means, according to ICOLD (1993), that it in these cases is no 
need for a high degree of accuracy in determining the modulus of elasticity for the 
foundation. Rocha (1974) has also drawn some general conclusions regarding the 
ratio Em/Econ. These conclusions are presented in figure 2.34. They apply for arch 
dams, both for very small zones such as faults, and also to extensive zones in the 
foundation. For buttress and gravity dams, the conclusions are valid to weak 
zones in the foundation. When the foundation is homogeneous, with very low 
values of the ratio such as Em/Econ<1/16, it does not influence the stress 
significantly for these types of dams. Rocha means that the magnitude of this ratio 
should be kept in mind, when it is planned which test that should be carried out. If 
the ratio is sufficiently low, i.e. <1/4, tests may even be replaced by an expert 
observation of the rock mass. 
 

1 2 3 4

16
1

8
1

4
1 1

con

m

E
E

 
Figure 2.34 Influence of the ratio between the modulus of elasticity between the concrete and the 
rock mass; (1) Very important; (2) Important; (3) Rather important; (4) Irrelevant (After Rocha 
1974). 
 
Obviously, the modulus of elasticity for the rock mass can affects the stresses in 
both foundation and overlying structure. Therefore, it is an important parameter in 
stability analyses of large structures founded on rock. Since large test samples are 
required, it is usually determined with different kinds of in-situ tests. Especially, 
if a high degree of confidence is needed. Examples of such tests are plate loading 
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tests, flat jack tests, bore-hole jack tests, or dilatometer tests. A description of 
these tests can be found in the book by Wyllie (1999). In these types of tests, the 
diameter of the loaded area should be at least five times the spacing between the 
discontinuities, in order to obtain a value representative for the rock mass (Rocha 
1974). 
 
If the modulus of elasticity only requires a low level of confidence, empirical 
correlations can be used. In order to estimate the in situ modulus of elasticity, Em, 
Bieniawski (1978) proposed the following correlation between RMR and Em. 
 

1002)(m −= RMRGPaE        (2.58) 
 
However, the correlation proposed by Bieniawski (1978) was mainly based on 
case studies with RMR>50. For rock masses with lower RMR, Serafim and 
Pereira (1983) proposed the relationship presented in equation 2.59. However, it 
could not be said to be representative for RMR lower than 30, since the lowest 
value from their case studies was a RMR=22. 
 

40/)10(
m 10)( −= RMRGPaE        (2.59) 

 
Based on the studies by Bieniawski (1978), and some other cases, Barton (1983) 
proposed expressions for estimating Emean, Emax, and Emin, based on the Q-index.  
 

QE log25mean =         (2.60) 
QE log10min =         (2.61) 
QE log40max =         (2.62) 

 
Boyd (1993) proposed for low values of RMR, i.e. an RMR of about 5-20, the 
following relation between Em and RMR: 
 

6

75.3

m 10
5.3)( RMRGPaE ⋅=        (2.63) 

 
A modification of the Serafim and Pereira correlation was proposed by Hoek and 
Brown (1997). This correlation uses the GSI, together with the compressive 
strength of intact rock, σci, see equation 2.64.  
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      (2.64) 

 
In a later version, the factor D, which considers the effect from blast damage and 
stress relaxation, was introduced (Hoek et al. 2002). Equation 2.65 then became: 
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Some of the proposed correlations to estimate the modulus of elasticity, Em, for 
different values on RMR, are presented in figure 2.35. 
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Figure 2.35 Some proposed correlations to estimate Em for different values on RMR. 
 
Another method to estimate the modulus of elasticity for the rock mass, Em, is to 
use the elastic properties for the intact rock, together with the normal and shear 
stiffness of the discontinuities. For a rock mass with a single set of discontinuities 
perpendicular to the loading direction, the modulus of elasticity for the rock mass 
can be estimated with this technique, see for example Wyllie (1999): 
 

ccKEE ⋅
+=

nim

111         (2.66) 

 
Where Ei is the modulus of elasticity for the intact rock, Kn is the normal stiffness 
of the discontinuity, and cc is the spacing between the discontinuities. When 
equation 2.66 is used, it is important that the spacing is sufficiently small in 
relation to the loaded area, otherwise it is not valid. 
 
In addition to the modulus of elasticity, it is also necessary to have values of 
Poisson’s ratio, νm, and the dilatation angle, ψm, to model the stress-strain 
response. For rock masses, Poisson’s ratio usually is somewhere between 0,20 to 
0,30 (Hoek and Brown 1997). Where the lower value applies for rock masses of 
good quality, and the higher applies for rock masses of poor quality. The 
dilatation angle depends on several parameters. Alejano and Alonso (2005) have 
proposed a model to estimate the dilatation angle. It reflects dependencies on 
confining stress, on the plasticity suffered by the material and indirectly on scale. 
In their paper, references from other authors show that the dilatation angle 
decreases with increasing confining stress, and with increasing plastic strain. In 
practice, Hoek and Brown (1997) suggest the use of a constant dilatation angle 
based on rock mass quality. For very good quality rock masses, they suggest a 
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value of ψm=φm/4, for average quality rock masses a value of ψm=φm/8, and for 
very poor quality rock masses ψm=0o.  
 

2.4.5 Pore pressure 
 
Two different approaches exist in order to model the pore pressure in rock 
masses, the continuum and the discontinuum approach. Which approach that is 
used depends on how the rock mass could be considered as a material. Similar to 
the strength of rock masses, modelling of flow in rock masses is scale dependent. 
For a continuum approach it is necessary to consider a volume equal to or greater 
than the REV (Representative Elementary Volume) (Rehbinder et al. 1995). 
 
In the continuum approach, the rock mass is considered as a permeable 
homogeneous material, with a coefficient of permeability, k. Experimentally, 
Henri Darcy 1856 demonstrated that the flow of water through such materials is 
proportional to the hydraulic gradient. Assuming laminar flow, Darcy’s law can 
be written according to equation 2.67. 
 

kIAQ =          (2.67) 
 
Where Q is the rate of flow, I is the gradient or head loss between two points and 
A is the cross sectional area. Using Darcy’s law, having known boundary 
conditions and permeability, k, it is possible to calculate the pore pressure, u, at 
different locations in the material. The pore pressure in such material can be 
defined as the stress from water pressure that affects the particles in it. It does not 
affect the total stress, but it pushes the particles apart, which in turn reduces the 
friction between the particles. In general, it is expressed as: 
 

hu ⋅= wγ          (2.68) 
 
Where γw is the unit weight of water, and h is the pressure height. When stability 
analyses are performed in continuum materials, this is considered by using the 
excess stress known as the effective stress, σ´. In soil mechanics, the effective 
stress is defined by the following equation: 
 

u−=′ σσ          (2.69) 
 
For foundations under spread footings, with a constant ground water level, the 
pore pressure can be estimated according to equation 2.68. In dam foundations, 
with an assumed continuum material and where there exist a gradient between 
upstream and downstream pressure, Darcy’s law can be used to generate the pore 
pressure. Knowing it, the effective stress, σ´, is calculated with equation 2.69. 
One limitation with this approach for rock masses is the assumption that the 
contact areas between the particles are negligible. At low normal stresses, an 
ordinary contact area might be of the order of 1% (Jaeger 1971). However, at 
higher normal stresses, the contact area can be considerable larger. Barton and 
Choubey (1977) suggest that the contact area is dependent on both the joint wall 
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compressive strength (JCS), and the applied normal stress. As a consequence, a 
more correct representation of equation 2.69 might be on the form presented in 
equation 2.70.  
 

))(1( c σσσ Au −−=′         (2.70) 
 
Where Ac(σ) is the stress dependent contact area of the discontinuity.  
 
In the discontinuum approach, the discontinuities are modelled as conductive 
elements. The intact rock, which has an insignificant permeability, is considered 
impermeable. The discontinuities form a discrete network of water conducting 
pipes or layers.  
 
Based on Darcy’s law, an expression for the hydraulic conductivity, and the area 
expressed in a width, w, and aperture, a, the flow between two parallel planar 
plates can be expressed with the well known cubic law, see for example 
Brantberger (2000).  
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       (2.71) 

 
Where ρw is the density of water, g is the coefficient of gravity, and υw is the 
kinematic viscosity of water.  
 
However, modelling of flow or pore pressures in a discrete network of 
discontinuities is hard. It is affected by a number of parameters. Hakami (1995) 
presented a schematic view of the properties for a discontinuity that influences the 
flow, see figure 2.36. 
 

 
Figure 2.36 Properties of discontinuities that affect the flow in them (After Hakami 1995). 
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For example, the important parameter aperture is not a fixed value, instead it 
changes with location. Due to this, it is best described with a probability 
distribution (Eriksson 2002). Furthermore, it changes due to variations in normal 
and shear stress. The permeability is stress-dependent, and constitute and indirect 
hydro-mechanical coupling. With increasing computational capacity, the 
possibility of modelling flow in discrete networks of fractured rock masses has 
increased, and several attempts have been performed in order to investigate it. For 
example, see Hässler (1991), Eriksson (2002) and Min et al. (2004) among others. 
Even though the problem can be analyzed with discrete numerical methods, the 
main problem is to express the geometrical characteristics of discontinuities 
correct. 
 
If stability appears to be critical, measurements of the pore pressure can be 
performed. Usually the pore-pressure is measured with piezometers installed in 
the rock mass; see Dunnicliff (1993) for an account of the method. A limitation 
with this technique is that the measured pore pressure can vary significantly in a 
fractured rock mass, depending on the hydraulic conductivity of the 
discontinuities that the drill-hole penetrates. For dams, where the pressure 
gradient is large, the foundation and overlying structure is equipped with grout 
curtains, drainage galleries and/or foundation drains in order to minimize the pore 
pressure. 
 
In stability analyses, the pore pressure is in general accounted for by an uplift load 
or pressure. This load or pressure is usually assumed in a conservative manner. A 
linear variation is assumed, with full pressure at the upstream side of the dam 
equal to the reservoir water level, and with a downstream pressure equal to the 
downstream water level. If there exists drainage galleries or drains in the 
foundation, the pore pressure is allowed to be reduced, usually with 25-50%. This 
results in a bi-linear variation of the pore pressure, with a maximum pressure that 
decreases linear to the reduced pressure, and from there a further reduction to the 
minimum pressure at the downstream side. Examples of pore pressure distribution 
for different drainage solutions are presented in RIDAS (Svensk Energi 2002). 
 
Another important parameter to regard in stability analyses is that rock wedges 
formed by intersecting discontinuities can have an area subjected to an uplift 
force, which is larger than the dams contact area with the rock foundation. As a 
consequence, pore pressure has the potential causing sliding failure, both for more 
local failure modes and for wedges larger than the overlying structure. It is 
therefore an important parameter to consider properly.  
 

2.5 Calculations methods 

2.5.1 Introduction 
 
In order to calculate safety for large structures founded on rock, two different 
types of methods in general are used, separately or combined. One of them is the 
analytical methods. Depending on failure mode, different analytical expressions 
have been derived. They are all expressed in mathematical terms, and can be 
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divided into three main categories; bearing capacity failure; sliding failure; and 
overturning. The other calculation method is numerical methods, where the 
differential equations of the problem are solved numerically. Since large 
computational capacity is needed, computers in general are used for these types of 
calculations. The numerical methods are divided into continuum and 
discontinuum methods. Which method that is used depends on how the rock mass 
is modelled, as described earlier. In the following text, each of these methods will 
be described, and their use in stability analyses of rock foundations will be 
studied. 
 

2.5.2 Analytical methods for bearing capacity failure 
 
When a rock foundation gradually is loaded, the stress under the foundation will 
increase. A homogeneous isotropic rock mass will at first behave like an elastic 
material. The deformations in the foundation will increase proportional to the 
load. As the load continues to increase, the rock mass will finally reach a point for 
the maximum load capacity. At this point, the deformations in the foundation 
increase rapidly, without any significant increase of the load. The rock mass is 
near to reach the plastic state, i.e. continuous deformation without any increase of 
the load. The vertical load required to obtain this state is called the ultimate total 
bearing capacity, and is denoted Bult. 
 
Bearing capacity failure is a result of shear failure in the rock mass. The 
mechanical properties of the rock mass governs in which mode the rock mass will 
fail. They are usually separated into three main categories (USACE 1994): 
 
General shear failure Occur in rock masses with a ductile behaviour. The 

slip surface is continuous from the edge of the 
footing to the rock mass surface, and shear strength 
is fully developed along the total slip surface. 

 
Local shear failure Occur in brittle rock. Failure is initiated by crushing 

at the edges of the foundation, which develops into 
the rock mass. However, the slip surface does not 
reach the surface, but ends somewhere in the rock 
mass. 

 
Punching failure If the rock mass consist of layered rock with a thin 

rigid layer above a compressible soft layer; the 
failure can occur by punching or tensile failure 
through the thin rigid upper layer.  

 
A classic form of bearing capacity analyses is the use of active and passive 
Rankine wedges. It utilizes how minor and major principal stresses can be 
expressed at loading and unloading with Mohr’s circles. The method is most 
accurate for failure modes along discontinuities, with clearly defined slip 
surfaces. For bearing capacity analyses in a continuum material, the two wedges 
do not fit the true slip failure surface. The true slip failure surface is a curved non-
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linear line. If it is simplified with a passive and an active Rankine wedge, the 
accuracy decreases. However, this form of analyses is basic, dimensionally 
correct, and clearly shows the main principles behind bearing capacity problems. 
The following section accounted for in the following pages is mainly from 
Cernica (1995). 
 

w
bult

s=γD

Pact
Ppas

h

S

D

 
Figure 2.37 Active and passive Rankine wedges in a continuum material. 
 
Following the basic concepts behind Rankine’s theory, and assuming that the 
continuum material has the unit weight γ, cohesion c, and internal friction angle φ, 
the active pressure in the left wedge can be expressed as: 
 

hKbKchhP ult actact
2

actact 2
2
1

+−Κ= γ      (2.72) 

 
In a similar manner, the passive pressure in the right wedge can be expressed as: 
 

hsKKchhP paspas
2

paspas 2
2
1

++Κ= γ       (2.73) 

 
Where Kact and Kpas are the coefficients for active and passive stress, and h is the 
vertical height of the wedges. The shear force between the two wedges is 
neglected, and the force equilibrium between the two wedges thereby becomes: 
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2
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2
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The height can be expressed in terms of w in the following way: 
 

act245tan(2 K
wwh =

/2)−
=

φ
       (2.75) 

 
The relation between passive and active coefficients of stress is: 
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K =          (2.76) 



Chapter 2 – Literature study 

 57

 
Solving equation 2.74 for bult, with equation 2.75 and 2.76 inserted in 2.74 gives: 
 

2
pas

2/1
pas

2/3
pas

2/1
pas

2/5
pasult )(2)(

4
1 sKKKcKKwb +++−= γ     (2.77) 

 
The equation for the ultimate bearing capacity then can be expressed as: 
 

γscult 2
1 wNsNcNb γ++=        (2.78) 

 
Where Nc, Nq, and Nγ are the bearing capacity factors, which can be expressed: 
 

)(
2
1 2/1

pas
2/5

pasγ KKN −=         (2.79) 

)(2 2/1
pas

2/3
pasc KKN +=         (2.80) 

2
pasKNs =          (2.81) 

 
Equation 2.78 represents a common form for the general bearing capacity 
equation. Even though the example above represents a simple form of analyses 
with two limiting assumptions, i.e. straight failure surface and no shear force at 
the interface between the two wedges, it shows the basic theoretical concept for 
bearing capacity problems. 
 
Based on Prandtl´s (1920) theory of plastic equilibrium, Terzaghi (1943) 
developed an equation for calculating the ultimate bearing capacity for shallow 
footings. Terzaghi defined a shallow footing as a footing whose width, 2w, is 
equal to or greater than the vertical distance, D, between the surface of the ground 
and the base of the footing. If the condition is satisfied, the soil above the base of 
the footing is replaced by a surcharge load, S, and the shearing resistance of the 
soil located above the base of the footing is neglected. The equation is valid for 
isotropic homogenous continuum materials, whose strength can be expressed in 
terms of cohesion, c, and internal friction angle, φ, with the Mohr-Coulomb 
failure criterion. Terzaghi assumed that the slip failure surface for a continuous 
footing on a semi-infinite space consisted of three zones. The failure surfaces of 
zones I and III were assumed to be a straight line. The failure surface of zone II 
was approximated with a logarithmic spiral, see figure 2.38. 
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Figure 2.38 Theoretical slip failure surfaces according to Terzaghi (1943). 
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Terzaghi assumed that the material in zone I was counteracted by the friction and 
adhesion between the material and the footing. Therefore, it was not able to 
expand into an active state. Instead, it was in a state of elastic equilibrium, and 
behaved as a part of the structure which was sinking into the soil. Terzaghi 
therefore assumed that the footing could not sink into the ground until the load on 
the interface between zones I and II becomes equal to the passive earth pressure. 
This pressure on each side of zone I consists of two components; Ppas acting at an 
angle, φ, to the normal on the contact face, and an adhesion component, C, see 
figure 2.39. 
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Figure 2.39 Forces acting upon zone I at failure. 
 
The adhesion component can be expressed as: 
 

cBC ⋅=
φcos

         (2.82) 

 
Adding the weight of the soil in zone I, vertical force equilibrium gives the 
following equation: 
 

0tan22tan2 pas
2

ult =⋅⋅⋅−−⋅⋅+⋅⋅ φφγ cwPwwb     (2.83) 
 
Where bult is the bearing capacity in N/m2. Based on equation 2.83, together with 
expressions for the passive earth pressure and the shape of the logarithmic spiral, 
Terzaghi derived the following equation for the ultimate total bearing capacity, 
Bult (N), for a continuous footing with a width of 2w.  
 

( )γScult 2 Ν⋅⋅+⋅⋅+⋅⋅⋅= γγ wNDNcwB      (2.84) 
 
Where the bearing capacity factors Nc, NS, and Nγ, were expressed as: 
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The equation for the shape of the logarithmic spiral a, was expressed as: 
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φφπ tan)2/( 4
3 −= ea         (2.88) 

 
The factor Kpas,γ is a factor which was sparsely explained by Terzahgi, only 
described as a factor of “pure numbers whose values are independent of the 
width…of the footing”. Cernica (1995) presents an approximation after S. Husain, 
Professor at the Youngstown State University, and it is expressed: 
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Equation 2.84 is valid for long concentrically loaded footings in dense continuum 
materials, and is regarded as slightly conservative. Furthermore, it assumes that a 
general shear failure is developed. For a local shear failure, Terzaghi proposed 
that cohesion, c, and tanφ should be reduced with 2/3, in order to account for the 
reduced length of the failure surface.  
 
Over the years there have been many contributions in order to improve the 
bearing capacity equation. The major part of these contributions regarded the 
introduction of different kinds of correction factors. Meyerhof (1951 and 1963) 
presented an equation similar to Terzaghi´s, but introduced correction factors for 
shape, e, depth, d, and inclination of the load, i. He also proposed equations to 
determine allowable total load which is applied eccentrically. Hansen (1961) 
proposed an equation which to a large extent is similar to the one proposed by 
Meyerhofs. However, Hansen included ground factors, g, and base factors, l, to 
account for a footing on a slope. The equation is usually referred to as the general 
bearing capacity equation, and is presented in equation 2.90. A similar approach 
was also done by Vesic (1973), resulting in somewhat different values for the 
bearing capacity- and correction factors. A comprehensive description of the 
development of the bearing capacity equation can be found in a paper by Poulus 
et al. (2001).  
 

γγγγγγSSSSSSccccccult glidewNglideqNglidecNb γ++=    (2.90) 
 
Where: 
 
e  Correction factor for the shape of the footing  
d Correction factor for the depth of the base of the footing in respect 

to ground level 
i  Correction factor for the inclination of the applied load 
l  Correction factor for the inclination of the base of the footing 
g  Correction factor for the inclination of the ground  
 
Nc, NS, and Nγ are the bearing capacity factors, c is cohesion, S is the load from 
surcharge, γ is the unit weight of foundation material, and 2w is the width of the 
footing. US Army Corps of Engineers (1994) has summarized typical bearing 
capacity failure modes associated with various rock mass conditions, which are 
presented in table 2.13. These conditions are divided into intact rock, steeply 
dipping joints, jointed, layered rock, and fractured rock.  



Stability analysis of large structures founded on rock – an introductory study 

 60 

 
Table 2.13 Typical bearing capacity failure modes associated with various rock mass conditions 
(After USACE 1994). 

Rock mass condition Failure 

 

Joint 
Dip 

Joint 
Spacing Illustration Mode 

B

w

 

a) Brittle rock: 
Local shear 
failure caused 
by localized 
brittle failure 

In
ta

ct
 

 

cc>>w 

w

Bult

 

b) Ductile rock: 
General shear 
failure along 
well defined 
failure surfaces. 

w

cc
α

B

 

c) Open joints: 
Compressive 
failure of 
individual rock 
columns. Near 
vertical joint 
set(s). 

cc<w 

w

cc
α

B

 

d) Closed 
joints: 
General shear 
failure along 
well defined 
failure surfaces. 
Near vertical 
joint(s). 

St
ee

pl
y 

di
pp

in
g 

jo
in

ts
 

70
 <

 α
 <

90
 

cc>w 

w

cc
α

B

 

e) Open or 
closed joints: 
Failure initiated 
by splitting 
leading to 
general shear 
failure. Near 
vertical joint 
set(s). 
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Table 2.13 (continued) Typical bearing capacity failure modes associated with various rock mass 
conditions (After USACE 1994). 

Rock mass condition Failure 

 Joint 
Dip 

Joint 
Spacing Illustration Mode 
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cc<w or 
cc>w if 
failure 
wedge can 
develop 
along 
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w

α
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f) General shear 
failure with 
potential for 
failure along 
joints. 
Moderately 
dipping joint 
set(s). 

w

Rigid

Soft

h

B

 

g) Thick rigid 
upper layer: 
Failure initiated 
by tensile 
failure caused 
by flexure of 
thick rigid 
upper layer. 
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d 

0<
 α

 <
20

 

Limiting 
values of 
h with 
respect to 
w is 
dependent 
upon 
material 
properties 

w

Rigid

Soft

h
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h) Thin rigid 
upper layer: 
Failure is 
initiated by 
punching 
through the thin 
rigid upper 
layer 

Fr
ac
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re

d 

 cc<<w 

w
B

 

i) General shear 
failure with 
irregular failure 
surface through 
rock mass. Two 
or more closely 
spaced joint sets 
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2.5.3 Analytical methods for sliding failure 
 
Sliding is basically a problem of determining the shear strength along the 
discontinuities where sliding might takes place. Structures such as dams, which 
are subjected to a high horizontal load from water pressure and ice load, are 
especially sensitive for this type of failure mode. Two different types of sliding 
failure can be distinguished for foundations, plane sliding and wedge sliding. In 
this section, different analytical methods to assess these failure modes will be 
presented. 
 
Plane sliding 
 
Before the 1900’s, the only stability criterion for dams was that the resultant 
should fall in the middle third of the foundation cross-section in order to prevent 
overturning. At the end of the 1800’s it was recognized that dam failures often 
occurred by a downstream movement, without overturning. An awareness of 
sliding failure, and the significance of the uplift load, was developed. Stability 
analyses which accounted for those factors was started to be used at the beginning 
of the 1900’s (Nicholson 1983). Thereafter, three different methods have been 
developed to assess the safety against plane sliding. These are; the sliding 
resistance method; the shear friction method; and the limit equilibrium method. 
 
The first criterion to assess the safety against sliding was the sliding resistance 
method, which calculated a coefficient of friction, μ. This coefficient was 
calculated by dividing the sum of the forces parallel the sliding plane, ΣHpar, by 
the sum of the effective vertical forces normal to the sliding plane, ΣV´n. This 
calculated coefficient of friction, μ, should be smaller than an allowable 
coefficient of friction, μall, according to equation 2.91.  
 

all
n

par μμ ≤
′

=
∑
∑

V
H

        (2.91) 

 
In the USA, this method was used between the 1900’s and the 1930’s according 
to the US Army Corps of Engineers (1981). Furthermore, USACE writes that 
“Experience of the early dam designers had shown that the shearing resistance of 
very competent foundation material needs not to be investigated if the ratio of 
horizontal forces to vertical forces (ΣH/ΣV) is such that a reasonable safety 
factor against sliding results”. In other words, this method was a control against 
sliding based on experience, both for the foundation material, and for the interface 
between the foundation and the concrete.  
 
The shear friction method started with an article published by Henna 1933 
(Nicholson 1983). Henna introduced an equation to calculate the factor of safety 
against sliding for concrete dams based on the Coulomb equation, see equation 
2.92. 
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In equation 2.92, s1 was described as the shearing resistance without normal load, 
k as a factor for the increase of the shearing resistance, W was the dead weight of 
the structure, and u was the uplift load under the dam. P was the total load from 
water pressure perpendicular to the expected sliding direction. Today, the shear 
friction method usually has the form according to equation 2.93. 
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       (2.93) 

 
Where c is the cohesion of the sliding surface, φ is its friction angle, and V´n is the 
effective vertical load normal to the sliding plane. The simplest form of sliding 
failure for a dam on a rock foundation is with a horizontal discontinuity in the 
rock mass which day-light downstream the dam. Analyzing it with the shear 
friction method, a 1 m wide strip of the foundation is usually assumed. This 
failure mode has been described by Underwood and Dixon (1976), and is 
presented in figure 2.40. 
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Figure 2.40 Plane sliding along a discontinuity which day-light downstream the dam (After 
Underwood and Dixon 1976). 
 
Since a one meter wide strip is assumed, equation 2.93 becomes: 
 

∑
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       (2.94) 

 
Where L is the length of the considered sliding surface. Equation 2.93 and 2.94 
are frequently used for assessing sliding stability, and originates from equation 
2.92. According to Nicholson (1983), the basic assumptions necessary for this 
method are that the definition of the factor of safety is correct, that two-
dimensional analysis is applicable, and that the analyzed mode of failure is 
kinematically possible. When equation 2.94 is used, Underwood and Dixon 
(1976) point out that if the calculation is done past deformations, the residual 
shear strength may has to be considered, and the cohesion may be absent. They 
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also propose that the cohesion should only be included for intact portions of the 
rock, and should be reduced with 90 % or more if the rock is closely jointed.  
 
For low confining pressures, the apparent cohesion in discontinuities is small. In 
addition to this, the uncertainties regarding it are large. It is therefore common to 
exclude the cohesion in the calculations. Excluding cohesion reduces equation 
2.94 to: 
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        (2.95) 

 
However, equations 2.93 to 2.95 are only valid for plane surfaces which day-light 
downstream the dam, and these cases are rare for rock foundations. Underwood 
and Dixon (1976) also give another example where the horizontal discontinuity 
ends in the rock mass according to figure 2.41.  
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Figure 2.41 Plane sliding along discontinuity ending in the rock mass plus passive wedge 
resistance (After Underwood and Dixon. 1976). 
 
In this case, the failure plane will consist of sliding along the horizontal 
discontinuity, plus a passive wedge. The factor of safety calculated with the shear 
friction method in this case can be expressed as: 
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      (2.96) 

 
Where Ppas is the passive rock wedge resistance. The same limitations that are 
valid for sliding along a discontinuity day lighting downstream the dam are also 
valid here, i.e. cohesion may be absent after movement and friction angle may be 
residual. Furthermore, the vertical shear stress between the dam wedge and the 
passive wedge is neglected.  
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In addition to these limitations there exists another limitation with this model. To 
develop full passive resistance in the passive wedge, a larger deformation of the 
rock is usually necessary than the deformation necessary to obtain peak shear 
strength in the discontinuity under the dam. Due to this, Underwood and Dixon 
(1976) mean that the passive resistance, and the shear strength in the 
discontinuity, may not be additive. 
 
In the examples above, the discontinuities are horizontal. However, most 
discontinuities in the rock mass are inclined. An inclined discontinuity could be 
evaluated according to the same principles as shown above in equation 2.96. 
Nicholson (1983) described the following equations for an inclined sliding plane 
combined with a passive wedge. The failure mode is illustrated in figure 2.42, and 
the definition of the factor of safety is presented in equation 2.97. 
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Where R is the maximum horizontal force which can be resisted by the failure 
surface beneath the dam wedge, Ppas is the maximum passive horizontal resistance 
by the rock wedge, and ΣH is the sum of the horizontal loads. 
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Figure 2.42 Forces acting on a hypothetical dam with inclined sliding plans according to the 
shear friction method (After Nicholson 1983). 
 
For up-slope sliding, the following mathematical expressions were derived by 
Nicholson from static equilibrium: 
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And for down-slope sliding: 
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The passive resistance was expressed as: 
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In the three equations above, ΣV´ is the sum of vertical forces including the 
reduction from uplift forces, φ is the friction angle for the sliding plane, α is the 
angle for the inclined failure plane against the horizontal, c is the cohesion for the 
sliding plane, A is the area of the potential failure plane, and W´ is the effective 
weight of the passive rock wedge, plus any superimposed loads. Subscripts dam 
and pas stands for dam wedge and passive wedge respectively. 
 
In addition to the limitations described earlier, Nicholson (1983) described three 
more limitations associated with equation 2.98-2.100 and the shear friction 
method. The first limitations are due to the mathematics needed to solve R and 
Ppas. It can be seen that the factor of safety approaches infinity as the expression 
(φ+α) or (φ-α) reaches 90o. The probability for this phenomenon is largest for the 
passive wedge, since the angle of inclination is more likely to be defined by 
relatively steeply dipping discontinuities. The second limitation originates from 
the passive wedge force component. It is independent on the forces acting on the 
structure. Therefore, when the structure and the passive wedge are considered as a 
single block, it is not in static equilibrium except when the FS is unity. And 
finally, the application of the shear friction equations 2.97-2.100 is limited to 
failure modes along one or two planes. 
 
In addition to the potential failure modes described above, Underwood and Dixon 
(1976) gives an example of sliding along a discontinuity which includes buckling. 
This mode of failure is possible when the rock mass consist of thin bedded strata 
that will collapse due to buckling under compression. 
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Figure 2.43 Sliding along horizontal discontinuity plus buckling of thin bedded strata (After 
Underwood and Dixon 1976). 
 



Chapter 2 – Literature study 

 67

The principle is the same as shown in equation 2.97, but in this case is the passive 
resistance replaced by a buckling resistance according to equation 2.101 below. 
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Where D/2 is least radius of gyration or ½ strata thickness, and A is the cross 
sectional area of a one meter wide strip. They also point out that equation 2.101 is 
only intended to show the principle, and is not intended for design purposes. The 
factor of safety according to buckling can be expressed as: 
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       (2.102) 

 
To increase the buckling resistance, they suggest putting the thin strata together 
by rock bolting. 
 
The third method to assess the safety against sliding is by the limit equilibrium 
method. The previous examples were based on the shear friction method, which 
means that the factor of safety is defined as resisting shear strength divided by the 
horizontal load. With the limit equilibrium method, the factor of safety against 
sliding is defined according to equation 2.103. 
 

τ
τ fFS =          (2.103) 

 
In the equation above, τf is the available shear strength at failure and τ is the shear 
strength required for equilibrium. This way to define the factor of safety is also 
referred to as the limit equilibrium method, and can be thought of as the degree of 
shear strength mobilized (Nicholson 1983). 
 
According to Nicholson (1983), the basic assumptions required to develop the 
stability equations for the limit equilibrium method are as follows: 
 

1. The factor of safety is defined according to equation 2.103. 
2. Impending failure occurs according to the requirements imposed by 

perfectly-plastic failure theory. 
3. The maximum shear strength that can be mobilized is adequately defined 

by the Mohr-Coulomb failure criteria.  
4. Failure modes can be represented by two-dimensional, kinematically 

possible planes. 
5. The factor of safety computed from the stability equations is the average 

factor of safety for the total potential failure surface. 
6. The vertical forces between wedges are assumed to be negligible. 
7. The structural wedge must be defined by one wedge. 
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The limit equilibrium method can be used when sliding occurs along a failure-
plane of several discontinuities, i.e. non-plane sliding, as well as for plane sliding. 
For non-plane sliding, the rock mass above the sliding plane is divided into 
several structural blocks. This method is often referred to as multiple wedge 
analyses. It is only two dimensional, and should not be mixed up with the three 
dimensional wedge stability described later in the text. 
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Figure 2.44 Geometry, forces, and coordinate system for an i:th wedge in a hypothetical wedge 
system (After Nicholson 1983). 
 
When the factor of safety for a multiple system of n number of wedges with 
forces and angles according to figure 2.44 is derived, it will result in n+1 
unknowns. The factor of safety should be equal for all wedges. This assumption 
produces n equations. 
 

nFSFSFSFS ==== ...21        (2.104) 
 
The final equation for the solution comes from an additional equation which 
assumes horizontal equilibrium: 
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Based on the equation from 2.104 and 2.105, the factor of safety can be calculated 
for the system of wedges according to equation 2.106 (Nicholson 1983). 
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Where Vi is the total vertical force acting on the sliding surface for wedge i, U is 
the uplift force on the sliding surface for wedge i, and Ai is the area of the sliding 
surface for wedge i. αi is the angle of the sliding surface for wedge i with respect 
to the horizontal, negative for down-slope sliding, and positive for up-slope 
sliding. Hi is the total external horizontal force acting on the wedge. The factor nαi 
can be determined with equation 2.107 below. 
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This type of analyze was one among many other techniques that was used to 
assess the stability of the Three Gorges dam foundation (Liu, Feng, Ding, 2003). 
At the Three Gorges dam foundation there was one special problem. The 
discontinuities along the expected sliding path were not persistent, i.e. there 
existed several “rock bridges” between the discontinuities. To solve this problem, 
the friction angle and cohesion was expressed as weighted values of the 
discontinuities and the bridges of intact rock along the potential sliding surface of 
the wedges in the calculation. 
 
Since the definition of the factor of safety is expressed differently in the shear 
friction method and the limit equilibrium method, it results in most of the cases in 
different factors of safety in the calculations. Nicholson (1983) performed a 
thorough comparison between the two methods. In the guidance given by the U.S. 
Army, the minimum acceptable factor of safety is 2.0 for the limit equilibrium 
method, while a safety factor of 4.0 is the requirement for the shear friction 
method. Nicholson writes that: 
 
”This does not necessarily imply that the overall factor of safety has been reduced 
by 50 percent. As a general rule, for a given structure with an inclined potential 
failure surface the limit equilibrium method and shear friction methods will result 
in a different and unique factor of safety. The magnitude of the difference is 
dependent on the geometry of the problem, loading conditions, and resisting 
shear strength parameters”. 
 
This difference in factor of safety between the two methods clearly shows one of 
the difficulties in expressing the safety for a structure with a single factor of 
safety. The calculated safety is a nominal safety, and the assumptions it is based 
upon must be taken into consideration. 
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Wedge sliding 
 
In the former section, plane sliding was considered, i.e. two dimensional analyses. 
However, the rock mass usually consists of intact rock intersected by a number of 
discontinuities. These discontinuities form rock blocks or wedges which are 
necessary to analyze in order to assess the stability of the foundation. A wedge is 
formed by at least two discontinuities that intersect each other. In slopes, the slope 
surface and the upper slope surface defines the boundaries of the wedge, see 
figure 2.45. 
 

Slope surface

Line of intersection

Upper slope surface

 
Figure 2.45 Wedge in a slope formed by two discontinuities. 
 
The fundamental principles behind wedge stability have been invested 
analytically by a number of researchers like John (1968), Londe et al. (1969), and 
Hendron et al. (1980). Two other among them is Hoek and Bray (1981). In their 
book Rock Slope Engineering, the principles behind wedge stability are described. 
 
For the simple case of wedge stability in a slope, assuming that sliding is resisted 
by friction only and no pore pressure are present, Hoek and Bray (1981) derives 
the factor of safety with limit equilibrium analyses in the following way. 
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Figure 2.46 Forces and angles for a rock wedge in a slope resisted by friction only (Hoek and 
Bray 1981). 
 
If the angles and forces are defined according to figure 2.46, the factor of safety 
for sliding along the line of intersection can be defined according to equation 
2.108. 



Chapter 2 – Literature study 

 71

 

α
φ

sin
tan)(

⋅
⋅+

=
W

FFFS BA        (2.108) 

 
Equilibrium both horizontally and vertically gives the following expression for 
the support forces FA and FB.  
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By combining equations 2.108 and 2.109, the factor of safety can be expressed 
according to equation 2.110 (Hoek and Bray 1981). 
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In foundation engineering, the slope surface is usually not present, and at least 
one more plane or discontinuity is necessary to form the wedge, see figure 2.47. 
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Figure 2.47 Principle sketch of wedge in a foundation 
 
The wedges in foundations are usually stable for their own weight, and have to be 
subjected to forces from an overlying structure to become unstable. The 
expressions for the factor of safety can be obtained by doing the same principal 
analyze as for a wedge in a slope. However, this expression tends to be very 
complex, especially if vertical and horizontal forces, cohesion and hydrostatic 
pressure is present, and will not be shown here. 
 
In the example above was sliding along the line of intersection analyzed, i.e. 
wedge sliding. However, for a wedge there exist four different modes of failure, 
Yeung and Jiang (2002): 
 

• Free falling 
• Sliding on one plane 
• Wedge sliding 
• Torsional sliding 
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Due to this, limit equilibrium analyses for wedge stability have several 
limitations. Yeung and Jiang means that; “They do not consider dynamic 
equilibrium”; “most cannot handle rotational modes”; “none can handle 
rotational modes such as torsional sliding”. They further conclude that analyses 
with three dimensional DDA can model torsional sliding. The principle of DDA 
will be briefly discussed in chapter 2.5.6, numerical methods for discontinuum 
materials.  
 
The consideration of these other types of failure modes can be important. For 
example, Poisel et al. (1991) propose that the probable mode of failure for the 
Malpasset arch dam was due to block torsion in the rock foundation. 
 

2.5.4 Analytical method for overturning 
 
The first criterion for stability analyses of dams regarded overturning. It was used 
before the 1900’s, and the only requirement was to assure that the resultant should 
fall in the middle third of the dam base (Nicholson 1983). 
 
Today, overturning is usually considered by calculating a factor of safety against 
it. It is defined as the ratio between stabilizing and overturning moment according 
to equation 2.111. 
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According to Wyllie (1999), overturning is unlikely to occur in practice for 
gravity dams. In general, other type of failure modes will take place before it 
occurs, such as crushing of the toe material, and cracking of the upstream 
material, which results in increased uplift and reduced shear resistance.  
 

2.5.5 Numerical methods for continuum materials  
 
The numerical methods for rock mechanical problems can be divided into two 
main categories, the continuum methods and the discontinuum methods. Which of 
these methods to be used, mainly depends on the scale of the problem and the 
geometry of the joint system according to figure 2.48. For stability analyses of 
foundations, the numerical methods are mainly used in two cases. The first is 
when the interaction between foundation and structure needs to be considered. 
The second is when the geometry of the problem is so complex that simple 
analytical models are not sufficient. Numerical methods are consequently an 
important tool too determine stresses and strains, both in the rock foundation and 
the structure. In the last three decades, the advances in numerical methods have 
been impressive. Today, there exist several types of numerical methods. Here, 
available types of numerical methods for solving rock mechanics problem in a 
continuum material will be presented in short. Since FEM is the most common of 
these methods, certain aspects with this method will be described in more detail. 



Chapter 2 – Literature study 

 73

However, details of calculation techniques and mathematical theories will not be 
described in this study. Instead, the interested reader is referred to texts about the 
subject, such as Owen and Hinton (1980) and Cook et al. (1989) among others.  
 

 
Figure 2.48 Different numerical methods for an excavation in a rock mass: (a) continuum method; 
(b) either continuum with fracture elements or discrete methods; (c) discrete methods; (d) 
continuum with equivalent properties (After Jing 2003). 
 
For the continuum methods, there exist three main approaches; the Finite 
Difference Method (FDM); the Finite Element Method (FEM); and the Boundary 
Element Method (BEM). The difference between them is the solution technique 
for solving the PDE:s (Partial Differential Equations) of the problem. Due to the 
differences in solution techniques, each of these methods has special 
characteristics which make one method more suitable for a certain type of 
problem and unsuitable for another. In a review paper, Jing (2003) says that FEM 
has advantages in handling material in-homogeneity and non-linearity, while 
BEM is the best tool for simulating fracturing processes. FDM on the other hand, 
due to its conceptual simplicity, is a useful tool for coupled Thermo Hydro 
Mechanical (THM) problems.  
 
Due to its maturity, the possibility of modelling continuum rock masses, 
interaction between foundation and structure and elasto-plastic behaviour, FEM 
has become one of the most widely used tools for rock mechanical problems. To 
model geo-mechanical problems properly, the numerical method must be able to 
consider (Fredriksson 1984): 
 

− Heterogeneity. 
− Non-linear behaviour. 
− Stepwise construction sequences. 
− Interaction between foundation and structure. 
− Relative displacements, cohesion and friction between foundation and 

structure. 
 
According to Fredriksson (1984), FEM can, if properly used, fulfil these 
demands. 
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When FEM is used to analyze a rock mechanical problem, it is generally 
performed in six steps, including (Stille et al. 2005): 
 

− Description of reality (description of geological conditions etc.). 
− Idealization (simplification of reality). 
− Discretisation (Division of the system into finite elements). 
− Element analysis (Selection of material model). 
− Structural analysis (Running the program). 
− Interpretation of result. 

 
In these six steps there are certain aspects worth special consideration. Some of 
these aspects are described below.  
 
For all continuum methods, including FEM, the displacements compatibility must 
be enforced between the elements in the model. No relative displacements 
between the elements are allowed, which is a shortcoming with the continuum 
methods and FEM, since the main part of the displacements in a rock mass 
usually occur by rigid body movements. 
 
The stresses and strains in elasto-plastic materials are dependent on the loading 
history. As a consequence, when the FEM is used in rock-mechanical problems 
with elasto-plastic material properties, the analysis must follow the true loading 
sequence in order to obtain relevant values on stresses and deformations.  
 
All rock mechanical problems are three-dimensional in nature. However, if a state 
of plane strain can be assumed, the problem can be idealized into a two-
dimensional problem which can decrease the time for solving the problem 
considerable. These types of idealizations should always be performed where 
possible in order to save time and computational effort. 
 
The division of the system into finite elements is today usually performed with 
pre-processors. However, it is not certain that this is done in an acceptable way. It 
is always up to the engineer to analyze if the element mesh is acceptable. One 
way to check this is to perform a few computations with a successively finer 
element mesh, and control if the solution converge. As a general rule, the 
elements should be smaller where large stress changes occur.  
 
A problem with the FEM is that it does not model infinite boundaries well. To 
handle this, the common technique is to discretize beyond the zone of influence 
from the structure. A study performed by Foster et al. (1994), on the effects of 
foundation depth in the model versus vertical stresses, concludes that a finite 
element grid should include a foundation depth of at least three times the base 
width of the structure. With this ratio between the foundation depth and base 
width of the dam, the difference from theory of elasticity is less than 10 percent. 
To achieve accurate stress results within the dam, Foster et al. (1994) conclude 
that a foundation model of depth and width equal to 1.5 and 3.0 times the base 
width of the dam are sufficient to achieve accurate stress results. 
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In order to model the interface between structure and foundations as well as joints 
where relative displacements can occur, special “interface” elements can be used. 
These elements has usually an assumed zero thickness with a large ratio of length 
to thickness. Due to this, numerical ill-conditioning may arise when these types of 
elements are used (Jing 2003). The engineer should be aware of this limitation 
when incorporating these types of elements into the model. 
 
Another important issue to consider is that FEM does not automatically address 
failure modes. For example, linear elastic FEM determines stresses and strains for 
a problem with specific geometry, boundary conditions and loads. It is up to the 
engineers to model the problem in such a way that it represents possible failure 
modes, and that they have sufficient experience to evaluate the results.  
 
In addition to all these aspects mentioned above, the key aspect for the numerical 
model is how the rock mass is characterized, and which values on the mechanical 
parameters that are used. The common problems with rock mass characterization 
are due to this also valid for the numerical methods. Jing (2003) describes some 
of the problems associated with rock mass characterization and numerical 
methods: 
 

− “The in-situ rock stress is not easy to characterize over the region to be 
modelled; 

− rock properties measured in the laboratory may not represent the values 
on a larger scale; 

− rock properties may have to be estimated from empirical characterization 
techniques; 

− the uncertainty in the rock property estimates is not easy to quantify” 
 
It should therefore be kept in mind that the numerical methods are mainly an 
additional tool to the analytical methods. It is a tool to model the problem, based 
on constitutive laws and models of rock mass behaviour. The result from these 
models is therefore dependent on the validity of these constitutive laws and 
models. The problems and uncertainties with rock mechanical problems are still a 
matter of consideration. 
 

2.5.6 Numerical methods for discontinuum materials 
 
In the previous section, it was assumed that the rock mass could be modelled as a 
continuum material. This assumption is correct for intact rock, or heavily 
fractured rock masses. However, as shown previously, there exist rock masses 
which can not be modelled as such material. This discontinuum material consists 
of a discrete block system. The deformations in it occur mainly through rigid 
body movements of intact rock blocks. The continuum approach, which assumes 
infinitesimal deformations, and material continuity, can not model this behaviour. 
Instead, numerical methods which model the rock mass as discrete bodies have to 
be used. These methods enable large displacements of separate intact blocks, and 
can for example model a progressive failure. Examples of such methods are the 
Distinct Element Method (DEM) (Cundall 1980), and the Discontinuous 
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Displacement Analysis (DDA) (Shi 1988). In these methods, forces between the 
rock blocks are transferred through contacts at their boundaries. These forces 
changes with motion and deformation, based on specific fundamental laws. The 
methods permit rotation and translation of the blocks, and also complete 
detachment of them. In the last decade, the development of these types of discrete 
numerical methods have been impressive, and they have now reached a certain 
level of maturity, which for example have resulted in the commercial codes 
UDEC (Itasca 1992), and 3DEC (Itasca 1994). 
 
Since the forces between the blocks are transferred trough the boundaries between 
them, the mechanical behaviour of these boundaries, the discontinuities, are 
important. Usually, the mechanical behaviour is modelled with a normal and 
tangential stiffness, together with a friction angle, as described earlier in the 
study. The intact blocks are modelled as rigid or linear elastic continuum bodies. 
 
Even though these techniques have the ability to model discontinuum material, 
including large displacements, rotation, and translation, they have limitations. The 
most serious one, according to Jing (2003), is that knowledge about the geometry 
of the fracture system is necessary, which can only be roughly estimated. The 
same problem is also valid for the continuum approach, but becomes more acute 
with the discrete methods. 
 

2.6 Verification and follow-up of predictions 
 
Among the first who described the principles of verification and follow-up of 
predictions were Terzaghi and Peck (1948). They meant that savings could be 
achieved in the project if the gaps in available information were filled by 
observations during construction, since this new information make it possible to 
modify the design after existing conditions. Terzaghi and Peck called this design 
the observational procedure. 
 
During the years, this procedure has been further developed and refined. Stille 
(1986) describes a design method used for underground excavations called active 
design. This method consists of a strategy involving three steps: 
 

− Prediction 
− Observation 
− Measures 

 
The predictions are usually based on calculations in the early stage of the project. 
As the excavation proceeds, the predictions should be updated as new information 
are gathered. Furthermore, observations in form of visual inspection and different 
kinds of measurements are performed as it proceeds. These observations should 
be compared with the predicted behaviour, and measures should be arranged if 
necessary. These measures should be planned in con-junction with the 
predictions, so they can be easily performed without any delays in the 
construction. In other words, if verification and follow-up of the predictions are 
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used as a part of the design, it is important that limits for acceptable behaviour 
have been set. If these limits are violated, pre-planned counter-measures should 
be undertaken. The limit which triggers a counter-measure is called an alarm-
threshold. In addition to it, it also includes a target value and a critical limit. The 
concept is described in figure 2.49.  
 

Movements

Time

Lead time

Target value

Alarm threshold

Critical limit

 
Figure 2.49 The concept with alarm threshold and lead time (After Stille 2003 based on Paté 
Cornell & Benito-Claudio 1987). 
 
The target value, critical limit, and alarm threshold could be described as follows 
(Stille et al. 2003): 
 

− “The target value is a guide to efficient and safe work with a sufficiently 
low probability of exceeding the alarm threshold. 

− The critical limit is the limit where damage is expected to occur with an 
unacceptable probability. 

− The alarm threshold is a pre-determined value which will activate pre-
planned measures if exceeded in order to avoid damage. 

− The lead time is the time from that the alarm threshold is exceeded until 
the critical limit is reached, which means that it is the available time to 
install the pre-planned measures.” 

 
The basic procedure to design an observation method with an alarm-threshold has 
been described by Stille et al. (2003) and involves the following steps: 
 

− “Identify the sensitive functions that are to be protected. 
− Identify the damage mechanism and the critical limits for those functions 

and find suitable direct countermeasures. 
− Find observable/measurable indicators that are related to the damage 

mechanism and determine the critical limits expressed in those indicators. 
− Identify the construction work steps that can disturb the functions. 

Determine work procedure-related countermeasures. 
− Predict the behaviour of the rock, including the expected type of 

behaviour for these construction steps. 
− Determine alarm-thresholds considering countermeasures and the 

necessary lead time. 
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− Make a detailed design of the observation system. 
− Implement, observe, follow up and update. Make changes if necessary.” 

 
For a rock foundation, the concept with an active design, including predictions, 
observations and pre-planned measures, are an important component when the 
stability should be verified, since measurements or observations are the only 
possible method to verify the predicted behaviour. Furthermore, it can give early 
indications for an unpredicted behaviour. Finally, countermeasures can be 
undertaken before failure occurs. 
 
When predictions are performed, one aspect is especially important to consider. 
The calculations which are done to predict the behaviour is not a design 
calculation. Instead, it is an attempt to reflect the reality (Bredenberg et al. 1981). 
It is therefore important to use the most probable values that reflect reality best, 
and not reduce the values with partial coefficient etc. 
 
Another important aspect for rock foundations is that different types of post-peak 
behaviour exist. If a brittle failure is likely to occur, failure can take place 
suddenly after small deformations. In these cases, measurements of deformations 
may not be the best method. Instead, other types of observations may be more 
suitable. On the other hand, if a ductile behaviour is expected, measurements of 
deformations may be preferable. 
 

2.7 Laws, regulatory rules, and guidelines  

2.7.1 Introduction 
 
In Sweden, the law about technical property demands on constructional work, 
BVL, and the regulation about technical property demands on constructional work 
BVF, contain the statues regarding bearing capacity, stability, and durability. 
Design according to the construction rules of the National Board of Housing, 
Building, and Planning, BKR, makes sure that these laws and statues are obeyed. 
According to the plan and building law, PBL, is it the owner’s responsibility that 
these demands are fulfilled.  
 
Chapter four in BKR contains construction rules for geotechnical structures, but 
those are primarily for earth structures (Boverket 2003). However, BKR are not 
valid for all types of structures. One example is that the National Road 
Administration has the right to announce regulations regarding roads and facilities 
that belongs to the road or street. For bridges, the National Road Administration 
has issued the Swedish bridge design code, Bro 2004 (Vägverket 2004). Another 
example is Swedish dams, which are not covered by the BKR. For dams, the 
owner has a strict responsibility in the event of failure or any other accident. As a 
consequence, the Swedish power companies, through the organisation 
Swedenergy, have issued the Swedish power companies guidelines for dam 
safety, RIDAS (Svensk Energi 2002). This means that no general rules for 
structures founded on rock exists in Sweden. 



Chapter 2 – Literature study 

 79

 
In 2006, the transitional period starts for the Eurocode regarding geotechnical 
structures, EN 1997-1. It will be going on until 2009, and after that replace BKR.  
 
Since this study concerns large concrete structures founded on rock in general, 
and concrete dams in particular, a literature study has been performed of the 
Eurocode, the Swedish bridge design code, Bro 2004, and the Swedish power 
companies guidelines for dam safety, RIDAS. This has been done in order to 
identify common practice in how large concrete structures founded on rock are 
designed in Sweden. Furthermore, regulations and guidelines for concrete dams in 
some other countries, with conditions similar to Sweden, have been studied. 
 

2.7.2 Eurocode 
 
For structures, the Eurocode comprises of several parts. As an overall document 
for the different parts is EN 1990 “Basis for structural Design”. This standard, 
together with EN 1997-1 “Geotechnical design”, are the ones that concerns large 
structures founded on rock. 
 
The Eurocode standard, EN 1990:2002, states that: 
 

− Design for limit states shall be based on the use of structural and load 
models for relevant limit states. 

− The safety requirements should be achieved by the partial factor method. 
− As an alternative, a design directly based on probabilistic methods may be 

used. 
 
According to Eurocode document EN 1997-1:2004, the limit states should be 
analyzed with any of the following methods: 
 

− Use of calculations. 
− Adoption of prescriptive measures. 
− Experimental models and load tests. 
− An observational method. 

 
In EN 1997-1:2004, section 2.4.1 states that the design by calculation shall be in 
accordance with the fundamental requirements of EN 1990:2002. The calculation 
model may consist of any of the following: 
 

− An analytical model. 
− A semi empirical model. 
− A numerical model. 

 
Section 6.5 in EN 1997-1:2004 regards spread foundations in ultimate limit state. 
It addresses bearing resistance, sliding resistance, and structural failure due to 
foundation movement. 
 



Stability analysis of large structures founded on rock – an introductory study 

 80 

To verify the bearing resistance, the criterion in equation 2.112 shall be satisfied 
for all ultimate limit states. 
 

dd RV ≤          (2.112) 
 
Where Vd is the design value of the vertical load, or component of the total action 
acting normal to the foundation base, and Rd is the design value of the resistance 
to an action. To verify the criterion above, the standard states that common 
analytical methods should be used. In cases where they are not applicable, 
numerical procedures should be applied. In addition to those, a semi-empirical or 
prescriptive method can be used.  
 
To verify the sliding resistance, the criterion in equation 2.113 shall be satisfied. 
 

dp;dd RRH +≤         (2.113) 
 
Where Hd is the design value of the horizontal load, which shall include any 
active earth forces imposed on the foundation. Rp;d is the design value of the 
resisting force caused by earth pressure on the side of the foundation. Of special 
interest for foundation on rock is that the standard states that the values of Rd and 
Rp;d should consider the relevance of post-peak behaviour. 
 
Regarding structural failure due to foundation movement, the standard among 
other thing states that “differential vertical and horizontal foundation 
displacements shall be considered to ensure that they do not lead to an ultimate 
limit state occurring in the supported structure”. 
 
EN 1997-1:2004 also presents some additional design considerations for 
foundation on rock; one of them for example enables the use of rock mass 
classification methods. 
 

2.7.3 The Swedish bridge design code, BRO 2004 
 
For spread foundations, the Swedish bridge design code BRO 2004 (Vägverket 
2004) uses limit state analyses with partial factors of safety. In ultimate limit 
state, it regards both sliding, bearing resistance, and differential settlements.  
 
The risk against sliding is assessed with the sliding resistance method, according 
to equation 2.114.  
 

d
n

par μμ ≤
′

=
V

H
        (2.114) 

 
The design value of the friction coefficient, μd, is based on the characteristic 
coefficient of friction, μk. When μd is determined, the partial factor γRd is set to 1 
and γm to 1,1. For foundations on rock, the characteristic coefficient of friction 
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between the structure and the foundation, μk, should not exceed the following 
values: 
 

− Blasted and scaled rock surface      μk≤1,2 
− Natural, scaled rock surface with discontinuities and irregularities  μk≤0,8 
− Natural, scaled, mainly plane rock surface, free from discontinuities  μk≤0,6 

 
According to the design code, the bearing resistance for a footing should be 
determined with the general bearing capacity equation, or with circular arc 
analysis.  
 
The design code also states that for rock foundations, the design value of the 
bearing resistance should be determined with consideration on the total stability 
of the rock mass, together with the strength and the durability of the intact rock.  
 
In addition to this, the code states that an ultimate limit state caused by large 
deformations should be considered. 
 

2.7.4 The Swedish power companies guidelines for dam safety, 
RIDAS 

 
In Sweden, concrete gravity dams and buttress dams are designed according to 
RIDAS, the Swedish power companies guidelines for dam safety (Svensk Energi 
2002). They are based on normal practice in the design of dams, and are valid for 
both new and existing ones. No difference is made in the guidelines between 
ordinary concrete gravity dams or buttress dams. The guidelines are not valid for 
arch dams, since only a few of these structures exists in Sweden. Furthermore, 
their structural behaviour is different from conventional gravity or buttress dams.  
 
According to the guidelines, it is recommended that the stability of concrete dams 
is assessed for several different load combinations. These are divided into normal, 
exceptional, and accidental load cases. For these load cases, the dam has to be 
checked against the following: 
 

− Overturning. 
− Sliding. 
− Concrete or foundation strength not exceeded. 

 
Overturning 
 
In RIDAS, the safety against overturning is assessed by a calculated factor of 
safety, FS, according to equation 2.115. 
 

over

tab

M
MFS s=          (2.115) 

 
Where Mstab is the stabilizing moment and Mover is the overturning moment. This 
calculated factor of safety should not exceed a recommended factor of safety, 
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which is dependent on load case. Factors of safety recommended in RIDAS are 
presented in table 2.14. 
 
Table 2.14, Factors of safety for overturning (Svensk Energi 2002). 

 
 
 
 

 
In addition to the criterion above, the resultant must fall within the core limit of 
the foundation area for normal load cases. If it is fulfilled, no tension exists at the 
upstream side of the dam. For exceptional load cases, the resultant must fall in the 
middle three fifths of the foundation area. 
 
Sliding 
 
The Swedish guidelines recommend that the risk for sliding is assessed for the 
interface between the dam and the foundation, as well as for weakness planes 
within the foundation.  
 
For dams founded on rock, RIDAS recommend the use of the sliding resistance 
method, see equation 2.91 or 2.114. For dams founded on rock of good quality, 
the values in table 2.15 can be used as allowable coefficients of friction, where 
the failure value, tanφ=1, corresponds to a friction angle of 45o. 
 
Table 2.15 Recommended coefficients of friction according to RIDAS, founded on rock of good 
quality.  

Foundation 
type 

Normal 
load case 

Exceptional 
load case 

Accidental 
load case 

Failure value 
for tan φ 

Rock 0.75 0.90 0.95 1.0 
 
If the dam is founded on rock, which can not be considered to be of good quality, 
the failure value of tanφ should be determined with investigations of the rock 
mass. The failure value obtained from tests should thereafter be reduced with a 
factor of safety, FS, in order to obtain an allowable coefficient of friction. In 
RIDAS, the following values for the factor of safety are recommended. 
 
Table 2.16 Factors of safety according to RIDAS for reduction of the failure value of tanφ. 

Foundation 
type 

Normal 
load case 

Exceptional 
load case 

Accidental 
load case 

Rock 1.35 1.10 1.05 
 
Normally, cohesion is not considered. The guidelines do not say anything about 
the origin of the value for the failure coefficient of friction, or what its definition 
of a good rock mass is. In an attempt to answer these questions, common practice 
in Sweden, before the implementation of RIDAS, has been studied. The 
guidelines in RIDAS for concrete dams are in a great extent based upon a 
document issued by Vattenfall (Andersson 1996). However, this document does 
not contain any supplementary information. 
 

Load Case Factor of safety, FS 
Normal 1.5 
Exceptional 1.35 
Accidental 1.1 
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According to Reinius (1973), the coefficient of friction is usually given a 
maximum value of 0.75 for ordinary gravity dams, and a maximum value of 0.9 
to 1.0 for buttress dams founded on a rock mass of good quality. Reinius also 
points out that for weak rock masses with horizontal seams etc., one must in every 
single case investigate which value of the coefficient of friction that can be 
allowed. He gives an example of the Possum Kingdom dam in USA. It was 
founded on clay slate with a horizontal stratification. After comprehensive tests, a 
value of tanφ=0.5 were chosen. This line of argument is also supported by 
Hellström (1953), who points out that if seams or clay selvages etc. exists in the 
foundation, they must be considered. 
 
Siim (1971) performed a literature study regarding allowable sliding friction 
factors for concrete dams in Sweden and abroad. According to him, it appears that 
allowable friction factors in normal cases is maximum 0.8, and only at small 
deformations come up to a maximum of 0.9.  
 
Based on these references, it appears like the coefficient of friction tanφ=1.0 in 
RIDAS probably is based on experience gained under decades of construction. As 
long as the rock was good, with no weakness planes like clay filled seams or 
faults, no problems were encountered. The stability assessments were based on 
investigations of the rock mass. If no weakness planes were found, the allowable 
friction factor tanφ=0.75 were interpreted as a control against both sliding in the 
foundation and sliding in the interface between dam and foundation. If weakness 
planes were found, the friction factor of this plane was evaluated separately.  
 
Strength of concrete or foundation not exceeded  
 
The foundation as well as the concrete structure has to be evaluated with respect 
on present pressure and shear stresses according to the RIDAS guidelines. The 
allowable stresses have to decided from case to case, based on investigations on 
the rock foundation and/or engineering geologic judgements. No recommended 
acceptance requirements are given in the guidelines regarding bearing capacity. 
 
The effective foundation or normal pressure, σ´n, can, according to RIDAS, be 
estimated with Navier’s formula:  
 

W
M

A
V

±
′

=′ ∑ n
nσ         (2.116) 

 
Where ΣV´n is the sum of the effective vertical forces perpendicular to the sliding 
plane, and A is the area of the foundation cross section. W is the flexural 
resistance of the foundation cross section, and M is the moment from the resultant 
with respect to the centre of gravity. No recommendations are given for possible 
methods to estimate allowable bearing pressures on the rock mass. 
 
In certain cases, for structures having complex geometries, or when the 
interaction between foundation and dam has to be considered, numerical methods 
such as the Finite Element Method can be demanded according to the guidelines.  
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2.7.5 Regulatory rules and guidelines for concrete dams in other 
countries 

 
In order to identify how the design of concrete dams is performed in other 
countries, guidelines and requirements in Norway, Finland, Canada, and USA 
have been studied. The basic stability requirements are similar to those in RIDAS. 
The dam has to be safe against overturning, sliding, and the strength of the 
foundation and/or the concrete should not be exceeded. Furthermore, no tension is 
allowed at the upper side of the dam between foundation and concrete. However, 
there exist differences between the guidelines and regulations in other countries, 
and those in RIDAS. Below, these are shortly described. 
 
Overturning 
 
The dam safety guidelines issued by the Canadian dam association, CDA (1999), 
have recognised that instead of using an overturning factor to control the stability 
of overturning, it is better to use the position of the resultant as an indicator of 
overturning stability since this indicator provide an indication of the state of 
normal stress on the section being analysed. There also exist minor differences 
between the factors of safety in RIDAS, and those in Finland and Norway. In 
table 2.17, the factors of safety from these countries are presented.  
 
Table 2.17 Factor of safety for overturning in Norway and Finland. 

Country Normal 
load case 

Exceptional 
load case 

Accidental 
load case 

Norway*) 1.4 - 1.3 
Finland**) 1.5 1.3 - 
    

*) Retningslinje for betongdammer (Norwegian Water Resources and Energy Directorate 2002) 
**) Dam Safety Code of Practice (Ministry of Agriculture and Forestry 1997) 
 
Sliding 
 
In other countries such as USA, Canada, and Norway among others, the shear 
friction method with a total factor of safety is the method that is recommended to 
assess the safety against sliding. In those guidelines, two lines in the selection of 
factors of safety can be distinguish, which mainly depends on if cohesion is 
accounted for or not.  
 
According to the Federal Energy Regulatory Commission (FERC 2002) in the 
USA, the factors of safety in table 2.18 are recommended for concrete gravity 
dams. In those guidelines, dams with high or low risks are separated. 
 
Table 2.18 Minimum recommended factors of safety against sliding (FERC 2002). 

Load case Dams with high risk 
Factor of safety*) 

Dams with low risk 
Factor of safety*) 

Usual 3.0 2.0 
Unusual 2.0 1.25 
Post earthquake 1.3 >1.0 

*) Factors of safety apply to the calculation of stress and the shear friction factor of safety within 
the structure, at the rock/concrete interface and in the foundation. 
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Furthermore, FERC (2002) recommend that if cohesion is not accounted for, the 
factors of safety in table 2.19 can be used. 
 
Table 2.19 Minimum recommended factors of safety if cohesion is not accounted for 
 (FERC 2002). 

Load case Normal 
load case 

Usual 1.5 
Unusual 1.3 
Post earthquake 1.3 

 
According to the Canadian Dam Association, CDA (1999), the recommended 
factors of safety distinguish between if peak or residual strength is considered, 
and also if investigations have been performed. Cohesion has also been limited to 
a maximum of 100 kPa. Factors of safety for gravity and buttress dams according 
to CDA guidelines are presented in table 2.20 and for arch dams in table 2.6. 
 
Table 2.20 Sliding and strength factors for gravity and buttress dams (CDA 1999). 

 Usual  
load case 

Unusual load case 
 (post- earthquake) Earthquake Flood 

Peak Sliding Factor  
–No tests 

3.0 2.0 1.3 2.0 

Peak Sliding Factor  
–With tests*) 

2.0 1.5 1.1 1.5 

Residual Sliding Factor  1.5 1.1 1.0 1.3 
Concrete strength factor  3.0 1.5 1.1 2.0 

*) Adequate test data must be available through rigorous investigations carried out by qualified 
professionals. 
 
The Norwegian “Retningslinje for betongdammer” (NVE 2002) allows for 
considering cohesion in the calculations, even though it is normally not included. 
The factors of safety presented in table 2.21 are used. 
 
Table 2.21 Factors of safety against sliding (NVE 2002). 

 Normal 
load case 

Accidental 
load case 

With cohesion 3.0 2.0 
Cohesion verified through tests 2.5 1.5 
No cohesion 1.5 1.1 

 
The Norwegian guidelines also say that a higher degree of safety should be used 
when sliding is assessed in the rock foundation. The factor of safety should be 
evaluated by a geologic engineer on the basis of local conditions, and the extent 
of the chosen investigations. 
 
The examples above show which factors that affect the recommended factor of 
safety. One important factor is the uncertainties regarding shear strength, and how 
the parameters for it have been derived. Other factors are the consequences in 
case of a dam failure, and the probability that a certain load case should occur. 
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Concrete or foundation strength not exceeded 
 
When the stresses in the foundation, and in the concrete, are determined, several 
guidelines point out the usefulness of FEM analysis as a supplement to rigid body 
limit equilibrium analysis.  
 
The Norwegian guidelines (NVE 2002) says that if there are any doubts about the 
bearing capacity of the foundation, a simple assessment of the stability has to be 
done. The result from this assessment decides whether supplementary 
investigations and calculations have to be performed. In these supplementary 
investigations, accepted methods should be used for calculations of the stability in 
the foundation. According to the guidelines, one example is three dimensional 
FEM analyses, which are specifically useful for arch dams. 
 
A similar approach is presented by the FERC guidelines for concrete gravity 
dams (2002). They recommend that gravity analyses are performed before more 
rigorous studies are done. If gravity analyses indicate that the dam is stable, in 
most cases no further analyses have to be performed. The FERC guidelines also 
say that where conditions are such that plane strain may not be assumed, three-
dimensional FEM should be used. Furthermore, the guidelines point out that FEM 
analyses do not address failure mechanisms. It is up to the reviewer to address the 
possibility of different failure mechanisms.  
 
The CDA guidelines (1999) propose rigid body limit equilibrium, and linear 
elastic finite element analysis for static analysis of gravity dams. They also point 
out that for arch dams; special experience and general understanding are required 
for the design and the assessment of safety. 
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2.8 Conclusions 

2.8.1 Introduction 
 
The aim with this literature study was to evaluate the present state of knowledge 
for stability analyses of large structures founded on rock, and to identify features 
required to consider. In order to do this, it was necessary to look at most of the 
components in the analyses. As a consequence, the study was divided into six 
sections; fundamental principles of stability analyses; rock mass material models; 
parameters to model rock masses; calculations methods; verification and follow 
up of predictions; and laws, regulatory rules, and guidelines. In the following 
text, conclusions from these sections are presented. 
 

2.8.2 Fundamental principles of stability analyses 
 
All stability analyses are based on the criterion that the resistance, R, should be 
equal to, or larger, than the load, S. In general, it is assumed that R and S are 
deterministic values, which are independent of deformation. For foundations on 
rock, it is important to keep this assumption in mind, since: 
 

− The resistance for rock masses is hard to predict due to uncertainties. As a 
consequence, the resistance is better described with a probability 
distribution than a deterministic value. 

− The resistance can vary significantly with deformation, depending on rock 
mass quality. 

− For structures, which interact with the foundation, the load to some extent 
varies with deformation.  

 
Stability analyses are to a large extent a question of finding the right balance 
between the load, the resistance, the uncertainties, and the consequences of a 
failure. To find this balance, an expression for the calculated safety together with 
an acceptance requirement is normally used. Based on the literature study, the 
conclusions are that: 
 

− None of the methods for calculating safety can express the true or real 
safety. The calculated safety is nominal. 

− As a consequence, acceptance requirements are usually determined by a 
combination of experience and back analysis. 

− Even if the true safety probably not can be calculated exactly, it is 
preferable to use methods which reflect the uncertainties in the problem. It 
gives a better understanding of the problem and significant parameters can 
be identified. 

− The probability of failure has the potential to express a calculated safety 
which best corresponds with the true safety. 
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2.8.3 Rock mass material models 
 
Depending on the characteristics of the rock mass, different types of material 
models have to be chosen in order to model it. The conclusions are that: 
 

− How it should be modelled depends on the scale of the problem and the 
number of discontinuities present in the rock mass. 

− Two main approaches can be distinguished, the continuum and the 
discontinuum approach. The former applicable for intact rock and heavily 
fractured rock masses, while the latter is applicable for rock masses with a 
few sets of discontinuities. 

− The stress-strain response for continuum rock masses is non-linear. To 
mode this behaviour, the theory of elasto-plasticity is used. However, 
since little or no information exists about the post-peak behaviour, an 
elastic-perfectly plastic material in general is assumed. 

− For discontinuum rock masses, the stress-strain response for the intact 
rock as well as for the discontinuities needs to be considered. For 
discontinuities, this response is non-linear, but in general is modelled with 
a constant normal and tangential stiffness. 

− An important fundamental component is the failure criterion. For intact 
rock, or heavily fractured rock masses, the Mohr-Coulomb or the Hoek 
Brown criterion is usually used. If failure occurs along discontinuities, the 
Mohr-Coulomb, or Barton’s criterion is usually used. All of these criteria 
have limitations necessary to consider. 

 

2.8.4 Parameters to model rock masses 
 
Rock masses consist of intact rock intersected by discontinuities. As a 
consequence, this part of the study was divided into; intact rock; discontinuities; 
and rock mass. For intact rock, the conclusions are that: 
 

− The strength of intact rock in general is so high that failure through it is 
unlikely. However, since it constitutes a part of the rock mass, the strength 
of it affects the strength of the rock mass. Therefore, parameters such as 
the uniaxial strength are used in different kinds of empirical expressions, 
such as the Hoek Brown failure criterion. 

− The strength of intact rock is scale dependent, with decreasing strength as 
the scale increases. 

− Due to foliation or sedimentary bedding planes, the strength can show a 
high degree of anisotropy. 

− The strength decreases with saturation and weathering. 
 
The failure mechanism in rock foundations is shear failure. Since discontinuities 
are the weak link in the rock mass, estimating their shear strength is important. 
However, it is scale dependent, with decreasing peak strength as the scale 
increases. In order to estimate the shear strength, four possible methods exist: 
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− Laboratory shear tests, with the disadvantage that the scale effect is not 
accounted for. 

− Large scale in-situ tests, which are expensive, time consuming, and 
difficult to perform.  

− Using empirical shear strength parameters, based on experience from 
other rock masses with similar characteristics. 

− By means of Barton criterion for rough unfilled joint estimate it. However, 
it can not be used for filled discontinuities, and it does not account for the 
scale effect, unless the parameters are derived from large rock blocks. 

− A major problem in shear strength prediction is filled discontinuities. It 
has been shown by idealized experiments that a filling thickness of 
approximately 1.5 times larger than the amplitude of the roughness results 
in shear strength equal to the infilling. For smaller amplitudes, large scale 
in-situ tests are necessary to determine the shear strength with high 
confidence. 

 
For rock masses, the strength is difficult to estimate. With the exception of large 
scale testing, there basically exist two methods to do it. Both of them originates 
from rock mass classification and are equipped with large uncertainties. These 
are: 
 

− To use empirical failure criterion, such as the Hoek Brown criterion. 
− By rock mass classification or index systems and empirical relations, by 

which values of cohesion and friction angle can be estimated. 
 
An important parameter, which governs the deformations in the rock mass, is the 
modulus of elasticity. Regarding deformations and the modulus of elasticity for 
the rock mass, the conclusions are that: 
 

− The ratio between the modulus of elasticity for the concrete and the 
modulus of elasticity for the rock mass is an important parameter. 

− Another important factor is when the modulus of elasticity varies in the 
foundation, since it gives rise to shear stresses in the overlying structure. 

− If the modulus of elasticity needs to be determined with high confidence, 
different kinds of in-situ tests are necessary. Examples of such test are 
plate loading tests, flat jack tests, and bore-hole jack tests. 

− If the modulus of elasticity needs to be determined with lower confidence, 
empirical correlations between rock mass classification and the modulus 
of elasticity can be used. 

 
Another equally important parameter is the pore pressure. Regarding it, it can be 
concluded that: 
 

− Flow in rock masses mainly occur in the discontinuities, which act as 
water conducting channels. 

− To model it, two approaches exist; the continuum approach; and the 
discontinuum approach. 
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− The continuum approach uses Darcy’s law, and the rock mass is assumed 
to be a permeable homogeneous material. The validity of this approach 
can be discussed, since the rock to rock contact in discontinuities is not 
negligible and dependent on the normal stresses. 

− In the discontinuum approach, the intact rock is assumed to be 
impermeable, and the flow in the discontinuities is estimated with the 
cubic law. 

− If the pore pressure is a critical parameter, measurements should be 
performed. However, in a discontinuous rock mass the measured pore-
pressure can vary significantly, depending on the conductivity of the 
discontinuities that the bore-hole penetrates. 

 

2.8.5 Calculations methods 
 
In order to determine the calculated safety, and the stresses and strains in the 
foundation, two different types of methods are used for large structures founded 
on rock; the analytical and the numerical methods. Depending on failure mode, 
the analytical methods can be divided into three main categories; bearing capacity 
failures; sliding failures; and overturning.  
 
The general conclusions regarding the analytical methods are that: 
 

− They assume a perfectly plastic rock mass.  
− In them, the maximum shear strength that can be mobilized is defined by 

the Mohr-Coulomb failure criterion. 
− They assume that load and resistance is constant, and independent of 

deformation. 
− The calculated factor of safety is the average factor of safety for the total 

potential failure surface. 
 
From the section about analytical methods for bearing capacity failures, the 
conclusions are that: 
 

− The characteristics of the rock mass govern which type of bearing capacity 
failure that occurs. For ductile rock masses, a general shear failure occurs, 
while a local shear failure occur in brittle rock masses. In a layered rock 
mass, with a thin rigid layer above a softer layer, failure can occur by 
punching or tensile failure through the thin upper rigid layer. 

− For a continuum rock mass, the bearing capacity can be estimated with the 
general bearing capacity equation. 

− For a discontinuum rock mass, the geometry of the discontinuities has to 
be accounted for when the analytical equation is derived. 
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From the section about analytical methods for sliding failures, the conclusions are 
that: 
 

− Three different methods to determine the safety against sliding exists; the 
sliding resistance method; the shear friction method; and the limit 
equilibrium method. The difference between them is how the factor of 
safety is defined. 

− All of these methods results in different factors of safety, for the same 
problem, if both cohesion and friction exist. 

− Normally, cohesion is not accounted for since the uncertainties regarding 
it are large. 

− If large deformations are expected, the residual strength should be 
considered. 

− When the resistance from a passive wedge is included in the total 
resistance, it may not be added to the resistance from the structural wedge, 
since the peak shear strength occur at different levels of deformation. 

− For sliding of wedges, the analytical expressions that exist consider plane 
sliding and wedge sliding. However, they can not handle rotational or 
torsional sliding; these failure modes have to be assessed with three 
dimensional numerical methods for discontinuum materials. 

 
Regarding overturning, the conclusions are that: 
 

− For large structures such as concrete gravity dams, overturning is unlikely 
to occur in practice, since other type of failure modes will take place 
before it occurs. 

− However, by calculating the resulting overturning moment, the normal 
stresses could be estimated with Navier’s formula. 

 
The other calculation method, the numerical methods, can be divided into 
continuum and discontinuum methods. For the former method it can be concluded 
that: 
 

− Three main approaches exist; the Finite Difference Method (FDM); the 
Finite Element Method (FEM); and the Boundary Element Method 
(BEM). The difference between them is how the partial differential 
equations of the problem are solved. 

− To model a geo-mechanical problem with FEM, it must be able to 
consider; heterogeneity; non-linear behaviour of the material; stepwise 
construction sequences; interaction between foundation and structure; 
relative displacements between foundation and structure. 

− These methods do not automatically address failure modes. It is up to the 
engineer to model the problem so that is represents possible modes of 
failure. 

− The key aspect for these methods is which values on the rock mechanical 
parameters that are used. The uncertainties with rock mass 
characterization are due to this valid for numerical methods. 
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For the discontinuum methods, the conclusions are that: 
 

− The methods have the ability to model large displacements, rotation, and 
translation of in individual rock blocks in a rock mass. 

− Their main limitation is that knowledge about the geometry of the fracture 
system is necessary, which can only be roughly estimated. 

 

2.8.6 Verification and follow-up of predictions 
 
For large structures founded on rock, the concept with an active design is 
fundamental since observations is the only method to verify the predicted 
behaviour. In addition to this, pre-planned counter measures together with 
observations and alarm-thresholds may prevent a potential failure of the structure. 
Therefore, the conclusions from this section are that: 
 

− The predicted behaviour should continuously be updated as new 
information is received. 

− The predicted behaviour should be verified with observations. 
− If the alarm-threshold is exceeded, pre-planned countermeasures should be 

undertaken. 
− These countermeasures should be designed with respect to the available 

lead time. 
 

2.8.7 Laws, regulatory rules, and guidelines 
 
No general construction rules exist in Sweden for foundation on rock. The 
construction rules in BKR are not valid for all types of structures. Two exceptions 
are the Swedish bridge design code, BRO 2004, and the Swedish power 
company’s guidelines for dam safety, RIDAS. In 2009, Eurocode will replace 
BKR. 
 
If BRO 2004 is compared with the Eurocode, it can be concluded that: 
 

− Both Eurocode and BRO 2004 uses limit state analyses with partial factors 
for spread foundations. However, Eurocode also enables the use of other 
types of methods to verify the limit states. These are; a design directly 
based on probabilistic methods; adoption of prescriptive measures; 
experimental models and load tests; or with an observational method. 

− Both Eurocode and BRO 2004 regard bearing resistance, sliding, and 
structural failure due to deformations in the foundation. 

− Eurocode states that the resistance from passive pressure should consider 
the relevance of post-peak behaviour. This is not included in BRO 2004. 

− The safety against failure in rock foundations for concrete dams in general 
is verified with the concept of a total factor of safety. 
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If RIDAS is compared against guidelines and regulations in other countries, it can 
be concluded that: 
 

− Concrete gravity or buttress dams should be designed against overturning, 
sliding, and bearing capacity failure. 

− For sliding, the safety factors are somewhat low (1.35 instead of 1.5). On 
the other hand, the failure value in RIDAS of the coefficient of friction 
might be a bit conservative. 

− In RIDAS, values on the coefficient of friction are based on experience. 
− No consideration is taken in RIDAS how the values for the parameters for 

shear strength are determined, through rigorous investigations or by 
experience. 

− When the factor of safety is recommended in RIDAS, no consideration is 
taken to the consequences in case of a failure. 

− The guidelines describe the usefulness of FEM, when interaction between 
the rock foundation and the structure needs to be considered.  

 
If RIDAS is compared with BRO 2004 it can be concluded that: 
 

− Discrepancies exist for choosing design value on the coefficient of friction 
when sliding stability is assessed. It would be preferably if they were 
harmonized in this question. 
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3 REFLECTIONS ON FOUNDATION STABILITY OF THE ARCH DAM 
AT KROKSTRÖMMEN 

3.1 Introduction 
 
The arch dam at Krokströmmmens hydropower-plant is situated at the river 
Ljusnan in the county of Jämtland, Sweden. The dam was constructed during the 
period 1947 to 1952, and consists of an arch dam, a spillway, and an earth dam on 
the right bank, see figure 3.1. At the left abutment, the intake to the power station 
is situated. The spillway functions as an abutment for the right side of the arch 
dam. The arch dam was constructed with a constant radius of 100 m, and a 
maximum height of 45 m. The length of the arch dam is 160 m, and the span 
between the abutments is 144 m. Owner of the dam is the power company 
Fortum. 
 

 
Figure 3.1 View over the dam at Krokströmmen. Closest in picture is the intake to the power 
station, followed by the arch dam, the spillway and the earth dam (Photo: WSP). 
 
In connection to a SEED (safety evaluation of existing dams) investigation, it was 
recommended that the central parts of the arch dam should be controlled against 
failure in the rock mass (Johansson and Gustafsson 2000). As a result of this 
recommendation, a supplementary geological survey was performed (Granlund et 
al. 2001), together with supplementary analytical calculations of the rock mass 
stability (Stille et al. 2002). These supplementary calculations revealed that a 
reinforcement of the rock mass was necessary. The solution became a concrete 
slab, with rock-fill on top of the slab. The purpose of the slab is to increase the 
vertical stress in the rock mass, and by doing so increase the shear resistance 
along the horizontal discontinuities that exists in the rock mass. Before the casting 
of the slab begun, the rock mass beneath was instrumented in order to measure 
pore pressure, temperature, vertical, and horizontal deformations. 
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The aim with this case study is to increase the understanding in how the central 
parts of the arch dam interacts with the rock mass, and show how this affects the 
stability analyses. In order to achieve this, a geological model of the rock mass is 
established, and results from previous calculations and measurements are 
analyzed. Also, results from current measurements are interpreted. Next, 
important parameters such as temperature variations in the arch dam, the modulus 
of elasticity for the rock mass, and the modulus of elasticity for the concrete, are 
estimated. After that, an analytical model is developed to approximate the 
possible magnitudes of the horizontal deformations, and indicate the behaviour of 
the deformations. In addition to this, two dimensional numerical calculations are 
carried out to analyze rock structure interaction. Finally, results, discussions, and 
conclusions are presented at the end of the chapter. 
 

3.2 Notations of reaction forces 
 
In order to describe the reaction forces from the arch dam acting on the 
foundation, several different directions are used. The notations of these forces and 
their directions are illustrated in figure 3.2. 
 

Plan Elevation

tanF

radF nF

zF

parF
tanF = Force tangential to the dam

radF = Force in radial direction

zF = Force in vertical direction

parF = Force paralell to the rock surface

nF = Force normal to the rock surface

Curvature of arch dam

tanFzF

 
Figure 3.2 The notations of reaction forces and their directions used in the case study. 
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3.3 Geology 
 
According to the geological survey by Granlund et al. (2001), the rock mass at 
Krokströmmen consists of relatively easy disintegrated red granite. This granite is 
varved with slightly less disintegrated, finer grained, and brighter, sometimes grey 
granite. Almost perpendicular against the arch dam, under the central part of the 
dam, with a strike and dip of 70o/30oS, runs a fault or shear zone. The location 
and strike of the shear zone can be seen in figure 3.3 below. 
 

 
Figure 3.3 General plan over the dam with the location of the fault (After Reinius 1954). 
 
To the left of the shear zone, seen downstream, the rock mass is dominated of the 
brighter grey granite. The overall quality of the rock mass is good, with a Q-index 
between 40 and 100. The exception is the shallow rock mass, where the quality is 
poorer with a Q-index around 10. Predominant discontinuities in this area are 
horizontal bedding planes, with a vertical distance of 1 to 2 m. 
 
To the right of the shear zone, the rock mass is composed of the coarser grained, 
partly disintegrated granite, with two dominant joint systems. The first system has 
a strike of 190-200o, with a steep dip against west, while the other system has a 
strike of 270-280o, with an almost vertical dip. Together, these joint systems 
create an average block size of about 0.5 to1 m. The quality of the rock mass in 
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this area is relatively poor, with a Q-index between 1 and 10. A schematic figure 
over the rock mass under the reinforcement slab is shown in figure 3.4. 
 

CL-Arch dam

Top of reinforcement slab +308.0

Measurement-
section 2

Measurement-
section 3

Reinforcement slab

Shear zone
Q<1

Good rock
40<Q<100

Disintegrated fractured rock
1<Q<10

0 5 m

Measurement-
section 1

Figure 3.4 View of the rock mass under the reinforcement slab, seen in the downstream direction. 
 
Before the supplementary analytical calculations were performed, the quality of 
the rock mass was characterized with four different methods (Stille et al. 2002). 
These were RMR (Rock Mass Rating), RMS (Rock Mass Strength), GSI 
(Geological Strength Index) and the Q-index. The arch dam consists of 18 
monoliths. Under each monolith, the rock mass was characterized. Since the 
shallow rock mass has a poorer quality, the rock mass was divided into shallow 
and deeply situated. Based on the results from the classification, the rock mass 
was divided into areas with similar properties. Totally, ten “foundation classes” 
were defined for the rock mass, five for the shallow and five for the deeply 
situated rock mass. In each class, friction angle and cohesion were estimated 
based on empirical correlations. The results for the monoliths in connection to the 
reinforcement slab are presented in figure 3.5.  
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Figure 3.5 Estimated rock mass properties, based on the classification of the rock mass (Results 
after Stille et al. 2002). 
 
In addition to this, the modulus of elasticity of the rock mass was estimated for 
two cases. One which was based on a RMR value of 30, and one which was based 
on a RMR value of 60. The modulus of elasticity for the lower RMR value was 
estimated to 3.2 GPa, with the correlation proposed by Serafim and Pereira 
(1983). The modulus of elasticity for the higher RMR value was estimated to 20 
GPa, with the correlation proposed by Bieniawski (1978). 
 
In the geological survey, eleven boreholes were drilled in the rock mass below the 
arch dam. Ten samples from drill cores were tested with uniaxial compressive 
tests and shear test (Stille et al. 2002). The results from these tests are presented in 
table 3.1. From these tests, no correlations could be seen between the rock mass 
quality and the investigated parameters. As a consequence, the results are 
presented as a range based on highest and lowest value, together with a mean 
value. 
 
Table 3.1 Result from laboratory uniaxial compressive tests and shear tests from drill cores (Stille 
et al. 2002). 

 Laboratory shear tests Laboratory uniaxial compressive tests 
  

φres  
(o) 

 
c 

(MPa) 

 
σci 

(MPa) 

 
Em 

(GPa) 
νm 

Range 32-40 0.03-0.26 74-187 38.5-66.1 0.10-0.25 
Mean value 37 0.12 144 51.2 0.16 

 
The presented friction angles in table 3.1 is the angle after grinding of asperities 
has occurred, and is therefore assumed to represent the residual friction angle. 
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3.4 Construction of the reinforcement slab 
 
The construction of the reinforcement slab was initiated in the beginning of 
December 2002. The reinforcements slab consists of a thick concrete slab with 
rock fill on top of it. The width of the slab perpendicular to the dam is 
approximately 20 m, and the length along the dam is approximately 40 m, see 
figure 3.6 and 3.7. Plan, elevation, and sections of the slab are illustrated in 
Appendix A.  
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3.6 and 3.7 Pictures over the reinforcement slab in connection with the casting (left), and 
after the completion of the slab (right) (Photo: WSP). 
 
The slab consists of nine monoliths, plus the wall for containing the rock fill. The 
casting of these parts started 2002-12-11 and finished 2003-06-05. A total 
concrete volume of about 2800 m3 was used in the work. 
 
The excavation materials were placed on the slab during two days, and the work 
was finished 2003-06-28. About 1800 m3 of fill materials was placed on the slab. 
The accumulated load that was applied during the construction of the 
reinforcement slab is presented is figure 3.8. The applied load was calculated with 
an assumed density of 2400 kg/m3 for the concrete, and an assumed density of 
1600 kg/m3 for the rock fill material. The area of the reinforcement slab is 
approximately 900 m2, which results in an applied average vertical stress of about 
110 kPa. 
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Figure 3.8 Accumulated applied load during the construction of the reinforcement slab. 
 

3.5 Previous calculations and measurements 

3.5.1 Introduction 
 
The stresses and deformations in the arch dam have been analyzed various times 
before. Shortly after the dam was finished, stresses and deformations were 
calculated and measured (Reinius 1954). Some 40 years later, stresses and 
deformations in the arch dam were calculated, using the three dimensional finite 
element program NASTRAN (Johansson and Palmgren 1996). Based on the 
results from this calculation, analytical stability calculations were performed 
(Stille et al. 2002). In the following sections, the results from these calculations 
and measurements are presented. 
 

3.5.2 Calculations and measurements in the 1950´s (Reinius 1954) 
 
In a paper presented 1954 by Reinius, the design of the arch dam is described in 
detail, together with an analysis of measured deformations and calculated stresses. 
However, the reaction forces acting on the rock mass have only been calculated 
for the abutments. Nothing is said about the support forces on the rock mass at the 
central parts of the dam.  
 
The deformations of the dam were measured at the crest, and between the cut-off 
slab and the arch dam located at the upstream toe of the dam. The purpose off the 
slab is to prevent the initiation of cracks between the rock mass and the arch dam.  
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The results of the measured horizontal deformations at the dam crest from the 
commencement of filling the reservoir can be seen in figure 3.9. 
 

 
Figure 3.9 Measured horizontal deformations at the dam crest, from the commencement of filling 
the reservoir 1952-03-23. The arrow to the right represents a deformation of 10 mm, and the left 
abutment is located at the top of the figure (After Reinius 1954). 
 
According to Reinius, a change of the mean temperature by 14 degrees in the arch 
dam from 1952-08-25 to 1953-04-01 resulted in a radial downstream deformation 
at the crest of 20 mm in the middle of the dam. From water load only, with a 
storage level of +338.4, the radial deformation in the middle of the dam is also 20 
mm. According to the measurements, a peculiar displacement of the arch dam 
against the right abutment had occurred. 
 
The vertical deformations of the dam crest were measured three times after the 
commencement of filling the reservoir. These deformations, corrected for 
swelling and temperature changes, are presented in table 3.2. 
 
Table 3.2 Measured vertical deformations after swelling and temperature corrections. The 
commencement of filling of the reservoir started 1952-03-23 (After Reinius 1954). 

Vertical deformation after swelling and 
temperature corrections (mm) Point of measuring 

1952-05-12 1952-08-25 1953-04-01 
Left abutment 2.7 3.7 4.5 
At 1/6 of the arch 3.9 4.3 5.2 
At 1/3 of the arch 6.2 6.1 7.9 
The middle 4.8 4.3 7.7 
At 1/3 of the arch 4.4 5.4 6.9 
At 1/6 of the arch 3.8 4.1 6.1 
The right abutment 3.4 5.1 5.3 
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In table 3.2, it can be seen that the dam crest has risen. The cause is unclear. 
Possible explanations according to Reinius might be a warmer rock mass, 
increased pore pressure in rock joints, and rock mass expansion due to stress 
release after removed soil above the rock mass. 
 
The measurements of the vertical and the horizontal deformations between the 
cut-off slab and the arch dam are presented in table 3.3. 
 
Table 3.3 Measured vertical and horizontal deformations between the cut-off slab and the arch 
dam. Positive vertical values means a rise of the dam and positive horizontal values means a 
downstream deformation (After Reinius 1954).  

Point of measuring Date 
Vertical 

 deformation  
(mm) 

Horizontal 
deformation  

(mm) 
Left abutment 1952-08-26 0.1 -0.1 
 1953-03-29 0.1 0.0 
The point of 1/6 1952-08-26 0.0 -0.1 
 1953-03-29 0.5 0.5 
The point of 1/3 1952-08-26 0.1 0.0 
 1953-03-29 2.5 1.7 
The middle 1952-08-26 0.2 0.0 
 1953-03-29 3.9 1.5 
The point of 1/3 1952-08-26 0.0 0.3 
 1953-03-29 1.4 2.1 
The point of 1/6 1952-08-26 -0.1 -0.1 
 1953-03-29 0.4 0.3 
Right abutment 1952-08-26 0.0 -0.1 
 1953-03-29 0.1 -0.1 

 
The measured values 1953-03-29 correspond to a deformation caused by water 
load only. The largest raise of the dam’s front edge at this occasion was about 
 4 mm, and the largest downstream deformation about 2 mm. Deformations of 
similar magnitude, but in the opposite direction, were the result from a 14 degree 
increase of the average temperature in the dam. In his paper, Reinius conclude 
that the deformations of the rock mass are surprisingly large, and that it is obvious 
that for high concrete dams, not only arch dams, these deformations have to be 
considered. 
 

3.5.3 Finite element analyses (Johansson and Palmgren 1996) 
 
As a part of the work with the SEED investigation, the stresses in the arch dam 
were calculated with the three dimensional FEM program NASTRAN (Johansson 
and Palmgren 1996). The purpose was to study the distribution of stresses and 
deformations in the arch dam, and reaction forces acting on the foundation. A 
linear elastic material model was used for the concrete, with a modulus of 
elasticity of 10 GPa, and a Poisson’s ratio of 0.14. The foundation was assumed to 
be fixed. No consideration was taken to the modulus of elasticity for the 
foundation rock mass. 
 
In figure 3.10, the vertical, radial, and tangential reaction forces for the load case 
with dead weight and water load are presented for monolith 7 to 11 (Johansson 
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and Palmgren 1996). The water load was calculated based on a reservoir water 
level of +340.0, i.e. at the top of the dam crest. In these values, no consideration 
was taken to the pore pressure under the dam. 
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Figure 3.10 Vertical, radial, and tangential forces for the monoliths in the central parts of the 
arch dam. Note that no uplift force is considered (From Johansson and Gustafsson 2000 based on 
Palmgren and Johansson 1996). 
 
At the dam crest, the radial deformation due to water load was calculated to 22 
mm in the downstream direction. For a rise of the average temperature in the dam 
with 10oC, the radial deformation at the dam crest was calculated to 12 mm in the 
upstream direction, or 1.2 mm/oC. 
 

3.5.4 Analytical stability calculations (Stille et al. 2002) 
 
Based on the results from the three dimensional finite element analyses, with a 
load case of dead weight and water load, analytical stability calculations were 
carried out (Stille et al. 2002). These calculations used the reaction forces from 
the FEM calculation for each monolith, and calculated a factor of safety for three 
different failure modes. These failure modes were general bearing capacity 
failure, plane sliding failure in horizontal bedding planes, and plane sliding failure 
with a resisting passive wedge. The acceptance criteria were chosen to; a factor of 
safety of 3.0 for general bearing capacity failure; a factor of safety of 2.0 for plane 
sliding failure with a resisting passive wedge; and a factor of safety of 1.5 for 
plane sliding failure in horizontal bedding planes.  
 
Factors of safety for general bearing capacity failure were calculated for all 18 
monoliths, which resulted in factors of safety from 42 to 2345. For monolith 9 
and 10, no factors of safety could be calculated since the assumed uplift force of 
1350 kN/m for these monoliths resulted in negative normal forces.  
 



Chapter 3 – Reflections on foundation stability of the arch dam at Krokströmmen 

 105

Sliding failure was analyzed for monolith 11 to 18 where horizontal bedding 
planes exists in the rock mass. With zero cohesion, the factor of safety was 
calculated to 1.0 for monolith 11 and 0.9 for monolith 12.  
 
For plane sliding failure with a resisting passive wedge, calculations resulted in 
factors of safety according to table 3.4. In the calculations, the cohesion and 
friction angle were assumed according to the shallow rock mass in figure 3.5. 
Calculations were also performed with cohesion limited to 100 kPa. 
 
Table 3.4 Factors of safety for plane sliding failure with a resisting passive wedge (Stille et al. 
2002). 

Monolith M7 M8 M9 M10 M11 M12 
Factor of safety 4.3 5.9 1.6 1.0 13.3 11.5 
Factor of safety with limited cohesion 0.7 1.1 1.0 0.6 0.9 0.7 

 

3.5.5 Conclusions 
Calculations and measurements in the 1950’s (Reinius 1954) 
 

− From the end of August 1952, to the beginning of April 1953, the mean 
temperature of the arch dam decreased 14 degrees. This decrease in 
temperature resulted in a downstream radial deformation of the crest with 
20 mm in the middle of the dam. For water load, a downstream 
deformation of 20 mm was measured. After swelling and temperature 
corrections, under the same period, a rise of the dam crest with about 7 
mm occurred.  

− For water load only, with a storage water level of +338.4, measurements 
in the joint at the upstream toe, between cut-off slab and arch dam, 
showed a downstream radial deformation of about 2 mm, and a vertical 
rise with about 4 mm. 

− For an increased temperature of 14 degrees, deformations of similar 
magnitude but in the opposite direction were measured; i.e. an upstream 
radial displacement of about 2 mm, and a vertical lowering of about 4 mm. 

− From these measurements, for the central parts of the dam, it can be 
concluded that a storage water level of +338.4 results in deformations 
from the water load which are of the same magnitude as those from the 
temperature load. 

 
Finite element analyses (Johansson and Palmgren 1996) 
 

− The finite element analysis used a linear elastic material model for the 
concrete, with a modulus of elasticity of 10 GPa, and a Poisson’s ratio of 
0.14. 

− The foundation was assumed to be fixed, and no consideration was taken 
to modulus of elasticity for the rock mass. 

− For water load, a radial downstream deformation of 22 mm was calculated 
at the dam crest. A radial upstream deformation of 12 mm for an even 
temperature increase of 10oC was calculated at the dam crest. 
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Analytical stability calculations by Stille et al. (2002) 
 

− The reaction forces used to calculate the factors of safety did not consider 
temperature load. 

− For sliding failure, the analytical stability analyses revealed that the 
calculated factors of safety were not in line with the recommended ones. 

 

3.6 Instrumentation and measurements 

3.6.1 Introduction 
 
In the bedrock under the reinforcement slab, instruments have been installed in 
three measurement-sections. This instrumentation was performed during the last 
week of December 2002, and the first two weeks of January 2003, prior to the 
casting of the slab. In each section, temperature, pore pressure, vertical, and 
horizontal deformations are measured. The locations of these three sections are 
shown in figure 3.4. A general illustration of measurement-section one is 
presented in figure 3.11. 
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Figure 3.11 General illustration of measurement-section one. 
 
The other two sections are instrumented by similar principle. The deflectometer in 
section two is equipped with an extra sensor. This was necessary because the bore 
hole was not completely straight. In section three, the extensometers are placed on 
15 and 30 m depth, and the deflectometer is placed between 15 to 27 m depth. 
This location was selected based on the assumption that any displacements most 
likely would occur in connection to the shear zone. Measurements are made every 
two hours, and accumulated in a data logger, from which the data can be 
collected. 
 
In the following subchapters, the results from each kind of measurement are 
presented, and possible sources of errors discussed. In addition to this, technical 
data of the utilized instruments are presented.  
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3.6.2 Temperature measurements 
 
In each section, the temperatures have been measured at two different depths. The 
sensors are located in the boreholes used by the extensometers. These are placed 
about six meters downstream the dam, and are located on 2.5 m and 5 m depth 
from the rock mass surface. The first figure in the name of the sensors stand for 
section, and the second figure refer to the sensor. For example, T11 stands for 
temperature measurement in section one, sensor one at a depth of five meters. 
 
The installed sensors are of the type Pt100 Class A. The sensor consists of an 
encapsulated metal thread of platinum, whose resistance increases with increasing 
temperature. The resistance for a Pt100 sensor is 100 ohm at 0 oC. The allowed 
error according to EN 60751 for a Class A sensor is shown in figure 3.12. 
 

 
Figure 3.12 Allowable errors for Pt100-sensors according to EN 60751 (From ELFA 2003). 
 
The results from sensor T1:2 (measurements section one, sensor two, depth 2.5 
m) can be seen in figure 3.13. As the figure shows, the temperatures are 
fluctuating more during the first months of the measurements, when the casting of 
the reinforcement slab has not yet been carried out completely. These fluctuations 
decrease after the slab is completed. For an account of all temperature 
measurements, see Appendix B. 
 
The main reason for measuring the temperature is to correct for temperature 
variations, which affect the extensometers. Due to their location, the performed 
instrumentation has a limitation. The temperature variation is largest closest to the 
rock mass surface, where no sensors are placed. In other cases, an approximation 
could have been done based on air temperature. However, in this case the 
reinforcement slab is placed on the rock mass surface, and no such approximation 
can be made. This will result in an additional uncertainty for the temperature 
corrections. 
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Figure 3.13 Temperature measurements for sensor T1:2 (measurement section one, sensor two, 
depth 2.5 m). 
 

3.6.3 Pore pressure measurements 
 
The reason for measuring the pore pressure under the slab is connected to 
stability. If large pore pressures are built up under the slab, it will decrease the 
effective stresses in the rock mass. The shear resistance will decrease proportional 
to the effective stress, and the risk of failure in the rock mass will increase. 
 
Under the reinforcement slab, nine sensors for measuring the pore pressure have 
been installed, three for each section. Two sensors are placed in connection to the 
extensometer located about 6 m downstream the dam. One at a depth of 8 m, and 
one at the rock mass surface. The third sensor is placed at the rock mass surface, 
in connection to the extensometer located about 13 m downstream the dam. The 
locations are illustrated in figure 3.11. 
 
The sensors used at Krokströmmen are of the type Keller Series 36 W. The full 
scale pressure range used in this instrumentation is 0-200 kPa, and the accuracy is 
0.1% of the full scale range.  
 
The results from the pore pressure measurements are presented in Appendix C. In 
figure 3.14 the result from sensor P1:3 can be seen. 
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Figure 3.14 Pore pressure measurements for sensor P1:3 (measurement section one, sensor three, 
depth 0 m). 
 
There measured pore pressures for sensor P1:3 correspond to a downstream water 
level approximately 1.5-2.0 m above the rock mass surface. If this depends on the 
reinforcements slab is not clear. In Appendix C, it can bee seen that the pressure 
is lower in section three, which is natural since the rock mass surface level is 
higher in this section. No increasing trends of the pore pressures can be seen, only 
relatively small fluctuations. The only exception is for sensor P2:2, which contain 
an unexplained scatter, and also an increase in the pore pressure during the cold 
period of the year. One possible explanation is that a decrease in the arch dam 
temperature changes the aperture of a water conducting discontinuity, which in 
turn affects the pore pressure for this sensor. 
 

3.6.4 Measurements of vertical deformations with extensometers 
 
Six multipoint borehole extensometers (MPBX), which measure the vertical 
deformations in the rock mass, have been installed under the reinforcements slab 
at Krokströmmen, two in each measurement-section. One is placed about six 
meters downstream the dam, and the other is placed about thirteen meters 
downstream the dam. For measurement-sections one and two, transducers are 
placed at eight and sixteen meters depth. For section three, the transducers are 
placed at fifteen and thirty meters depth.  
 
The MPBX’s consist of two electrical transducers placed on a plastic protection 
tube. The space between the tube and the borehole rock wall are filled with grout. 
Through this tube, and the transducers, a reference steel rod is inserted. In the rod, 
at the locations where the transducers are placed, two magnets are assembled. 
Based on changes in the magnetic field, the transducers register the movement of 
the rod. The steel rod is anchored at the top of the borehole, so any movement 
between the anchored part of the rod and the electrical transducers can be 
measured. This also means that the transducers will measure movements in the 
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rod caused by temperature changes in the borehole, which needs to be corrected 
for. The range of measurement for the extensometer is 40 mm, and the accuracy is 
0.05 mm with a resolution of 0.01 mm. 
 
The uncorrected measured deformations from the MPBX’s are presented in 
Appendix D. The uncorrected deformations from MPBX E1:1 is presented in 
figure 3.15. In the figure, it can be seen that the construction of the slab resulted 
in an uncorrected deformation of about one millimetre. After the slab was 
finished, 2003-06-28, deformations still occur. Possible causes to these 
deformations are stress changes in the arch dam or a warmer rock mass due to the 
insulating effect of the slab.  
 
The vertical deformations are measured for three reasons. The first reason is to 
measure the vertical deformation due to the applied load from the reinforcement 
slab. The second is to control that no unexpected deformations occur in the rock 
mass, and the third is to measure the effects from deformations of the dam. 
Having these reasons in mind, it is necessary to calculate, and correct for, the 
effect from the temperature changes before the measured deformations can be 
interpreted.  
 

-1,2

-1

-0,8

-0,6

-0,4

-0,2

0

0,2

02-10-31 02-12-30 03-02-28 03-04-29 03-06-28 03-08-27 03-10-26 03-12-25 04-02-23 04-04-23 04-06-22 04-08-21 04-10-20 04-12-19

Date

U
nc

or
re

ct
ed

 v
er

tic
al

 d
ef

or
m

at
io

n 
(m

m
)

E1:21
E1:22

 
Figure 3.15 Uncorrected deformations from MPBX E1:2. 
 
The temperatures are measured in each measurement section at 2.5 and 5 m depth 
from the rock mass surface. Since the temperature is only measured six meters 
downstream the dam in each measurements-section, the same correction is 
performed for both MPBX’s in each section. The calculations performed for each 
section are based on these two measured temperatures. This implies that several 
simplifying assumptions are needed in order to perform the calculations. The first 
assumption, for the measured temperature at 2.5 m depth, is that it represents the 
average temperature from the rock mass surface down to a depth of 3.75 m. The 
second, for the measured temperature at 5 m depth, is that it represents the 
average temperature from 3.75 m depth down to a depth of 6.25 m. The third, and 
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final assumption, is that the temperature is constant for depths deeper than  
6.25 m. The temperature corrections were calculated using equation 3.1. 
 

LTL ⋅Δ⋅−=Δ )( ms αα        (3.1) 
 
Where ΔL is the change of length of the steel rod due to changes in temperature. 
The coefficient of heat expansion for the steel rod, αs, is 16.8⋅10-6 (Hedner 1976). 
This relatively high value compared to ordinary steel depends on the fact that the 
rod consists of austenitic manganess steel, which is non magnetic. For granite, the 
coefficient of heat expansion, αm, is 8.3⋅10-6 (Ingelstam et al. 1976). ΔT, is the 
difference in temperature, and L is the length of the rod down to the assumed 
depth with constant temperature, which in this case is 6.25 m. It should be 
observed that the calculation corrects for the relative heat expansion between the 
steel and the rock mass. Deformations due to a warmer rock mass are not 
corrected for. 
 
An example of measured vertical deformations for MPBX E1:2, which are 
corrected for temperature changes, are presented in figure 3.16. The figure also 
contains the calculated total temperature corrections (grey line). The peaks in the 
beginning of the measurements, and in the middle of March, are results of scatter 
in the measured temperatures. All the corrected graphs are presented in  
Appendix D. 
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Figure 3.16 Measured vertical deformations for MPBX E1:2 corrected for temperature changes, 
together with the total calculated correction. 
 
When the results from the uncorrected vertical deformations are interpreted, 
several observations can be made. The vertical deformation due to the applied 
load from the reinforcement slab increases with poorer rock mass quality. The 
deformations are smaller in the section closest to the arch dam. This might depend 
on a higher modulus of elasticity for the rock mass close to the dam, due to higher 
levels of normal stress in this section. The oscillations are likely a result of stress 
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changes in the arch dam due to temperature variations, since the oscillations due 
to a warmer rock mass appear to be too small to explain it. 
 

3.6.5 Measurements of horizontal deformations with deflectometers 
 
To measure the horizontal deformations in the rock mass, three deflectometers 
have been installed, one in each measurements section. The deflectometers at 
Krokströmmen are of the type multiple deflectometers, or chain deflectometers. 
They consist of a number of connected steel rods. Pictures of the connection 
between two rods, and of the base steel rod, are presented in figure 3.17 and 3.18 
respectively. 
 
In each connection, a magnet and an electrical transducer are mounted. The 
transducer measure changes in the magnetic field, which is converted to an 
angular deformation. The deflectometer is mounted in a protective plastic tube, 
where the space between the borehole rock wall and the tube is filled with grout. 
The deflectometer is anchored at the top of the extensometer, and is hanging by 
its own weight in the tube. The compression spring, and the locating head, which 
can be seen in figure 3.17 and 3.18, keeps the steel rods off the tube wall. The 
range of measurement is ±40 mm, and the accuracy is 0.2%. However, the 
deflectometer is dependent on the angular deformation of one rod relative to the 
next, which means that the errors in the deflectometer accumulate exponentially 
(Dunnicliff 1993). The total error can therefore be large.  
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 3.17 and 3.18 Connection between the steel rods, where the electrical transducer is 
mounted (left). The lower part of the base steel rod (right). 
 
The deflectometers are in each section placed on a distance of 6 meters 
downstream the arch dam. At which depth the transducers for the three 
deflectometers are placed relative the rock mass surface, and also at which 
elevation, are shown in table 3.5 below. The deflectometers D1 and D2 are 
mounted from the rock mass surface down to a depth of 17 m. Deflectometer D3 
is mounted from a depth of 12 m down to 30 m. The reason that D3 is placed 
deeper is that movements are expected to occur in the shear zone, which in 
measurements-section three is located at a depth of about 20 m. 
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Table 3.5 Relative depth and elevation for the transducers in the deflectometers. 
Deflectometer D1 Deflectometer D2 Deflectometer D3  
Depth 

relative 
rock mass 

surface 
(m) 

Level 

Depth 
relative 

rock mass 
surface 

(m) 

Level 

Depth 
relative 

rock mass 
surface 

(m) 

Level 

Rock mass surface 0.0 +301.2 0.0 +301.0 0.0 +305.8 
Top of extensometer 0.0 +301.2 0.0 +301.0 -12.0 +293.8 
Transducer 6 - - -2.1 +298.9 - - 
Transducer 5 -3.3 +297.9 -5.1 +295.9 -15.0 +290.8 
Transducer 4 -5.3 +295.9 -8.1 +292.9 -18.0 +287.8 
Transducer 3 -8.3 +292.9 -10.1 +290.9 -21.0 +284.8 
Transducer 2 -11.3 +289.9 -12.1 +288.9 -24.0 +281.4 
Transducer 1 -14.3 +286.9 -14.1 +286.9 -27.0 +278.8 
Base of deflectometer -17.3 +283.9 -17.1 +283.9 -30.0 +275.8 

 
The deflectometers measure the horizontal movements in the upstream-
downstream direction, where downstream movements induce positive angular 
deformations and a positive total deformation. When the measured angular 
deformation in each transducer is converted to a total horizontal deformation it is 
important that the boundary condition for the calculations is correct. If it contains 
an error, it will increase exponentially, and affect the total deformation. 
 
Two boundary conditions are possible; that the upper rod is vertical; or that the 
lower rod is vertical. Studying the construction of the deflectometer in figure 3.19 
below, it can be seen that the design imply a problem for the lower boundary 
condition. 
 

Top steel rod

Base steel rod

Deepest transducer

Plastic tube

Highest transducer

Anchored  rod at surface

Compression spring

Locating head

 
 
Figure 3.19 Layout of deflectometer structure, showing the upper (left) and lower (right) parts. 
 
If an angular deformation occurs in the transducer that is placed deepest, the base 
steel rod may deflect and violate the boundary condition. This may occur since 
the base rod only is fixed at the bottom end of the rod. However, the top steel rod 
is fixed at two locations, at the upper anchored end and at the lower end by the 
locating head and the compression spring. An error for this section probably 
originates from an angular deformation of the rock mass. The problem is that 
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these boundary conditions must be assumed, no possibilities exist in order to 
verify them. How the selection of the boundary condition affects the deflection, 
and the total deformation, is illustrated in figure 3.20 and 3.21.  
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Figure 3.20 Deflection of deflectometer D2, for both types of possible boundary conditions. 
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Figure 3.21 Total deformations at the top for deflectometer D2, for both types of possible 
boundary conditions (Positive values implies a downstream deformation). 
 
In these two figures, two observations can be made. The first is that the boundary 
condition affects the direction of the deflection. Figure 3.20 shows how the rock 
mass for an assumed vertical upper rod moves downstream, while it for an 
assumed vertical lower rod moves upstream. The second is that it affects the 
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magnitudes of the total deformations. These observations clearly show how 
sensitive these types of deflectometers are to the boundary condition. 
 
It is uncertain which initial boundary condition that is the correct one. With a 
lower rod assumed vertical, deflectometers D1, D2, and D3 show an upstream 
deformation of 1.8 mm, 24.0 mm, and 21.7 mm respectively. With an upper rod 
assumed vertical, deflectometers D1, D2, and D3 show a downstream 
deformation of 6.5 mm, 7.9 mm, and 22.2 mm respectively. However, an 
upstream movement is more unlikely than a downstream movement. Furthermore, 
deflectometers D1, and D2, which are located on the same depth, show a 
differential deformation of 22.2 mm with the lower rod assumed vertical, while it 
shows a differential deformation of 1.4 mm with the upper rod assumed vertical. 
Based on these factors, it appears like the initial boundary condition with an upper 
rod assumed vertical is more likely to be correct than the other one. However, the 
uncertainties regarding direction and magnitudes of the horizontal deformations 
are large. 
 
In the following section, and in Appendix E, the boundary condition with an 
upper rod assumed vertical has been used. In Appendix E, both total deformation 
and the deflection curves at 2004-11-02 are presented. The total deformation and 
deflection curve for deflectometer D1 can be seen in figure 3.22 and 3.23 below.  
 
They show that the rock mass moves upstream shortly after the measurements 
started. If this is caused by the construction of the reinforcement slab, or from 
deformations in the arch dam, is not clear. This trend stops in the end of March. 
After that time, the rock mass starts to move downstream. The deflectometers D1 
and D2 show that the rock mass probably has moved 6 to 7 mm downstream, 
from 2003-02-13 until 2004-11-02. Deflectometer D3, on the other hand, indicate 
that the rock mass has moved 22 to 23 mm downstream during the same period.  
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Figure 3.22 Total horizontal deformations for deflectometer D1 (Positive values implies a 
downstream deformation). 



Stability analyses of large structures founded on rock – an introductory study 

 116 

 

282

284

286

288

290

292

294

296

298

300

0 1 2 3 4 5 6 7

Deflection (mm)

m
.a

.s
.l. Deflection curve D1

041102

 
Figure 3.23 Deflection curve at 2004-11-02 for deflectometer D1. 
 
The measured deformations indicate that permanent deformation has developed 
during this period. There are two possible explanations to this behaviour, the 
measured values can be wrong or time dependent deformation is going on in the 
rock mass. According to the manufacturer of the instruments, no drift or other 
types of errors have been observed previously in this type of instrument. It seems 
therefore likely that time dependent deformations occur in the rock mass under 
the arch dam. The magnitude of the deformations is not possible to quantify, since 
the deflectometers are associated with large uncertainties regarding the magnitude 
of the total deformation. With these uncertainties, no firm conclusion can drawn 
based only on the results from the deflectometers. They should be drawn from the 
overall picture, based on supplementary measurements and calculations. 
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3.6.6 Measurements of arch dam displacements with theodolite 
 
In addition to the measurements in the rock mass, complementary measurements 
were performed on the downstream side of the arch dam. They were carried out 
with theodolite during the period 2003-06-11 to 2004-09-30. Seven points on the 
arch dam, located as shown in figure 3.24, were measured.  
 

 
Figure 3.24 Location of the seven measurement-points on the arch dam. (Photo: Per-Erik Froom, 
AB Persson & Froom, 2004-01-29) 
 
The measurements were performed with an interval of approximately one month 
between each measurement. Totally, fifteen measurements were performed for 
points eleven to fifteen. For points sixteen and seventeen, the measurements 
started at 2003-10-30. For these points, twelve measurements were performed. 
Unfortunately, the reflector at point number sixteen was missing at the 
measurement 2004-04-28. A new reflector was installed at the next measurement 
2004-05-24. However, no information of the displacements between these two 
measurements exists, so the last four measurements for point sixteen have been 
excluded from the measurement-series. All measurement-series for the seven 
points are presented in Appendix F. To facilitate the interpretation of the 
measurements, they have been transformed into radial, tangential, and vertical 
displacements. The radial displacements are positive downstream, and the 
tangential are positive against the left abutment (to the right in picture 3.24). 
 
According to the company performing the measurements, the total error is in 
general one to two millimetres in the horizontal plan, and two to three millimetres 
in the vertical direction. This error has been presented as error bars in Appendix 
F, and in figure 3.25 which show the measurements for point number 12. 
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Figure 3.25 Radial, tangential and vertical deformations for point number 12 measured with 
theodolite. 
 
For one of the measurements performed 2004-02-03, the measurement conditions 
were bad, with humid air and large temperature variations in the different air-
layers, resulting in refraction problems. The precision in this measurement was 
approximately two point five times higher than for measurements under normal 
conditions. Due to this, the error bar is assumed to be two point five times higher 
for this measurement. The results from this measurement should therefore be 
regarded with some contempt, and is omitted in the further analysis. The 
measured differences between maximum positive and minimum negative radial, 
tangential, and vertical deformations are presented in table 3.6. 
 
Table 3.6 Measured differences between maximum positive and negative radial, tangential and 
vertical deformations. 

Point 11 12 13 14 15 16 17 
Radial deformation (mm) 28.3 31.5 30.1 7.0 3.0 - 5.6 
Tangential deformation (mm) 8.8 8.4 7.3 8.0 9.0 - 12.4 
Vertical deformation (mm) 8.0 5.0 4.0 7.0 4.0 - 8.0 

 
The radial deformations for points eleven, twelve, and thirteen at the dam crest 
show a clear cyclic behaviour with a positive downstream movement during the 
cooling period, and a negative upstream movement during the warming period. 
The radial deformation for points 14, 15, and 17 at the top of the reinforcement 
slab is more difficult to interpret. The main reason for this is that the deformations 
are of the same magnitude as the estimated total error. A tendency for cyclic 
behaviour can be seen for point 14. Point 16 has to short measurement period to 
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determine this maximum deformation, since it does not contain values over a 
whole year. 
 
The tangential deformations are difficult to interpret. No clear cyclic behaviour 
can be seen.  
 
For the points at the dam crest, the vertical displacements show a tendency for 
cyclic behaviour with a negative displacement during the winter and a positive 
displacement during the summer. For the points at the top of the reinforcements 
slab no clear tendency can be interpreted. 
 

3.6.7 Conclusions 
 
Measurements have been performed which measure temperature, pore pressure, 
vertical deformations, and horizontal deformations in the rock mass under the 
reinforcement slab. In addition to this, measurements of the arch dam have been 
carried out with theodolite. The conclusions from these measurements are that: 
 

− The temperature variations decreased after the reinforcement slab was 
constructed. 

− The pore pressure under the reinforcement slab is more or less constant, 
with one exception. In section two, the pore pressure varied during the 
year, with a higher pressure during the colder period of the year. 

− The vertical deformations are larger in rock masses of poorer quality. 
They are influenced from stress changes in the arch dam, probably due to 
temperature variations, and are smaller in the section closest to the dam. 

− The measurements of horizontal deformations with deflectometers are 
associated with large uncertainties. Therefore, no firm conclusions can be 
drawn from these measurements. However, they indicate that time 
dependent deformation may occur in the rock mass. 

− Most of the measurements with theodolite are difficult to interpret, since 
the measured deformations are of almost the same magnitude as the total 
error. The only clear exception is the radial deformations of the dam crest, 
which show a clear cyclic behaviour. The central parts of the crest moves 
upstream during the summer, and downstream during the winter, with a 
total difference of about 30 mm. 
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3.7 Back calculation of the modulus of elasticity for the rock mass 

3.7.1 Introduction 
 
If the interaction between arch dam and foundation should be analyzed, one 
necessary parameter is the modulus of elasticity for the rock mass, Em. Different 
techniques exist in order to estimate it. For dam foundations, some type of plate 
load tests usually is performed. Another procedure is to use empirical relations 
between rock mass classification systems and the modulus of elasticity. In 
connection to the analyses by Stille et al. (2002), such empirical relations were 
used. According to these correlations, an elastic modulus of 3.2 GPa could be 
expected for the poor rock mass in the shear zone (RMR=30), and an elastic 
modulus of about 20 GPa could be expected for the rock mass of good quality 
(RMR=60). However, these values are associated with uncertainties. In order to 
get supplementary information, an attempt has been made to estimate Em with 
back calculation. 
 

3.7.2 Input to the back calculation 
 
To back calculate the modulus of elasticity, it is necessary to have information 
about the increase of stresses in the rock mass due to the applied load from the 
reinforcement slab. In addition to this, the vertical strains in the rock mass are 
needed. 
 
In order to approximate the vertical load from the reinforcement slab, it was 
approximated into a rectangular slab, which further was divided into fifteen 
rectangular slabs according to figure 3.26. 
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Figure 3.26 Approximated rectangular reinforcement slab, divided into fifteen smaller slabs. 
 
Based on data on the volume of concrete, the volume of fill materials, together 
with information about the topography of the rock mass surface, the vertical load 
for the smaller slabs was calculated. It resulted in the following loads: 
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− Δq1-6=71.3 kN/m2 
− Δq7-12=140.8 kN/m2 
− Δq13-15=69.5 kN/m2 

 
Using these loads, the increase in vertical stresses in the rock mass was 
calculated. For an account of the calculations, see Appendix G. The results are 
presented in table 3.7. 
 
Table 3.7 Increase of average vertical stresses from the reinforcement slab. Data taken from 
Appendix G. 
Extensometer E1:12&22 E1:11&21 E2:12&22 E2:11&21 E3:12&22 E3:11&21 
Section (m) 0-8 8-16 0-8 8-16 0-15 15-30 

zσΔ  (kPa) 95 71 127 92 62 39 

 
The vertical strains in the rock mass have been determined with the measured 
vertical deformations from the extensometers. In section 3.6, it was concluded 
that they were a result from the load of the reinforcement slab, from stress 
changes in the arch dam, and from temperature variations in the rock mass. 
However, only the deformations from the reinforcement slab are of interest in the 
back calculation. In order to minimize the effects from stress changes in the arch 
dam, and temperature variations in the rock mass, the measured vertical 
deformations one year after the measurements started have been used. At this 
point, the stress in the arch dam and the temperature in the rock mass are 
approximately of the same magnitude as one year earlier. By doing so, the 
measured vertical deformations at this occasion for the most part originate from 
the reinforcement slab. Most likely, the only effect not considered with this 
assumption is the insulation effect from the reinforcement slab. 
 
In table 3.8, vertical deformations measured with extensometers are presented. 
The data have been taken from Appendix D. 
 
Table 3.8 Vertical deformations measured with extensometers, with data taken from Appendix D. 

Extensometer 

Level 
relative the 
rock mass 

surface (m) 

Date* 

Measured 
vertical 

deformation 
ΔLz (mm) 

E1:12 8 2004-01-14 0.64 
E1:11 16 2004-01-14 0.61 
E1:22 8 2004-01-14 1.05 
E1:21 16 2004-01-14 1.23 
E2:12 8 2004-01-14 0.22 
E2:11 16 2004-01-14 0.39 
E2:22 8 2004-01-14 1.91 
E2:21 16 2004-01-14 2.13 
E3:12 15 2004-01-14 1.53 
E3:11 30 2004-01-14 1.49 
E3:22 15 2004-01-14 3.41 
E3:21 30 2004-01-14 4.33 

*) The measurements started 2003-01-14 
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3.7.3 Methodology 
 
The back calculation was carried out based on the assumption that the rock mass 
consist of a semi-infinite linear elastic homogeneous half space. With this 
assumption, the modulus of elasticity can be calculated from the following 
equation.  
 

( )[ ]yxz
z

m
1 σσνσ
ε

Δ+Δ−Δ
Δ

=E       (3.2) 

 
Where zσΔ  is the average increase of vertical stresses. xσΔ  and yσΔ  is the 
average increase in horizontal stresses. To determine the increase of stresses in 
the vertical and horizontal directions, a large amount of influence values have to 
be determined. In order to simplify the calculations, only the vertical stresses have 
been considered. For an assumed value on Poisson’s ratio equal to 0.2, it results in 
an error of about 20%. With respect to other sources of uncertainties, this 
additional uncertainty is regarded to be acceptable. Equation 3.2 by that becomes: 
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The vertical strains were calculated with the following equation: 
 

L
Lz

z
Δ

=Δε          (3.4) 

 
Where L is the length of the steel rod of the extensometers.  
 

3.7.4 Results 
 
The results from the back calculations of Em are presented in table 3.9 below. 
 

Table 3.9 Back calculated modulus of elasticity for the rock mass. 

Extensometer Section 
 (m) 

zσΔ   

(kPa) 
ΔLz 

 (mm) Δεz 
Em  

(GPa) 
0-8 95 0.64 8⋅10-5 1.2 E11 8-16 71 -0.03 -3.75⋅10-6 (-18.9) 
0-8 95 1.05 1.31⋅10-4 0.7 E12 8-16 71 0.18 2.25⋅10-5 3.1 
0-8 127 0.22 2.75⋅10-5 4.6 E21 

8-16 92 0.17 2.13⋅10-5 4.3 
0-8 127 1.91 2.39⋅10-4 0.5 E22 

8-16 92 0.22 2.75⋅10-5 3.3 
0-15 62 1.53 1.02⋅10-4 0.6 E31 

15-30 39 -0.04 -2.67⋅10-6 (-14.7) 
0-15 62 3.41 2.27⋅10-4 0.3 E32 

15-30 39 0.92 6.13⋅10-5 0.6 
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3.7.5 Discussion and interpretation of results 
 
If the results in table 3.9 are studied, it can be seen that two lower sections of the 
extensometers located 6 m downstream the arch dam show a small raise of the 
rock mass. The reason for this is unclear. It might be a result of stress changes in 
the arch dam or from temperature variations in the rock mass. If the results from 
all extensometers located 6 m downstream the dam are omitted, i.e. E11, E21, and 
E31, the results shown in figure 3.27 are obtained. 
 

CL-Arch dam

Top of reinforcement slab +308.0

Measurement
section 1

Measurement
section 2

Measurement
section 3

EM=3,1 GPa

0 5 m

EM=0,7 GPa

EM=0,5 GPa

EM=3,3 GPa

EM=0,6 GPa

EM=0,3 GPa

 
Figure 3.27 Back calculated modulus of elasticity of the rock mass based on MPBX’s located 13 m 
downstream the dam, i.e. E12, E22, and E32. 
 
These results indicate a modulus of elasticity that is lower than the ones proposed 
by empirical correlations. The empirical correlations suggested a modulus of 
elasticity of 3.2 GPa for the shear zone, and 20 GPa for the deeply situated rock. 
The back calculated modulus in figure 3.32 show that the shear zone and the 
heavily fractured rock mass might have an elastic modulus of about 0.5 GPa, 
while the deeper situated rock mass on the left side might have an elastic modulus 
of about 3.2 GPa.  
 
The performed back calculation suffers from several limitations. In addition to the 
model uncertainties in the calculation, and the uncertainties with the measured 
vertical deformations, there exist other sources of uncertainties or limitations. The 
calculated strains are small, which makes the calculation sensitive to changes of 
them. Also, the vertical stresses from the reinforcement slab are small compared 
to those under the arch dam. For rock masses, deformations in discontinuities 
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constitute a part of the total deformation, and the normal stiffness of the 
discontinuities is non-linear and increases with the normal stresses. This result in 
lower modulus of elasticity at low normal stresses compared to higher normal 
stresses. All of these factors makes the back calculated modulus of elasticity 
uncertain. However, so are also the ones proposed by empirical correlations.  
 

3.7.6 Conclusions 
 

− The back calculation for the modulus of elasticity of the rock mass gave a 
value of approximately 0.5 GPa for the shear zone and the shallow rock 
mass. 

− For the deeper situated rock mass, the back calculation yielded a modulus 
of elasticity of approximately 3.2 GPa 

− The back calculated modulus suffers from several limitations, and are 
uncertain. 

− Empirical correlations indicate that a higher modulus might be possible. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 



Chapter 3 – Reflections on foundation stability of the arch dam at Krokströmmen 

 125

3.8 Analytical model for estimation of horizontal rock deformations  

3.8.1 Introduction 
 
The measurements with the deflectometers showed that horizontal movements 
probably occur in the rock mass. To understand which mechanisms that causes 
this, and to analyze if measured deformations are of reasonably magnitude, an 
analytical model has been developed. The model is based on the theory that the 
horizontal deformations in the rock mass are a consequence of temperature 
variations and interaction between arch dam and rock mass.  
 

3.8.2 Derivation of the model 
 
The geometry of the arch dam is simplified into a cylindrical shell without 
moment capacity. The shell has a radius, rarch, of 100 m, and an arch length, Larch, 
of 160 m. The edges of the shell are assumed to be constrained in the horizontal 
direction, but free to move in the vertical direction. The horizontal stiffness in the 
dam is approximated with a spring-stiffness, karch. The stiffness of the horizontal 
rock mass at the foot of the dam is approximated in a similar way with a spring-
stiffness, km. The principle is described in figure 3.28. 
 

karch, uarch

km, um

karch, uarch

km, um

ELEVATION SECTION

harch

hm

Lm
45-φ/2

 
Figure 3.28 Structural principle of the model. 
 
In a free structure, an increase in the temperature, ΔT, results in an increase in the 
arch length ΔLarch, or a tangential strain, εtan. 
 

con
arch

archcon

arch

arch
tan α

α
ε ⋅Δ=

⋅⋅Δ
=

Δ
= T

L
LT

L
L

     (3.5) 

 
Where αcon is the coefficient of heat expansion for concrete. The coefficient is 
assumed to be 11⋅10-6. Furthermore, the relation between an increase in the radial 
length, Δrarch, due to a change in the arch length in the tangential direction, ΔLarch, 
can be expressed as: 
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180archarch
πθ ⋅

⋅Δ=Δ rL         (3.6) 

 
With a radius of 100 m, and an arch length of 160 m, the angle θ between the left 
and right abutment becomes 91.7o. A tangential strain, due to an increase in 
temperature, results in an increase of the tangential stress, σtan, if it is restrained. 
 

concontan ασ ⋅Δ⋅= TE         (3.7) 
 
This stress results in a total tangential force, Farch,tan, over the cross section 
according to: 
 

)( archmarchconcontanarch, hhtTEF +⋅⋅⋅Δ⋅= α      (3.8) 
 
Where hm is the depth of the dam under the rock mass surface, harch is the height 
of the dam over the rock mass surface according to figure 3.28, and tarch is the 
average thickness of the dam. If the resisting tangential force in the dam is 
expressed as a spring force, it can be expresses as: 
 

arch
arch

damcon
tanarchtanarch,tanarch, L

L
AE

AEALkF Δ⋅
⋅

=⋅⋅=⋅=Δ⋅= εσ   (3.9) 

 
Where Adam is the area of the vertical arch dam cross section. However, since we 
are interested in the radial deformation, equation 3.9 is rewritten and combined 
with equation 3.6 to the following expression. 
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Where uarch,rad is the radial deformation of the arch dam. Based on equation 3.10, 
and provided that the deformation is expressed in the radial direction, the spring 
stiffness in the tangential direction, karch,tan, of the arch dam can be expressed as: 
 

180
)(

tanarch,
πθ ⋅

⋅
+⋅⋅

=
arch

archmarchcon

L
hhtE

k      (3.11) 

 
Where tarch is the average thickness of the arch dam. Due to the horizontal 
movements of the dam, a horizontal pressure, Δpm, will develop on the rock mass. 
This pressure can be expressed as: 
 

radm,
m

m
m u

L
Ep ⋅=Δ         (3.12) 
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Where um,rad is the radial deformation of the rock mass, and Lm is the length of the 
affected rock mass. A rough approximation of this length may be the length of the 
passive resisting wedge.  
 
According to the theory of membranes, equation 3.12 can be rewritten to a 
tangential force in the dam with the following expression: 
 

radm,
m

m
archmtanarch, u

L
ErhF ⋅⋅⋅=        (3.13) 

 
The spring stiffness of the rock mass in the tangential direction, based on equation 
3.13, can be expressed as: 
 

m

marchm
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⋅⋅
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Equilibrium for the arch dam results in: 
 

tanarch,radarch,tanarch,radm,tanm, Fukuk =⋅+⋅      (3.15) 
 
If the arch dam is assumed to behave as a rigid body, um,rad becomes equal to 
uarch,rad. By inserting equations 3.8, 3.11, and 3.14 into 3.15, it results in the 
following expression for the total deformation, u: 
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    (3.16) 

 
This analytical model is a very rough approximation of reality, but it is mainly 
thought as an indicator of possible magnitudes of the horizontal deformations, and 
as an indicator for the behaviour of the expected movements. Since the expected 
movements in this model occur as a result of cyclic temperature variations during 
the year, cyclic deformations could be expected. However, this is only true if the 
concrete and the rock mass behave as elastic materials. There are reasons to 
believe that the rock mass to some extent are plastic. 
 

3.8.3 Input to the calculations 
 
In order to calculate the expected horizontal deformations, it is necessary to have 
information about the average temperature changes in the dam, the elastic 
modulus of the concrete, together with the elastic modulus of the rock mass. The 
temperature variations in the dam have been calculated in Appendix H, and these 
temperatures has been used in the calculations. The modulus of elasticity of the 
concrete is assumed to be 30 GPa for the load case with temperature load. 
However, the modulus of elasticity of the rock mass is associated with large 
uncertainties. As a consequence, calculations were performed with an estimated 
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modulus of elasticity of 3.2 GPa, together with a minimum value of 0.5 GPa and a 
maximum value of 10 GPa.  
 
The length of the affected rock mass behind the dam was assumed to be about the 
length of the passive resisting wedge, which depends on the friction angle of the 
rock mass and the height of the wedge. Assuming an average friction angle of 
40o, and a height of the wedge of 5 m, the length, Lm, becomes 10.7 m. The input 
to the calculations is presented in table 3.10. 
 
Table 3.10 Assumed values of parameters included in the calculation of horizontal rock mass 
deformation with analytical model. 

Econ 
(GPa) αcon tarch  

(m) 
hm 

 (m) 
harch 
(m) 

Larch 
(m) 

θ  
(o) 

rarch  
(m) 

Lm 
 (m) 

10 11⋅10-6 4 5 40 160 91.7 100 10.7 
 

3.8.4 Methodology 
 
The model assumes an elastic behaviour, and that the horizontal deformations are 
a result of temperature variations in the arch dam. As a result, the calculated 
deformations become cyclic. However, if the horizontal deformations measured 
with deflectometers are studied, no cyclic behaviour can be seen. Instead, they 
indicate some permanent deformations, which increase with time. The rock mass 
are to some extent viscous. Therefore, calculations have been performed both for 
an elastic behaviour of the rock mass, and for a totally plastic behaviour.  
 
In the calculations with the plastic behaviour, it was assumed that a downstream 
deformation occur when the dam becomes colder. When it becomes warmer, no 
further deformation develops in the rock mass. In other words, when the derivate 
of the temperature with respect to time becomes negative a permanent 
downstream deformation occurs, and when the derivate becomes positive the 
deformation remains constant. 
 

3.8.5 Results 
 
In the following section, six figures which show the results from the calculations 
are presented, together with measured horizontal deformations from the 
deflectometers. The first three figures show the results for elastic behaviour of the 
rock mass, together with curves for total deformation for all three deflectometers. 
The deformation curves for the deflectometers shown in the figures are the ones 
where the upper rod is assumed to remain vertical. The next figures show the 
results for plastic behaviour, together with curves of total deformation from the 
deflectometers. All figures contain calculated deformations for three different 
values on the modulus of elasticity. 
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Figure 3.29 Horizontal rock mass deformations according to the analytical model assuming an 
elastic rock mass, and measured total deformation with deflectometer D1 (downstream 
deformation positive). 
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Figure 3.30 Horizontal rock mass deformations according to the analytical model assuming an 
elastic rock mass, and measured total deformation with deflectometer D2 (downstream 
deformation positive). 
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Figure 3.31 Horizontal rock mass deformations according to the analytical model assuming an 
elastic rock mass, and measured total deformation with deflectometer D3 (downstream 
deformation positive). 
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Figure 3.32 Horizontal rock mass deformations calculated with the analytical model assuming a 
plastic rock mass, and measured total deformation with deflectometer D1 (downstream 
deformation positive). 
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Figure 3.33 Horizontal rock mass deformations calculated with the analytical model assuming a  
plastic rock mass, and measured total deformation with deflectometer D2 (downstream 
deformation positive). 
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Figure 3.34 Horizontal rock mass deformations calculated with the analytical model assuming a 
plastic rock mass, and measured total deformation with deflectometer D3 (downstream 
deformation positive). 
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3.8.6 Discussion and interpretation of results 
 
This analytical model was developed to give a simplified picture of possible 
magnitude and behaviour of the horizontal deformations in the rock mass. 
Studying the results for the elastic behaviour, it is obvious that this does not 
correspond to the measured one. No upstream movements can be seen, and 
neither can any cyclic behaviour be observed. If the figures with plastic behaviour 
are studied, a better agreement between calculated and measured deformations is 
noticed. The measured deformations best correspond to the deformation based on 
the lowest modulus of elasticity of the rock mass. However, the model 
uncertainty, and the uncertainties with the deflectometers, makes it hard to 
express any firm opinion about the magnitudes of these deformations or which 
modulus of elasticity that best fit the measured deformations.  
 
Based on the results from measurements and calculations, the most probable 
scenario is that a horizontal deformation in the rock mass between zero to six 
millimetre has occurred since the measurements with deflectometers started, 
2003-02-13. This deformation seems to be plastic and develop with a rate of up to 
three millimetres each year. No tendency for a decreasing rate of deformation can 
be observed. These deformations are surprisingly large compared to the horizontal 
deformations measured by Reinius (1954), between the cut of slab and the 
upstream toe of the dam. These deformations were up to two millimetres for 
water load only, and a similar result but in the opposite direction for a 14 degree 
temperature raise. However, the time period of one and a half year for the 
measurements is relatively short. It is necessary with a longer time period before 
any reliable conclusions can be drawn. In addition to this, the results from the 
deflectometers are uncertain. 
 

3.8.7 Conclusions 
 
No definite conclusions can be drawn about the results from the analytical model 
due to model and measurement uncertainty. However, the results from the 
analytical model indicate that: 
 

− Time dependent deformations most likely occur in the central parts of the 
foundation at Krokströmmen. 
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3.9 Two dimensional finite element analyses 

3.9.1 Introduction 
 
Finite element analyses of the arch dam at Krokströmmen have been performed 
earlier (Johansson and Palmgren 1996). However, these three dimensional 
analyses with the program NASTRAN did not consider the stiffness of the rock 
mass underlying the arch dam, and how this affect the stress distribution in the 
foundation. The aim with a new analysis performed here is to examine this effect. 
The stability analysis by Stille et al. (2002) showed that the monoliths in the 
central parts of the dam had low factors of safety. This part of the arch dam is also 
affected by the shear zone that runs almost perpendicular under the dam. 
Therefore, the analysis was performed for monoliths seven to eleven in the central 
parts of the arch dam, using the finite element program Plaxis (Plaxis b.v. 2002), 
which is a finite element code for soil and rock analysis. 
 
In this analysis, two load cases are fist defined. This is followed by a description 
of input to, and construction of, the finite element model. Next, a methodology of 
the finite element analysis is given. The text continues with the presentation of 
results, and after that, a discussion and interpretation of the results are performed. 
The analysis ends with conclusions of the performed work. 
 

3.9.2 Definition of load cases 
 
Two load cases were used in the analysis, denoted load case A and B. Load case 
A considered dead weight and water load, while load case B considered 
temperature load. 
 
Load case A: Dead weight and water load 
 
In this load case, the density of the concrete, ρcon, was assumed to be 2400 kg/m3, 
and the reservoir level was assumed to be at the top of the crest, +340. The 
density of the water, ρw, was set to 1000 kg/m3. 
 
Load case B; Temperature load 
 
The temperature load was determined with the results from the temperature 
calculations in Appendix H. In the Appendix, the results from the case without 
reinforcement slab were used as input. The temperature was calculated at ten 
sections in the dam. The calculations showed that the lowest average temperature 
occur at the fifth of February and the highest average temperature at the eleventh 
of August. According to the temperature calculation, the average temperature of 
the arch dam varies about 14 oC, which is the same temperature as measured by 
Reinius (1954). By using the temperature difference between these occasions at 
the ten sections, the total temperature load was calculated with the following 
equation. 
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       (3.17) 

 
Where Δptemp is the pressure that correspond to a change in the arch dam 
temperature. In the calculations, a modulus of elasticity for the concrete, Econ, of 
30 GPa has been used. The results are presented in table 3.11. 
 
Table 3.11 Total temperature load calculated for the ten sections in the arch dam cross section. 

Section Location 
(level) 

T (oC)      
5 Feb. 

T (oC)     
11 Aug. 

ΔT 
 (oC) 

tarch 
 (m) 

Δptemp 
(kPa) 

1 +296 5.56 5.30 -0.26 10.10 -8.7 
2 +299 2.88 6.79 3.91 10.55 136.1 
3 +304 -0.73 10.10 10.83 7.55 269.8 
4 +309 -2.54 11.92 14.46 5.69 271.5 
5 +314 -3.80 13.19 16.99 4.55 255.1 
6 +319 -4.34 13.73 18.07 4.05 241.5 
7 +324 -4.67 14.11 18.78 3.55 220.0 
8 +329 -4.88 14.39 19.27 3.05 194.0 
9 +334 -4.98 14.53 19.51 2.55 164.2 

10 +339 -7.81 13.56 21.37 3.05 215.1 
 
To simplify the input of the temperature load, the calculated load distribution was 
approximated into a bilinear distribution according to figure 3.35.  
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Figure 3.35 Bilinear approximation of the calculated distribution of the temperature load. 
 
However, this load distribution was only valid for monolith 9, with a foundation 
level of +295. The other monoliths have higher foundation levels. To solve this 
problem, the lower regression line was translated a distance that corresponds to 
the difference of the rock mass surface compared to the other monoliths. The 
upper regression line was used above the intersection between the two lines.  
 
When the last monoliths were cast in the arch dam, the temperature in the 
concrete was about -4oC instead of +5oC which was provided in the design 
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(Reinius 1954). This would imply that stress changes due to temperature 
variations should start from -4oC. However, during the years shrinkage and creep 
have occurred, which probably have resulted in an equalization of stresses. It has 
therefore been assumed that stresses due to temperature variations emanate from a 
temperature of +4,7oC, which is the mean temperature during the year according 
to temperature calculations in Appendix H. Hence, only the part that pushes the 
dam downstream from this temperature increase the reaction forces on the rock 
mass. Due to this, only half of the total temperature load was used in the finite 
element analysis. This corresponds to an average temperature decrease of about 
7oC. Based on these assumptions, the temperature loads presented in table 3.12 
was used.  
 
Table 3.12 Temperature load used in the finite element analysis. 

Monolith 
7 8 9 10 11 

Level 
(m) 

Load 
(kPa) 

Level 
(m) 

Load 
(kPa) 

Level 
(m) 

Load 
(kPa) 

Level 
(m) 

Load 
(kPa) 

Level 
(m) 

Load 
(kPa) 

+340.0 89.7 +340.0 89.7 +340.0 89.7 +340.0 89.7 +340.0 89.7 
+309.9 129.9 +308.5 131.8 +303.9 138.0 +304.8 136.8 +304.8 136.8 
+303.0 0 +298.5 0 +295.0 0 +295.5 0 +297.0 0 

 
In this load case, no consideration has been taken to an uneven temperature 
distribution. It is possible that an upstream side, colder than the downstream side, 
would further increase the reaction forces in the downstream direction. 
 

3.9.3 Input to, and construction of, the finite element models 
 
The analysis consisted of five different finite element models, one for each 
monolith. These models contained the specification or execution of the following 
parts: 
 

− Idealization of the arch dam into a two dimensional problem. 
− Input of arch dam geometry. 
− Input of the rock mass geometry. 
− Specification of boundary conditions. 
− Material model and material properties for; the concrete; the rock mass; 

and the interfaces. 
− Generation of in-situ stress condition and pore pressure distribution. 
− Discretisation of the model into finite element. 

 
To show how the finite element models were constructed, and which assumptions 
and material properties that were used in the analysis, each step above is 
described in the following text. 
 
Idealization into a two dimensional problem 
 
The main interest of the analysis is the central parts of the dam, and how it 
interacts with the rock mass. Analyzing the whole dam is unnecessary if the 
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problem could be idealized into a two dimensional problem. By doing so, it would 
be possibly to reduce both time and computational complexity.  
 
It is mainly three factors that distinguish the arch dam from a two dimensional 
problem where plane strain can be assumed; the first is that the arch dam is 
curved; the second is that the height of the dam varies along the dam line; and the 
third is that the arch dam is fixed at the vertical sides. In this idealization, only the 
first factor has been possible to consider. The performed idealization is only a 
quasi idealization of the problem.  
 
To account for the curvature of the dam, the numerical model was equipped with 
a number of fixed end anchors with a horizontal stiffness. In the analytical model 
described in chapter 3.8, an expression was derived which expresses the 
tangential stiffness of the arch dam, karch,tan. Provided that the deformation is 
expressed in the radial direction, it could be expressed as: 
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The last part of equation 3.18 can also be expressed: 
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This reduces expression 3.18 to: 
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Equation 3.20 calculates the tangential stiffness of the dam. In PLAXIS, the 
stiffness is expressed with fixed end anchors in the radial direction. It is therefore 
necessary to rewrite the tangential stiffness into a radial stiffness. This could be 
done by using the following relation: 
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Rearranging (3.21) into an expression into the radial direction, it becomes: 
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This means that the stiffness into the radial direction can be expressed as: 
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The thickness of the dam varies at different levels. As a consequence, the dam 
section was divided into eight parts. For each of these parts, the mean thickness 
and the height were determined. The elastic modulus also varies depending on 
which load case that is considered. The load case considering water load and dead 
weight used an elastic modulus, Econ, of 10 GPa. How this modulus was 
determined is described in Appendix I. For load case B, which considers 
temperature load, a modulus of elasticity of 30 GPa was assumed. The radius of 
the arch, rarch, is 100 meters. Based on these values, and equation 3.21, the 
horizontal stiffness, presented in table 3.13 and 3.14., was calculated for the fixed 
end anchors.  
 
Table 3.13 Calculated horizontal stiffness in the radial direction for the arch dam with Econ=30 
GPa and rarch=100 m. 

Part Division 
(levels) 

t 
(m) 

h 
(m) 

karch 
(kN/m and m dam) 

1 337.0-340.0 2.65 3 23 850 
2 334.0-337.0 2.4 3 21 600 
3 330.0-334.0 2.8 4 33 600 
4 325.0-330.0 3.2 5 48 000 
5 320.0-325.0 3.8 5 57 000 
6 312.5-320.0 4.4 7.5 99 000 
7 307.5-312.5 4.7 5 70 500 

 
Table 3.14 Calculated horizontal stiffness in the radial direction for the arch dam with Econ=10 
GPa and rarch=100 m. 

Part Division 
(levels) 

t 
(m) 

h 
(m) 

karch 
(kN/m and m dam) 

1 337.0-340.0 2.65 3 7 950 
2 334.0-337.0 2.4 3 7 200 
3 330.0-334.0 2.8 4 11 200 
4 325.0-330.0 3.2 5 16 000 
5 320.0-325.0 3.8 5 19 000 
6 312.5-320.0 4.4 7.5 33 000 
7 307.5-312.5 4.7 5 23 500 

 
The horizontal stiffness was not calculated all the way down to the foundation 
level, only to a level of +307.5, which is the approximate foundation level for 
monolith seven and eleven. The main reason for that was that the stresses at these 
lower parts were assumed to be absorbed by the rock mass. 
 
Arch dam geometry 
 
The geometry of the arch dam was determined with the help of measurement 
drawings from the SEED evaluation. Some basic data are; dam crest level at +340 
; maximum height 45 meters; maximum thickness about 12 meters; and thickness 
at the dam crest about three meters. 
 
The design of the dam at the foundation level is rather complex. In order to 
facilitate the finite element analysis, the design was simplified into a rectangle 
according to figure 3.36. 
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Real design of monolith

Design in the finite element model

 
 
Figure 3.36 Example of difference between real design and the one in the finite element model. 
 
Since the foundation level varies along the dam line, each monolith has a unique 
design. Some basic measurements for each monolith are presented in table 3.15, 
with their notations described in figure 3.37.  
 

wmon

+340 m.a.s.l.

3 m

hmon

dmon

Lmon

 
 
Figure 3.37 Notations for the basic measurements of a monolith.  
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Table 3.15 Basic measurements of the monoliths in the finite element models. 

Monolith  
7 8 9 10 11 

hmon (m) 37.0 41.5 45.0 44.5 43.0 

wmon (m) 7.0 7.6 12.0 12.0 8.4 

dmon (m) 3.5 6.5 5.0 5.5 4.0 

Lmon (m)*) 9.4 9.3 9.4 9.3 9.4 
*) A unit length of one meter was used in the finite element analysis. 
 
It should be noted that the dam consist of 18 monolith. These monoliths are not 
separated with dilatation joints; instead they are composed with reinforcement. 
Hence, the arch dam is constructed and works as one single body. 
 
Rock mass geometry 
 
The classification of the rock mass by Stille et al. (2002) divided it into areas or 
volumes of similar characteristics. Therefore, in order to describe the geometry of 
the rock mass, it is necessary to specify the level of the rock mass surface, the 
boundary between shallow and deeply situated rock mass, and the boundaries of 
the shear zone. The boundary between shallow and deeply situated rock mass was 
assumed to lie at the same depth as the mean foundation-level of the monoliths. 
 
A typical layout of a finite element model, where the different areas or volumes of 
the rock mass appears, can be seen in figure 3.38. 
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Figure 3.38 Layout of the finite element model for monolith nine, where the shallow and deeply 
situated rock mass appears, and also the inclined lower boundary of the shear zone.  
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Each of the five numerical models has a unique rock mass geometry. In the 
models, the rock mass surface and the boundary between shallow and deeply 
situated rock mass were specified according to table 3.16. 
 
Table 3.16 Levels of the rock mass surface and the boundary between shallow and deeply situated 
rock mass. 

Monolith  
7 8 9 10 11 

Rock mass surface (level) +306.5 +305.0 +300.0 +301.0 +301.0 

Boundary between shallow and deep 
rock mass (level) +303.0 +298.5 +295.0 +295.5 +297.0 

 
The shear zone strikes under the central monoliths. As a consequence, not all 
monoliths are influenced by it. In the finite element model, the shear zone was 
only incorporated for monolith eight and nine. At these monoliths the upper 
boundary of the shear zone was assumed to coincide with the boundary that 
separates the shallow and the deeply situated rock mass. As a result, it is only 
necessary to describe the level of the lower boundary of the shear zone, and its 
inclination for these monoliths. These parameters are described in table 3.17. 
 
Table 3.17 Lower boundary of the shear zone, and its inclination for monolith eight and nine (The 
direction of the inclination appears in figure 3.38). 

Monolith  
7 8 9 10 11 

Level of lower shear zone boundary at 
the dam-line, which is located in the 
middle of the model (level) 

- +297.3 +290.1 - - 

Inclination (o) - 4 4 - - 

 
Boundary conditions 
 
With the modelling techniques available today, it is not possible to reasonably 
decent model infinite boundaries. The common technique is to extend the model 
beyond the zone of influence from the structure. The two-dimensional model of 
Krokströmmen used a width of 150 meters and a depth of 50 meters. The 
maximum base width for the widest monolith is about 12 meters. 
 
For the vertical boundaries, it was assumed that the rock mass is free to move in 
the vertical direction. At the lower horizontal boundary it was assumed that the 
rock mass is free to move in the horizontal direction. The principle is shown in 
figure 3.39. 
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12 m

150 m

50
 m

 
 
Figure 3.39 Extension of the finite element model together with horizontal and vertical rock mass 
boundaries and their degrees of freedom. 
 
 
Concrete material model 
 
The concrete in the arch dam was modelled as a linear elastic material. The 
relation between stresses and strains can be described with the elastic modulus, E, 
and Poisson’s ratio, ν. The values according to table 3.18 were used in the 
analysis.  
 
Table 3.18 Assumed modulus of elasticity and Poisson’s ratio for the concrete in the arch dam for 
each load case. 

Load Case Econ  
(GPa) νcon 

A, Dead weight and water load 10 0.20 
B, Temperature load 30 0.20 
 
In concrete subjected to long term loads, deformations in it continue to develop 
with time. The concrete creeps, and this affects the modulus of elasticity. If the 
current stresses and strains in the rock mass should be analyzed, this creep 
process in the arch dam has to be considered. In Appendix I, the procedure for 
estimating the long term modulus of elasticity for load case A is presented.  
 
Rock mass material model 
 
The rock mass at Krokströmmen was modelled as an isotropic linear-elastic 
perfectly-plastic material. The input values for the parameters in the elasto-plastic 
material model, and how they were determined, are briefly described in the 
following text. The rock mass was divided into shallow and deeply situated rock 
mass under each monolith, and also where present, into shear zone rock mass 
according to figure 3.40. To simplify the description of the different values for 
each rock mass parameter those were used in the analysis, each area with specific 
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characteristics was given a certain notation. The notations are shown in figure 
3.40.  
 

Top of reinforcement slab +308.0

Monolith 7Monolith 8Monolith 9Monolith 10Monolith 11

Shallow rock
mass

Depply situated
rock mass

11S

11D

10S

10D
7D

7S

8D

8Z

8S

9S

9Z

9D

Aproximate
foundation
level

Shear zone
boundary

 
Figure 3.40 Areas with similar characteristics of the rock mass parameters used in the finite 
element analysis and their notations (View seen in the downstream direction). 
 
Based on the back calculation performed in chapter 3.7, the following modulus of 
elasticity was assumed for the rock mass. 
 
Table 3.19 Assumed modulus of elasticity for the rock mass for the different areas used in the 
finite element models. 

Monolith 
7 8 9 10 11 Area Em 

 (GPa) 
Em 

 (GPa) 
Em 

 (GPa) 
Em 

 (GPa) 
Em 

 (GPa) 
S 0.7 0.5 0.5 0.5 0.7 
Z - 0.5 0.5 - - 
D 3.2 3.2 3.2 3.2 3.2 

 
Poisson’s ratio for the rock mass, νm, was given a constant value of 0.2 for all 
parts.  
 
The analysis used the Mohr-Coulomb failure criterion. The values on friction 
angle and cohesion were based on the results from the classification of the rock 
mass by Stille et al. (2002), and are shown in table 3.20.  
 
Table 3.20 Cohesion, cm, and friction angle, φm, of the rock mass for the different areas used in the 
finite element analysis. 

Monolith 
7 8 9 10 11 Area cm 

(kPa) 
φm 
(o) 

cm 
(kPa) 

φm 
(o) 

cm 
(kPa) 

φm 
(o) 

cm 
(kPa) 

φm 
(o) 

cm 
(kPa) 

φm 
(o) 

S 800 25 800 25 200 15 200 15 2500 45 
Z - - 1300 35 200 15 - - - - 
D 1300 35 1300 35 2500 42 2500 42 2500 42 
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In order to reduce the tensile strength of the rock mass, a tensile cut-off was used. 
For simplicity, the dilatancy angle was given a constant value of ψ=5o throughout 
the rock mass. 
 
Modelling of interfaces 
 
To model relative movements between foundation and rock mass, specific 
interface elements available in PLAXIS were utilized. The part of the dam 
situated in the rock mass was modelled as a rectangle. As a consequence, three 
possible interfaces could exist. However, the rock mass against the upstream 
interface is not in contact with the concrete, since the cut-off slab is located there. 
Therefore, a piece of the rock mass upstream the dam was deactivated in the 
numerical model. This means that each monolith was modelled with two 
interfaces against the rock mass. One horizontal interface under the dam, and one 
vertical interface on the downstream side, see figure 3.41. 
 

Deactivated rock mass in
the numerical model

Vertical interface

Horizontal interface  
Figure 3.41 Interfaces in the numerical model. 
 
The interface elements were modelled with an elastic perfectly plastic behaviour 
and a Mohr-Coulomb failure criterion.  
 
The strength of these interfaces is difficult to estimate. For the vertical interface it 
is unclear if the rock mass behind the dam is in direct contact with the concrete at 
all places. This shear strength was assumed to be insignificant in the models. 
However, to improve the convergence of the numerical calculation the interface 
cohesion, cint, was assumed to be 20 kPa. The friction angle, φint, was set to zero 
degrees. 
 
The strength of the horizontal interface depends to some extent on the magnitude 
of the relative movements that has occurred in the interface. If upstream and 
downstream movements have occurred due to temperature changes over the year, 
the residual strength should be considered. However, if no such movements have 
occurred in the interface, the peak shear strength should be considered. At 
Krokströmmen, a large number of anchored bolts have been installed into the rock 
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mass, which to a large extent decrease the movements in the interface. Due to 
this, the peak shear strength of the interface was considered in the analysis.  
 
In a study by EPRI (1992), the interface strength for 18 dams were investigated 
and the results grouped by foundation rock type. One of these dams, Lloyds 
Shoals dam, had a foundation consisting of granite. Based on eleven tension tests 
and six shear tests on drill cores, the best fit line for the peak shear strength 
indicated an interface cohesion, cint, of 1260 kPa and an interface friction angle, 
φint, of 54o. Based on these results, the same values were used in the numerical 
models.  
 
Stress oscillations around the sharp corners of the concrete were avoided by 
extending the interfaces into the rock mass. These extended interfaces were given 
the same properties as the surrounding rock mass.  
 
 
 
Generation of in-situ stress conditions 
 
The in situ stress was generated using a Ko-procedure, where Ko is defined as the 
horizontal in-situ stress divided with the vertical in-situ stress. In this procedure, 
vertical total stresses, σv, was first generated according to equation 3.24. 
 

zg ⋅⋅= mv ρσ         (3.24) 
 
Where ρm is the density of the rock mass, g is the coefficient of gravity and z is 
the depth from the rock mass surface. In the calculations, the density for the rock 
mass was set to 2 650 kg/m3 and the coefficient of gravity was set to 10 m/s2. The 
total horizontal stress, σH, was calculated by multiplying the total vertical stress 
with the Ko factor, which was set to one. 
 
Thereafter, the effective stresses were calculated according to equation 3.25, 
where σ´ is the effective stresses, σ it the total stresses and u is the pore pressure. 
 

u−=′ σσ          (3.25) 
 
In the analysis, the same pore pressure distribution was used as assumed in the 
SEED report (Johansson and Gustafsson 2000). They assumed a bi-linear 
approximation of the pore pressure according to figure 3.42. The pore pressure 
was assumed to decrease from full pore pressure at the upstream side of the 
sealing slab down to 30% under the drainage gallery. At the downstream toe, a 
pore pressure representing a pressure head from the rock mass surface down to 
the foundation level of the monolith was assumed.  
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Figure 3.42 Assumed pore pressure distribution used in the finite element analysis. 
 
In order to generate the assumed pore pressure in the rock mass, a user defined 
phreatic level was used in the numerical model.  
 
To simulate the loading history, in-situ stresses were calculated without 
considering the arch dam. The ground water level was set at the rock mass 
surface. The next stage simulated the excavation of the arch dam. Thereafter, the 
arch dam was calculated with reservoir water level according to load case A, and 
temperature load according to load case B. 
 
Discretisation of the model into finite elements 
 
The division of the model into a number of finite elements was performed using 
the automatic mesh generator in PLAXIS. The finite elements used to generate 
the mesh were 15 nodes triangular element.  
 
As previously described, the part of the dam founded in the rock mass was 
simplified into a rectangle. This resulted in sharp corners which generate stress 
concentrations. At these points, the density of the mesh was increased by using 
the refine mesh function. A typical finite element mesh that was used can be seen 
in figure 3.43. 
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Figure 3.43 Finite element mesh generated by PLAXIS for monolith 10. 
 

3.9.4 Methodology  
 
Before the numerical calculations started, the finite element models had to be 
constructed. Totally, five models were constructed, one for each monolith. The 
monoliths that were chosen to be a part of the analysis were monolith seven to 
eleven in the central parts of the dam that could be affected by the shear zone. 
 
Since a two dimensional program was used, the problem was first idealized from 
three into two dimensions. However, only a quasi idealization was possibly to 
perform. As a result, the starting point of the calculations was chosen to be based 
on the reaction forces from the three dimensional finite element analysis 
presented in the SEED report (Johansson and Gustafsson 2000), based on the 
calculation by Johansson and Palmgren (1996). This mode of procedure implies 
the following methodology. 
 
The monoliths in the arch dam behave as one body. In order to “connect” the five 
monoliths in the analysis, an assumption was made that all monoliths should have 
an equal deformation. This equal deformation was obtained with an iterative 
procedure. It started from a state where the reaction forces were the same as the 
ones in the three dimensional analysis presented in the SEED report. Through the 
iterations, reaction forces between the monoliths were redistributed and an equal 
deformation between the monoliths was obtained. By doing so, the effects from 
the interaction between arch dam and rock mass could be approximated. In order 
to get a clear picture of the methodology, a description is given in figure 3.44. 
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2-D FEM calculation with PLAXIS. Results
in vertical and radial reaction forces on the
rock mass. Tangential forces not possible

to consider.

Vertical and radial reaction forces on the
rock mass adjusted to fit results from

previous 3-D FEM calculation.

Iteration procedure to obatin a constant
deformation for all five monoliths.

 Results in redistribution of vertical and
radial reaction forces due to variations in
the elastic modulus of the rock mass and

different geometries of the arch dam
monoliths.

Load case: Dead
weight and water
load. Summary of

reaction forces for all
five monoliths

constant.

Temperature forces added. Results in new
radial and vertical reaction forces. No

iteration procedure performed since the
overall uncertainties are large and the

additional deformations in the rock mass
were relatively small.

Load case:
Temperature load.

Step 1

Step 2

Step 3

Step 4

 
Figure 3.44 Methodology of the two dimensional FEM calculations. 
 
First, each of the five monoliths was calculated with Plaxis, and the vertical and 
the radial reaction forces on the rock mass were summarized for each monolith. 
Secondly, the vertical and the radial reaction forces were adjusted to fit the results 
from the three dimensional calculation presented in the SEED report. This was 
done by changing the dead weight of the concrete and by introducing a horizontal 
pressure on the lower parts of the dam situated in the rock mass. The location of 
this adjustment pressure is shown in figure 3.45. 
 

Horizontal adjustment pressure

 
Figure 3.45 Location of horizontal adjustment pressure. 
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The third step was an iterative procedure based on two assumptions. The first was 
that all five monoliths in the arch dam should have the same vertical and 
horizontal deformation, i.e. the dam was considered as a rigid body regarding 
bending. The second assumption was that the sums of the reaction forces were 
constant for all five monoliths during the iterative procedure, which results in a 
redistribution of the vertical and radial reaction forces. In the fourth step and final 
step, the temperature load was added which resulted in new reaction forces. No 
iterative procedure was performed in this step, since the overall uncertainties are 
large, and the additional deformations in the rock mass were small.  
 
In the iterative procedure, different modes of procedures were possible. Several 
parameters in addition to the modulus of elasticity affect the deformation in the 
rock mass. Two examples are the foundation levels and the width of the 
monoliths. Also, the arch dam not only deforms in a vertical and a horizontal 
direction, it experience a rotation which results in an angular deformation. For 
example, if only horizontal and vertical deformation at the foundation level 
should be assumed to be equal, this would result in different angular deformation 
between the monoliths. Therefore, the chosen mode of procedure was to use a 
reference point that should have an equal deformation. This point was located 
four meters downstream the dam line at a level of +303. By choosing this 
location, the angular deformation will be considered indirect since all five 
monoliths more or less rotate around the same axis.  
 
The iterative procedure was performed with the following procedure. First, the 
results from step 1 and step 2 were used to determine a horizontal and vertical 
stiffness at the foundation level. Secondly, this stiffness was used to redistribute 
and obtain reaction forces that resulted in an equal deformation for the reference 
point. This redistribution of the reaction forces was obtained by using a stepwise 
trial procedure in Excel. Thirdly, these new reaction forces were obtained by 
adjusting the unit weight of the concrete and the horizontal adjustment pressure in 
Plaxis. This procedure was repeated, where the result from step 2 and step 3:1 
above were used to calculate the foundation stiffness. This stiffness once again 
was used in the stepwise trial procedure to redistribute and obtain new reaction 
forces, which were used in Plaxis to calculate the results for step 3:2. Totally, this 
iterative procedure was repeated three times 
 
The assumptions which the iterative procedure are based upon implies some 
limitations. Only five monoliths are considered, and the sum of the reaction forces 
is assumed to be constant. In the arch dam, which consists of 18 monoliths, a 
somewhat different redistribution of stresses probably occurs when the arch dam 
interacts with the foundation. Also, same vertical and horizontal deformations 
through a reference point imply that the arch dam is considered as a rigid body 
regarding bending along the tangential direction, which it is not. Nevertheless, it 
may be a feasible method to approximate the effects of rock structure interaction 
for the central parts of the arch dam. 
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3.9.5 Results  
 
The description of the methodology divided the finite element analysis into four 
different steps. 
 

− Step 1: Load Case A, Calculation of unadjusted reaction forces. 
− Step 2: Load Case A, Adjustment of reaction forces to fit the ones 

presented in the SEED report (Johansson and Gustafsson 2000). 
− Step 3: Load Case A, Iterative procedure to obtain an equal deformation.  
− Step 4: Load case B, Calculation of additional reaction forces from 

temperature load. 
 
The reaction forces on the rock mass from the finite element analysis are 
presented with a total vertical force, Fz, and a total radial force, Frad. The total 
vertical force, Fz, is the sum of the vertical force of the horizontal interface and 
the shear force of the vertical interface. The total radial force, Frad, is the sum of 
the shear force of the horizontal interface and the horizontal force of the vertical 
interface. The uplift pressure is denoted Fu. 
 
Step 1: Load case A; Calculation of unadjusted reaction forces 
 
The first step was to perform the finite element analysis and calculate the 
unadjusted reaction forces on the rock mass for load case A. The results from 
these calculations resulted in the following reaction forces on the rock mass. 
 
Table 3.21 Unadjusted reaction forces on the rock mass calculated with Plaxis.  

Monolith Fz  
(MN/m dam) 

Fu 
 (MN/m dam) 

F´z  
(MN/m dam) 

Frad 
(MN/m dam) 

7 3.65 0.68 2.97 3.73 
8 4.49 0.76 3.73 4.18 
9 6.91 1.38 5.53 5.43 

10 6.63 1.37 5.26 6.56 
11 4.71 1.03 3.68 5.18 

 
Step 2: Load case A, Adjustment of reaction forces to fit results in the SEED 
report. 
 
In the second step, the reaction forces were adjusted to fit the reaction forces 
presented in the SEED report (Johansson and Gustafsson 2000) based on the three 
dimensional finite element analysis (Johansson and Palmgren 1996). In order to 
obtain the required reaction forces it was necessary to reduce the unit weight of 
the concrete, and to use horizontal adjustment forces according to the values in 
table 3.22. 
 
Table 3.22 Adjusted unit weights of concrete and total horizontal adjustment forces used to obtain 
reaction forces equal to the SEED report. 

Monolith  
7 8 9 10 11 

γcon (kN/m3) 20.38 4.75 0.38 1.68 16.29 
Fh (kN/m dam) 1393 1552 1728 3114 1117 
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The results from this step are presented in table 3.23, together with the reaction 
forces presented in the SEED report in parenthesis. 
 
Table 3.23 Adjusted reaction forces on the rock mass calculated with Plaxis. Results from the 
SEED report in parenthesis. 

Monolith Fz  
(MN/m dam) 

Fu 
 (MN/m dam) 

F´z  
(MN/m dam) 

Frad 
(MN/m dam) 

7 3.15 (3.14) 0.68 (0.68) 2.47 (2.46) 2.42 (2.42) 
8 1.19 (1.19) 0.76 (0.76) 0.42 (0.43) 2.73 (2.76) 
9 1.22 (1.18) 1.33 (1.35) -0.17 (-0.17) 3.45 (3.42) 

10 1.19 (1.19) 1.37 (1.35) -0.19 (-0.16) 3.42 (3.45) 
11 3.25 (3.24) 1.03 (1.03) 2.22 (2.21) 4.05 (4.06) 

 
Total deformations and principal effective stress directions for the foundation are 
given in Appendix J.  
 
Load case A, Step 3 
 
The aim with the third step was to obtain an equal deformation for all five 
monoliths, and by doing so approximate the redistribution of reaction forces due 
to interaction between rock mass and arch dam. The new reaction forces are 
presented in table 3.24. 
 
Table 3.24 Support forces after the iterative procedure. 

Monolith Fz  
(MN/m dam) 

Fu 
 (MN/m dam) 

F´z 
(MN/m dam) 

Frad 
(MN/m dam) 

7 1.81 0.68 1.13 9.88 
8 1.86 0.76 1.10 1.15 
9 1.44 1.38 0.06 -1.97 

10 3.48 1.38 2.10 5.65 
11 1.66 1.03 0.63 2.38 

 
An account of total deformations and principal effective stress directions are 
given in Appendix J. In figure 3.46 and 3.47 below, the vertical and horizontal 
reaction forces before and after the iterative procedure are presented. The 
horizontal and vertical deformations at the reference point are shown in figure 
3.48 and 3.49. The vertical deformations at the horizontal interface before and 
after the iterative procedure are presented in figure 3.50 and 3.51, while the 
horizontal deformation at the vertical interface are shown in figure 3.52 and 3.53. 
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Figure 3.46 Vertical reaction forces, F´z, acting on the foundation before and after the iterative 
procedure. 
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Figure 3.47 Horizontal reaction forces, Frad, acting on the foundation before and after the iterative 
procedure. 
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Figure 3.48 Vertical and horizontal deformations of the reference point before the iterative 
procedure. 
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Figure 3.49 Vertical and horizontal deformations of the reference point after the iterative 
procedure. 
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Figure 3.50 Vertical deformations for the horizontal interface under the dam before the iterative 
procedure. Positive distance from the dam line is in the downstream direction. 
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Figure 3.51 Vertical deformations for the horizontal interface under the dam after the iterative 
procedure. Positive distance from the dam line is in the downstream direction. 
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Figure 3.52 Horizontal deformations for the vertical interface downstream the dam before the 
iterative procedure.  
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Figure 3.53 Horizontal deformations for the vertical interface downstream the dam after the 
iterative procedure.  
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Load case B, Step 4 
 
In the fourth and final step, the effect from the temperature load was considered. 
No iterative procedure was used in this step since it involves much work, and the 
overall uncertainties are large. 
 
The temperature load was considered by applying a calculated temperature load 
according to table 3.12. This additional load resulted in new reaction forces on the 
rock mass. The new reaction forces are shown in table 3.25, while the change of 
the reaction forces is presented in table 3.26. 
 
Table 3.25 Reaction forces after the application of temperature load.  

Monolith Fz  
(MN/m dam) 

Fu 
 (MN/m dam) 

F´z  
(MN/m dam) 

Frad 
(MN/m dam) 

7 1.77 0.68 1.09 10.23 
8 1.74 0.76 0.98 1.79 
9 1.41 1.38 0.03 -1.02 

10 3.44 1.38 2.06 6.92 
11 1.57 1.03 0.54 3.17 

 
Table 3.26 Change of reaction forces due to temperature load. 

Monolith ΔFz  
(MN/m dam) 

ΔFu 
 (MN/m dam) 

ΔF´z  
(MN/m dam) 

ΔFrad 
(MN/m dam) 

7 -0.04 0 -0.04 0.35 
8 -0.12 0 -0.12 0.64 
9 -0.03 0 -0.03 0.95 

10 -0.04 0 -0.04 1.27 
11 -0.09 0 -0.09 0.79 

 
The deformation at the reference point is presented in figure 3.54. In addition to 
this, the vertical deformation at the horizontal interface and the horizontal 
deformation at the vertical interface for the monoliths are presented in figure 3.55 
and 3.56. For an account of total deformations and principal effective stress 
directions, see Appendix J. 
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Figure 3.54 Additional vertical and horizontal deformations of the reference point due to 
temperature load. 
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Figure 3.55 Additional vertical deformations of the horizontal interface due to temperature load. 
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Figure 3.56 Additional horizontal deformations of the vertical interface due to temperature load. 
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3.9.6 Discussion and interpretation of results 
 
The aim with the finite element analysis was to examine the effects of interaction 
between arch dam and rock mass for the central parts of the structure. In order to 
obtain this, a quasi idealization of the three dimensional arch dam was performed 
into an assumed condition of plane strain. This quasi idealization implied that the 
arch dam model suffered from several limitations. For example, it did not 
consider that the arch dam is fixed at the vertical boundaries against the 
abutments, or that the height varies along the dam. Furthermore, it could not 
consider internal arching effects in the dam itself. As a consequence of these 
limitations, reaction forces obtained from a previous three dimensional finite 
element analysis was used as a starting point in an iterative procedure. This 
procedure was carried out to obtain an equal deformation for all monoliths, and 
by doing so account for the rock structure interaction. Due to the model 
uncertainties associated with this mode of procedure, and the uncertainties with 
the rock mass characterization, the results are only approximate. Therefore, it is 
necessary to compare the calculated deformations with the measured ones. This 
verification has been divided into four parts. For each load case, deformations at 
the dam crest and at the foundation level have been analyzed. 
 
In table 3.27, measured and calculated deformations of the dam crest for water 
load and dead weight are presented. 
 
Table 3.27 Measured and calculated deformations of the dam crest due to water load and dead 
weigth. 

Measured by  
Reinius (1954)* 

Calculated with 
Nastran** 

Calculated with 
PLAXIS*** 

δv  
(mm) 

 δv  
(mm) 

δh  
(mm) 

δv  
(mm) 

δh  
(mm) 

7.7 20 - 22 3 31 
Positive values mean a deformation in the downstream direction or a vertical rise.  
*) Measured deformations are due to water load only, Econ=14 GPa, Reservoir level +338,4. 
**) Calculated deformations are due to water load, Econ=10 GPa, Reservoir level +340,0 (Johansson and Palmgren 1996). 
***) Calculated deformations are due to water load and dead weigth, Econ=10 GPa, Reservoir level +340,0. 
 
The deformation of the dam crest was measured by Reinius (1954). For water 
load only, the deformation was 20 mm with a reservoir level of +338.4. However, 
a higher modulus of elasticity of the concrete was used by Reinius. Also, the 
reservoir level was 1.6 meter lower at that occasion than in the other analyses. If 
the measured deformation is recalculated with the lower modulus, it becomes  
28 mm. An analysis with Plaxis indicates that the impact of a lower reservoir 
level is about 7 mm. If both these factors are taken into consideration, a 
comparable deformation would be about 35 mm. The values calculated with 
PLAXIS are in line with this recalculated value, while the horizontal deformation 
calculated by Johansson and Palmgren (1996) is lower. 
 
The peculiar rise of the dam crest that Reinius could not explain seems to some 
extent be a result of that the arch dam stands on its downstream toe as a result of 
the applied load. The average rise of the dam crest was calculated to about 3 mm. 
However, it is only about half of the rise that Reinius measured. It is possible that 
the other factors that Reinius wrote about stand for the other half. He wrote that 
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they might be a result of a warmer rock mass, increased pore pressure in rock 
joints and excavation of the soil above the rock mass. Another possible factor is 
that the analysis with PLAXIS considered dead weight and water load 
simultaneously, while the deformations measured by Reinius only considered the 
effect from water load.  
 
In table 3.28, measured and calculated deformations at the dam crest due to 
temperature load are presented. 
 
Table 3.28 Measured and calculated deformations at the dam crest due to a change in 
temperature from the summer to the winter. 

Measured by 
Reinius (1954)* 

Measurments 
with Theodolite  

2003-2004** 

Calculated with 
Nastran*** 

Calculated with 
PLAXIS**** 

δv  
(mm) 

δh 
 (mm) 

δv  
(mm) 

δh 
(mm) 

δv  
(mm) 

δh 
(mm) 

δv  
(mm) 

δh 
 (mm) 

3.4 20.0 -4 to -8 30.0 - 17 0.4 28 
Positive values mean a deformation in the downstream direction or a vertical rise.  
*) Corrected for heat expansion of concrete, δv taken from table 3.2 as 1953-04-01 minus 1952-08-25 for the middle of the 
dam  
**) Not corrected for heat expansion of concrete 
***) For a temperature change of -14oC. 
****) For a temperature change of -14oC. Heat expansion of concrete not considered in the analysis 
 
The deformations of the dam crest due to temperature load have been measured 
by Reinius (1954), and with theodolite 2003-2004. The measurements with 
theodolite showed that the average horizontal deformation of the dam crest was 
about 30 mm during a year, while Reinius measured a horizontal deformation of 
20 mm. The reason for this discrepancy between the measurements for the 
horizontal deformation is unclear. One possible explanation is that the 
measurements performed by Reinius were conducted 1952-08-25 and 1953-04-
01. These occasions do not coincide with the dates for the highest and lowest 
temperature according to the calculations in Appendix H. For an even temperature 
rise of 14oC; Johansson and Palmgren (1996) calculated a horizontal deformation 
of 17 mm. In the analysis with PLAXIS, the deformations were calculated for a 
load which corresponds to half of the total temperature change during a year, i.e. 
7oC. For a year, i.e. 14oC, the total calculated horizontal deformation would be 28 
mm since the dam is modelled as a linear elastic material. The horizontal 
deformation calculated with PLAXIS agree reasonable with values measured with 
theodolite, while it is about 10 mm higher compared to the ones measured by 
Reinius, or calculated by Johansson and Palmgren (1996).  
 
The measured vertical deformation with theodolite indicated a lowering of the 
dam crest of about 4 to 8 mm from the summer to the winter, while Reinius 
measurements indicate a vertical raise of 3.4 mm due to a decrease of the arch 
dam temperature with 14oC. However, the vertical deformation measured with 
theodolite has not been corrected for the heat expansion of the concrete, which 
has been done for the values presented by Reinius. A 45 m high dam subjected to 
a change of the average temperature with 14 oC, will change its height with about 
7 mm. Taking this into consideration, the calculated vertical deformation of about 
0.4 mm agrees reasonable with the measured one with theodolite. However, it is 
not possible to draw any detailed conclusions about the vertical deformations, 
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since the total error in the measurements with theodolite is large compared to the 
absolute measured values.  
 
The measured and calculated deformations in the drainage gallery from water 
load and dead weight are presented in table 3.29. 
 
Table 3.29 Measured and calculated deformations in the drainage gallery due to water load and 
dead weight. 

Measured by 
Reinius (1954)* 

Calculated 
with PLAXIS** 

δv  
(mm) 

δh 
 (mm) 

δv 
(mm) 

δh  
(mm) 

3.9 1.5 4 to 9 -1 to 15 
Positive values mean a deformation in the downstream direction or a vertical rise.  
*) Only water load considered, **) Both water load and dead weight considered 

 
According to Reinius (1954), the measurements from water load between the cut-
off slab and the upstream toe of the dam resulted in a downstream horizontal 
deformation of 1.5 mm in the middle of the arch dam. At the points of 1/3, the 
horizontal deformation was 1.7 mm for the point towards the left abutment and 
2.1 mm for the point towards the right. Using figure 3.53, it can be seen that the 
horizontal deformation vary between -1 to 15 mm depending on foundation level. 
It can be observed that the difference in the calculated horizontal deformations 
between the monoliths is large. If this is correct, or an effect from the assumption 
of equal deformation, i.e. a rigid dam, or from the assumption of a reference 
point, is unclear. The values measured by Reinius indicate a relatively equal 
deformation in the horizontal direction, which points towards the fact that these 
large differences between the monoliths have been exaggerated in the calculations 
with PLAXIS. A possible explanation is that the assumption of an equal 
deformation in a reference point, i.e. rigid regarding bending along the tangential 
axis, together with different foundation levels, results in higher horizontal 
deformations for higher foundation levels. In reality, these deformations are 
probably to some extent taken by the body of the arch dam. It is possible that 
another assumption for equal deformation would have been better. Despite this 
limitation, the horizontal deformations given by PLAXIS seem in general larger 
than the ones measured by Reinius. The most probable reason is that the modulus 
of elasticity of the rock mass used in the calculations is lower than the in-situ 
modulus under the dam. The results indicate that it might be about five times 
lower than the in-situ modulus. It seems realistic that the values proposed by 
empirical correlations were more correct than the back calculated ones. 
 
The vertical deformation is also larger compared to the measured one by Reinius. 
Figure 3.51 indicates a vertical deformation two meters upstream the dam line of 
about 6 mm, while Reinius measured a vertical deformation of 3.9 mm. Also, the 
measurements from Reinius did not consider the effect from the dead weight of 
the concrete, only from water load. The measurements were conducted after the 
dam was completed. This would imply an even higher difference than 2 mm. This 
discrepancy can not be explained. 
 
The measured and calculated deformations due to temperature load in the 
drainage gallery are presented in table 3.30. 
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Table 3.30 Measured and calculated deformations in the drainage gallery due to a change in 
temperature from the summer to the winter. 

Measured by 
Reinius (1954) 

Calculated 
with PLAXIS*) 

δv  
(mm) 

δh 
 (mm) 

δv  
(mm) 

δh  
(mm) 

4 2 4 to 8 0 to 3 
Positive values mean a deformation in the downstream direction or a vertical rise.  
*) Values calculated with PLAXIS used an increase in the temperature load, the minus sign in parenthesis indicate the 
direction for a decrease of the temperature. 
 
The horizontal deformation due to a decrease in the average temperature with  
14 oC was, according to Reinius (1954), about 2 mm in the downstream direction. 
If the calculated horizontal deformations in figure 3.54 are studied, it can bee seen 
that they vary between -0.3 mm to 1.5 mm at the foundation level. These values 
were calculated for a temperature rise of 7 oC. For a rise of 14 oC, it becomes 
about 0 to 3 mm. This deformation is close to the one measured by Reinius. It 
should also be noted that no iterative procedure to obtain an equal deformation 
was performed for the temperature load. The horizontal deformations measured 
with the deflectometers indicated a deformation of about 0 to 3 mm for one year. 
However, this deformation appears to be permanent. If deformations are time 
dependent, the measurements by Reinius at the cut-off slab in the drainage gallery 
were performed at to few occasions to observe this. Compared to the horizontal 
deformations in load case A, these deformations appear to be small. It is possible 
that the temperature load has been underestimated at the foundation level. This 
could be the case, since equation 3.17, which estimates the temperature load, is 
sensitive to small changes in temperature. This is especially the case at the 
foundation level where the thickness is large. Furthermore, no consideration has 
been taken to the possible effect from an uneven temperature distribution. 
 
The vertical deformation at the front edge of the dam was measured by Reinius to 
about 4 mm. From the analysis with PLAXIS, the vertical deformation two meters 
upstream the dam line shows that the vertical deformation is about 2 to 4 mm for 
a decrease of the temperature of 7 oC, or about 4 to 8 mm for a decrease with 14 
oC. This result is slightly higher than the values presented by Reinius, and could 
not be explained. However, the calculated values for each monolith varies, since 
no iterative procedure were performed. With these small measured deformations, 
the accuracy of the measurements and the calculations are too low for any firm 
conclusion to be drawn. 
 
It is difficult to verify the calculations in detail, both at the dam crest and at the 
drainage gallery, for both load cases. Discrepancies exist between different 
measurements and against the analyses with PLAXIS and Nastran (Johansson and 
Palmgren 1996). At the dam crest, the measured deformations appear to be in line 
with the calculated ones. In the drainage gallery, the load case with water load 
and dead weight indicated higher horizontal deformations than measured, which 
could be a result of a too low modulus of elasticity of the rock mass. For load case 
B, the horizontal deformations on the other hand were slightly smaller than the 
measured ones. It is possible that the temperature load was underestimated in the 
region close to the foundation.  
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The results from the iterative procedure, load case A, showed a redistribution of 
the reaction forces. In the radial direction, it could be seen that monolith eight and 
nine founded on a rock mass with lower modulus of elasticity, were unloaded. 
The two surrounding monoliths, with higher values on the modulus of elasticity, 
were loaded. One monolith which was substantially loaded was monolith seven. 
This is probably a combination of a high modulus of elasticity and a high 
foundation level. This means that it is not only the varying stiffness of the rock 
mass that affects the reaction forces. Other parameters, such as foundation width 
and foundation level, affect the results. The results also showed that the difference 
between the radial support forces increased between loaded and unloaded 
monoliths, which mean that the shear forces in the arch dam increased. 
 
In the vertical direction no clear tendencies for the rock structure interaction can 
be seen. It is possible that the load in the vertical direction is too small to 
significantly effect the vertical deformation. As a consequence, other factors, such 
as the foundation width, affect the vertical deformation. 
 
For the temperature load, no iterative procedure was performed. The 
redistribution of the reaction forces are therefore not possible to analyze. 
However, it seems natural to think that the redistribution due to rock structure 
interaction follows the same pattern as the other load case. Despite this limitation, 
it could be seen that the additional reaction forces on the rock mass were 
relatively small for the central monoliths. Most of the temperature load was 
carried by the abutments and the surrounding monoliths. However, as previously 
discussed, the temperature load could be larger in the region close to the 
foundation. 
 
This analysis has studied reaction forces and deformations in the central parts of 
the foundation under the arch dam. The study has shown the basic features of the 
arch dam and foundation behaviour. Most of the calculated deformations are 
reasonably in line with measured values. However, firm conclusions cannot be 
drawn since measured values at the foundation are low compared to the estimated 
accuracy of the performed analysis. The only clear exception is the horizontal 
deformations in the foundation for water load and dead weight, which most likely 
is a result of a too low modulus of elasticity for the rock mass. It was also 
concluded that the temperature load may have been underestimated in the region 
close to the foundation. The performed mode of procedure for the analysis has 
limitations, and the input data for the rock mass properties are uncertain. 
Therefore, the results should be regarded as approximated results, and not as an 
exact prediction. Despite these limitations and uncertainties, the performed 
analysis is a feasible method to approximate the effects from rock structure 
interaction, before a more rigorous analysis is performed. 
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3.9.7 Conclusions 
 
Due to the model uncertainties with this mode of procedure, no firm conclusions 
can be drawn from this analysis since the results are approximate. The 
comparisons between measured and calculated deformations indicate that:  
 

− Discrepancies between measured and calculated values may indicate that a 
higher modulus of elasticity is required for the rock mass in the 
calculations. Furthermore, the estimated temperature load may have been 
underestimated in the region close to the foundation. 

 
In addition to those, some general conclusions regarding the interaction between 
rock mass and arch dam, and the performed analysis, can be drawn. 
 

− The effect from interaction between arch dam and rock mass can be 
considerable at the central parts of the arch dam. 

− The interaction redistributes the reaction forces to the more rigid parts of 
the rock mass, and creates additional shear stresses in the arch dam. 

− The interaction between arch dam and rock mass is complex and depends 
on several parameters, such as the width and the foundation level of the 
monoliths together with the modulus of elasticity for the concrete and the 
rock mass. 

− The performed analysis is a feasible method to approximate the effects 
from rock structure interaction, before a more rigorous analysis is 
performed. 
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3.10 Discussion and reflections on the stability of the foundation  
 
In general, stability analyses assume that load and resistance are constant and 
independent of deformation. In many cases, this is an acceptable approximation. 
However, there are cases where it is important to study how they change with 
deformation, and how this affects the judgement of the stability. The aim with this 
case study was to investigate this question for the central parts of the arch dam at 
Krokströmmen, and how this might affect the judgement of the stability of the 
foundation. To accomplish this, a quasi three dimensional model was used in the 
two dimensional FEM program PLAXIS, which studied the effect from 
interaction between arch dam and foundation. In addition to this, measurements 
have been performed in the rock mass under the reinforcement slab, and previous 
measurements have been studied. Also, an analytical model was developed to 
study the horizontal deformations in the rock mass, and the mechanisms that 
cause them and their possible magnitude. In this section, based on calculations 
and measurements, the stability of the foundation under the central parts of the 
arch dam is discussed.  
 
In the following sections, the resistance has been calculated for a failure mode 
with sliding of the arch dam and a passive wedge. The failure mode assumes that 
sliding of the arch dam occurs in the interface between arch dam and foundation. 
For an account of how the resistances have been calculated, see Appendix K. In 
the discussion, no consideration has been taken to a possible failure mode of 
plane sliding in the horizontal bedding planes under monolith eleven. 
 

The previous stability analyses which were carried out by Stille et al. (2002) 
assumed that load and resistance are constant and independent of deformation. In 
addition to this, the reaction forces used to derive the factors of safety were based 
on calculations which did not consider the foundation stiffness. In figure 3.57 
below, the general principle and the results for monolith seven for such type of 
analysis is presented. The radial load is taken from Johansson and Palmgren 
(1996). The shear strength of the interface between arch dam and foundation is 
assumed to be residual, see table K.10 in Appendix K. 
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Figure 3.57 Factor of safety for monolith seven, when radial load and resistance are assumed to 
be independent of deformation.  



Stability analyses of large structures founded on rock – an introductory study 

 164 

In the following sections, it will be discussed how rock-structure interaction may 
affect the stability at Krokströmmen. Before this is done, the principles of rock-
structure interaction for foundations are briefly discussed.  
 
For a rigid structure, founded on a homogeneous rock mass with a constant 
modulus of elasticity, the deformation of the structure can be determined if the 
load is known. In a foundation with a varying stiffness under a rigid structure, the 
load will be redistributed. If each part of the foundation should be equally loaded, 
different deformations will be the results as illustrated to the left in figure 3.58. 
Since the structure is assumed to be rigid, it implies an equal deformation as 
illustrated to the right in figure 3.58. This means that stiffer areas of the 
foundation will carry more load than the softer ones.  
 

Load

Deformation

Stiffer part of
foundation

Softer part of
foundation

Load

Deformation

Stiffer part of
foundation

Softer part of
foundation

Constant load with different deformations Constant deformation with different loads
 

Figure 3.58 Principle of rock-structure interaction when the stiffness is varying in the foundation. 
 
If the modulus of elasticity is known for different parts of the rock mass, and the 
structure is assumed to be rigid, it is possible to determine the redistribution of the 
reaction forces since the sum of the reaction forces in each direction must be 
constant for the structure.  
 
For structures not suitable to consider as a rigid body, the problem becomes more 
complex. As the structure becomes softer, the effects from a varying stiffness of 
the foundation will become vaguer. 
 
This implies that the following analyses for the arch dam at Krokströmmen are 
based on two assumptions which deviate from reality and should be kept in mind. 
Only five of the eighteen monoliths are considered. Most likely, another 
distribution of the reaction forces should be obtained if more monoliths were 
included in the analyses. Also, the arch dam is assumed to be rigid regarding 
bending along the tangential direction, which not is entirely correct. 
 
At Krokströmmen, the foundation stiffness varies, mainly due to the shear zone 
under the central parts of the dam. The reaction forces on the foundation 
according to the analyses in the SEED report (Johansson and Gustafsson 2000) 
provided that no deformations occurred in the foundation. When the interaction 
between arch dam and foundation was considered, it resulted in a redistribution of 
the radial reaction forces, and the horizontal deformation became about 15 mm 
for monolith seven. It can be assumed that step 2 and 3 in the calculations with 
PLAXIS represent two points on a tentative load-deformation line in figure 3.59. 
From this line, it can be seen that the radial reaction force on the rock mass for 
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monolith seven increases with deformation. Given the equilibrium point for step 
3, and the total calculated resistance based on residual strength of the interface for 
monolith seven in Appendix K, table K.12, the peak resistance for the failure 
mode occurs at a horizontal deformation of about 21 mm. This means that the 
factor of safety for point three is 1.4, and that the monolith can tolerate an 
additional deformation of about 6 mm before failure takes place in the rock mass.  
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Figure 3.59 Radial load and resistance as a function of horizontal deformation for monolith seven 
according to the finite element analyses with PLAXIS, and for a higher modulus of elasticity for 
the rock mass.  
 
When the results from the two dimensional finite element analyses were 
interpreted, one conclusion was that the modulus of elasticity for the rock mass 
might have been underestimated. For monolith seven, the length of the passive 
wedge is about 9.1 m. With a horizontal deformation of 21 mm, it gives an 
average strain of about 2.3·10-3 in the passive wedge. The height of the wedge is 
about 3.5 m. With a resistance of 13.7 MN/m, it gives an average horizontal peak 
resistance of about 3.9 MPa. This indicates that the average modulus of elasticity 
may be around 1.7 GPa for the foundation in the analysis. If the average modulus 
of elasticity instead had been 20 GPa, the peak resistance would have occurred at 
a horizontal deformation of about 1.8 mm as shown in figure 3.59. Given this 
higher modulus, the new point of equilibrium shows a horizontal deformation of 
about 0.5 mm, and a factor of safety equal to 4.1. It can also be seen that failure in 
the rock mass takes place at a horizontal deformation of about 5 mm with this 
higher modulus.  
 
This discussion shows that the definition of the factor of safety is not definite. 
Consequently, actual working load to maximum resistance may not be the most 
appropriate definition of the factor of safety. Instead, for structures interacting 
with the foundation, a concept which relates to the deformation can provide a 
better tool in the judgment of safety. Especially since deformations are more easy 
to measure than actual working load. 
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One limitation with this example is that the resistance is calculated based on the 
normal load for step 3, and assumed valid for all deformations. For step 2, the 
normal load was slightly smaller, which imply that for small deformations the 
resistance should be slightly smaller, i.e. 13.52 MN/m compared to 13.70 MN/m 
dam. However, since the variation in normal load is small compared to the 
variation in the radial load, this difference in normal load has been ignored in the 
following examples. 
 
The prior examples didn’t contain the impact from the reinforcement slab, or the 
effect from the radial temperature load. The additional weight of the 
reinforcement slab increases the resistance of the passive wedge; see Appendix K 
in table K.17. This approach will only consider the increase of resistance, and not 
any effects from a redistribution of stresses due to the weight of the slab. In figure 
3.60, the additional resistance from the slab for monolith seven has been added. 
As figure 3.60 shows, the weight of the slab increases the factor of safety from 
1.4 to 1.5. Due to the additional resistance, it can also be seen that the new point 
of equilibrium for the horizontal deformation becomes about 1 mm smaller. It 
may be this change of the horizontal deformation that the deflectometers indicate 
in connection to the construction of the reinforcement slab. A few months after 
the measurements started, an upstream horizontal deformation was seen. (See 
figure 3.22.) 
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Figure 3.60 Radial load and resistance as a function of horizontal deformation for monolith 
seven, together with additional resistance from reinforcement slab. 
 
In figure 3.61, the tentative load line for the radial temperature load has been 
inserted. Provided that the calculated additional load in step 4 is correct, it reduces 
the factor of safety from 1.4 to 1.3, and the horizontal deformation increases with 
1.5 mm. It should be noted that the increase of the tangential load due to the 
temperature load has not been considered. This increase of the tangential force 
also increases the load normal to the foundation, and thereby the resistance.  
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Figure 3.61 Radial load and resistance as a function of horizontal deformation for monolith 
seven, with the estimated additional load from temperature according to step 4. 
 
The previous examples are based on information about the modulus of elasticity 
of the rock mass, and the stresses in the arch dam and foundation. However, it is 
also possible to perform the same procedure based on the assumption that the 
peak resistance occur at a certain degree of strain. The rock mass classification by 
Stille et al. (2002) suggests that the rock mass at monolith seven has a GSI of 
about 52. Hoek and Brown (1997) propose for rock masses of this quality (GSI 
about 50) that the behaviour is strain softening, with a peak resistance at a strain 
of 1.5·10-3. If this strain is defined as the horizontal deformation divided with the 
length of the passive wedge, the peak resistance occur at a horizontal deformation 
of about 13.7 mm. Given this deformation, and the calculated peak resistance 
based on a residual strength of the interface according to Appendix K, table K.12, 
the horizontal deformation becomes about 5 mm and the factor of safety 2.7 as 
shown in figure 3.62.  
 
The example above was based on a residual strength of the interface. However, 
the shear strength of the interface is uncertain. For instance, untensioned rock 
bolts have been installed into the foundation. In addition to this, tests of the 
interface between foundation and concrete dams have shown a substantial amount 
of cohesion; for example see EPRI (1992). It is therefore uncertain if the 
horizontal deformation in the interface is sufficient to obtain the residual strength. 
It may be possible that the peak shear strength reflects the true behaviour better 
for this failure mode. In addition to the residual strength, the resistance based on 
the peak shear strength of the interface has been included in figure 3.62. When 
this resistance was calculated, it was assumed that it can be added to the 
resistance from the passive wedge. This may not be the case, which should be 
noticed. Furthermore, this peak strength has not been reduced for any possible 
scale effects. Based on this resistance, and the preliminary load-deformation line, 
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the point of equilibrium indicates a deformation of about 1.7 mm, and a factor of 
safety of 7.7. 
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Figure 3.62 Radial load and resistance as a function of horizontal deformation for monolith 
seven, with resistances occurring at a certain degree of strain. Both residual and peak shear 
strength of the interface between foundation and rock mass are illustrated. 
 
The same type of analysis performed for monolith seven can also be carried out 
for the other four monoliths. However, monolith seven was assumed to behave as 
a strain softening material. For the other four monoliths, the rock mass quality is 
different which implies that other types of behaviour can be expected. For 
example, the rock mass in the shear zone can be expected to behave as an elastic 
perfectly plastic material. Also, monolith seven has shown an increasing load with 
deformation. Some of the monoliths were unloaded with increased deformation. 
For these monoliths, the factor of safety increases with the horizontal 
deformation.  
 
In the previous figures, monolith seven has been studied. This can give a 
somewhat simplified picture over the arch dam stability. In the dam, all monoliths 
are connected and work as a single body. In figure 3.63, the total resistance has 
been summarized for all five monoliths. When this was done, the following have 
been assumed based on the suggestions by Hoek and Brown (1997); the rock 
mass at monolith seven and eight is strain softening with a peak resistance at a 
strain of 1.5·10-3; the rock mass at monolith nine and ten is elastic-perfectly 
plastic with a maximum resistance after a strain of 1.1·10-3; and the rock mass at 
monolith eleven is elastic brittle with a peak resistance at a strain of 1.5·10-3. If 
the strain is defined as the horizontal deformation divided by the length of the 
passive wedge, it will give unique peak deformations for each monolith. When all 
resistance curves are added, the total resistance curve for all five monoliths 
appears. As shown in the figure, the factor of safety when all fives monoliths are 
considered becomes 4.7, and the point of equilibrium indicates a probable 
horizontal deformation of about 2 mm. A deformation close to the one reported 
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by Reinius (1954). Since it has been assumed in the two dimensional finite 
element analyses that the load for all five monoliths remains constant, the load-
deformation curve becomes horizontal. Studying figure 3.63, it appears that a 
large part of the total resistance originates from monolith eleven. If the total load 
and resistance for monolith seven to ten are considered, the factor of safety 
becomes 2.1, and the horizontal deformation changes to 4 mm. This means that 
for this failure mode, in addition to the shear zone, the part of the foundation next 
to the shear zone against the right abutment consists a weak part.  
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Figure 3.63 Total radial load and resistance as a function of horizontal deformation for monolith 
seven to eleven, and for monolith seven to ten. 
 
This discussion has showed that several scenarios are possible when the safety of 
the foundation should be evaluated. Factors of safety ranging from 1.3 to 7.7 have 
been obtained for monolith seven, and failure in the rock mass has been predicted 
at different degrees of deformations. These different scenarios mean that the 
problem of stability analyses in many ways becomes a question of engineering 
judgement. From reflections on the foundation stability at Krokströmmen, it 
appears that several important parameters are uncertain. As a consequence, no 
further conclusions regarding the stability could be drawn before these 
uncertainties have been reduced through additional investigations and 
calculations. Despite this, the discussion has shown the principal behaviour of the 
interaction problem for foundations, and how this can affect the factor of safety. 
 
A factor that affects the overall stability, and which has not been discussed here, 
is the increase of shear stresses between loaded and unloaded parts of the 
foundation under the arch dam. It has been excluded since this study only 
considers failure in the rock mass. However, it is an important factor when the 
overall stability of the structure should be evaluated. 
 
Another problem, which regards the long term stability, is that the deflectometers 
together with the analytical model indicated that some form of time dependent 
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deformation might occur in the rock mass under the central parts of the arch dam. 
There are mainly two effects that can cause this, creep and fatigue due to cyclic 
loading.  
 
An idealised creep curve for rock subjected to constant stress is presented in 
figure 3.64. This idealised curve has been described by several authors; two of 
them are Lama and Vutukuri (1978). According to them, instantaneous elastic 
strain (AB) develops directly after loading. This is followed by primary creep, in 
which the strain rate decreases with time. If the rock is unloaded before point C, 
instantaneous recovery will occur (CF) followed by elastic recovery (FG). If the 
strains proceed past point C, the strain rate becomes constant and permanent 
deformation occurs. This type of creep is called secondary or steady state creep. If 
the loading remains constant after point D, the strains accelerate and rupture 
occurs. This part of the curve is called tertiary or accelerated creep. 
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Figure 3.64 Theoretical time-strain curve at constant stress (After Lama and Vutukuri. 1978). 
 
According to Lama and Vutukuri (1978), several factors influence the factors of 
creep, such as stress level, temperature, type of stress, and humidity. For 
foundations, it is important to know at which stress levels creep is initiated. In 
tests on intact pieces of limestone, Hardy et al. (1970) showed that no creep 
occurred when the stress levels were lower than about 40% of the uniaxial 
compressive strength. At stress levels of about 60% of the uniaxial compressive 
strength, secondary creep was initiated. However, these tests were performed on 
intact rock. In order to describe the creep curve for rock masses, in-situ creep tests 
are necessary. In a paper by Liu et al. (2004), creep behaviour was investigated 
with in-situ tests for the foundations of two large hydroelectric projects, the Three 
Gorges dam and the Xiludou dam. They meant that it is crucial to prevent creep 
deformations in the rock masses in order to prevent failure and to assure long 
term stability. 
 
To describe fatigue, a curve according to figure 3.65 are normally used. It shows 
the stress levels versus the cycles required to cause failure (Lama and Vutukuri 
1978). At high levels of stress, only a few cycles are needed to cause failure. 
When the stress level decreases, the required number of cycles necessary causing 
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failure increases. At a certain level of stress, the sample can survive an infinite 
number of tests. This stress level is called the fatigue limit. Tests on samples of 
intact granite, sandstone, and limestone performed by Hardy and Cough (1970) 
indicate that the fatigue limit is 65 to 80% of the mean dynamic compressive 
strength.  
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Figure 3.65 General form of a typical fatigue curve (After Lama and Vutukuri 1978). 
 
However, these tests were conducted on intact rock. An important component in 
rock masses is that cyclic loading successively can grind the asperities in the 
discontinuities, and thereby reduce its shear strength. A factor which not can be 
observed performing tests on intact rock. 
 
With all these factors in mind, in can not be excluded that time dependent 
deformation occurs at the central parts of the foundation at Krokströmmen. 
Stability analyses have shown relatively low factors of safety, which indicate a 
high degree of mobilized resistance. It is therefore important to conduct 
supplementary measurements in order to investigate whether time dependent 
deformations do occur in the foundation. 
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3.11 Conclusions 
 
Based on the performed study, the following conclusions can be made: 
 

− For the arch dam at Krokströmmen, the common practice for stability 
analyses with a plastic load and resistance should not be used. Instead, an 
analysis which shows how resistance and load changes with deformation 
should be utilized. 

 
− The definition of the total factor of safety is not definite. Instead, for 

structures interacting with the foundation, a concept which relates to 
deformations can provide a better tool for the judgement of safety. 

 
− Low factors of safety imply that further studies require that future 

measurements of deformations, tests to determine rock mass parameters, 
and future calculations, are performed with high accuracy. Without 
decreasing the uncertainties, no further statements can be made regarding 
the stability of the arch dam. 

 
− If the load is large in relation to the resistance or shear strength, it can 

result in creep in the rock mass. At Krokströmmen, at the central parts of 
the dam, a high degree of resistance is mobilized, which means that creep 
can not be excluded. In addition to this, the rock mass is subjected to a 
cyclic loading due to temperature changes, which also can affect the time 
dependent deformation. 

 
− In order to verify if creep and fatigue due to cyclic loading is a problem, 

and to increase the knowledge about the dam and foundation behaviour, 
supplementary measurements are needed. 
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4 GENERAL CONCLUSIONS 

 
The overall objective with this project was to study how stability analyses for 
large structures founded on rock should be performed in order to describe the 
safety against failure in the foundation in a reliable way. In this thesis, which is 
the first part of two in the project, a literature study with the objective to describe 
the knowledge and current state of practice in the subject was performed, and a 
case study was carried out in order to show the problems for stability analyses 
where the foundation and overlying structure interacts. This chapter contains a 
summary of the conclusions from the literature and the case study, together with 
general conclusions of this work. 
 
In general, stability analyses are based on the assumption of a perfectly plastic 
deterministic load and resistance. However, the resistance for rock masses and 
discontinuities can vary significantly with deformation. Furthermore, the 
resistance is hard to predict due to uncertainties, and these are better reflected 
with a probability distribution. Stresses and deformations in structures which span 
over varying rock mass quality can be significantly affected from this. These 
aspects are necessary to consider if a more accurately evaluation of the stability 
should be performed. 
 
None of the methods to calculate the safety against failure in the rock mass can 
express the true or real safety, the calculated safety is nominal. The acceptance 
requirements are therefore mainly based on experience and back analysis of 
similar structures. However, to get a better understanding of the problem and 
identify significant parameters, it is preferable to use methods which reflect the 
uncertainties in the problem. The method which has the potential to express the 
calculated safety most correctly is with the probability of failure.  
 
Before a stability analyses is performed, it is necessary to choose a material 
model in order to analyze the problem. Depending of the number of 
discontinuities in the rock mass and the scale of the problem, two main 
approaches exist. These are the continuum and the discontinuum approach. The 
former applicable for intact rock and fractured rock masses, and the latter is 
applicable for rock masses with few sets of discontinuities. For continuum 
materials, the stress-strain response is non-linear. This demands knowledge about 
the post-peak behavior which is limited. As a consequence, an elastic perfectly 
plastic behavior is usually assumed. In the discontinuum approach it is necessary 
to consider the stress-strain response for both the intact rock and the 
discontinuities. In general, the intact rock is modeled as rigid or linear elastic 
blocks, while the discontinuities is modeled with a constant normal and tangential 
stiffness and a perfectly plastic behavior at failure, even though their stress-strain 
response is non-linear.  
 
Depending on the chosen material model and the failure mode, knowledge about 
different parameters is necessary in order to perform the stability analyses. One 
main problem is that the shear strength of rock masses and discontinuities are 
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scale dependent. The problem of scale dependence is also valid for the modulus 
of elasticity. This implies that laboratory tests are unrepresentative. However, 
large scale in-situ tests are expensive, time consuming, and difficult to perform. 
As a consequence, the engineer is often referred to empirical relations based on 
rock mass classifications system, or other types of empirical expressions like the 
Hoek Brown failure criterion for intact rock and fractured rock masses, or 
Barton’s failure criterion for rough unfilled discontinuities.  
 
The shear strength of the rock mass, or for the discontinuity, is also related to the 
effective stresses, which are a function of the pore pressure. In rock masses, flow 
occurs mainly in the discontinuities. To model it, the continuum approach based 
on the Darcy’s law can be used, where the rock mass is assumed to be a 
permeable homogeneous material. Another approach is the discontinuum 
approach, where the flow can be modeled with a channel network. Both these 
methods are generalizations of the problem and can only approximate the pore 
pressure. It is therefore necessary to conduct measurements if a high degree of 
confidence is needed. However, even these measurements can be uncertain, since 
the measured pressure can vary significantly depending on the conductivity of the 
discontinuities that the bore hole penetrates. 
 
In order to calculate safety, two main categories of calculation methods can be 
used; the analytical and the numerical methods. The former can be divided into 
three main categories depending on failure mode; bearing capacity failures; 
sliding failures; and overturning. These methods are usually based on the 
assumptions that: 
 

− The rock mass is perfectly plastic. 
− The load and resistance is constant. 
− The maximum mobilized shear strength can be defined according to 

the Mohr-Coulomb failure criterion. 
− The calculated factor of safety is the average factor of safety for the 

potential failure surface. 
 
For bearing capacity failures, the rock mass characteristics govern which type of 
bearing capacity failure that occurs. The failure types can range from a general 
shear failure in a ductile rock mass, a local shear failure in a brittle rock mass or 
tensile or punching failure in layered rock masses. In a discontinuum rock mass, 
consideration must be taken to the geometry of the discontinuities, while the 
bearing capacity in a continuum rock mass can be estimated with the general 
bearing capacity equation. 
 
Regarding sliding stability, there exist three categories of analytical methods to 
calculate the safety against sliding; the sliding resistance method; the shear 
friction method; and the limit equilibrium method. They all define the factor of 
safety differently, which for each method results in different factors of safety for 
the same problem under the assumption that cohesion is accounted for. Usually, 
cohesion is not accounted for since the uncertainties about this parameter are 
large. Instead, a lower factor of safety is accepted if cohesion is neglected. If large 
deformations due to sliding are expected, the residual strength should be 
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considered. If the safety is calculated for plane sliding plus a passive wedge, the 
resistance from the wedge may not be added to the resistance from plane sliding 
since the peak shear strength occur at different deformations. The former methods 
assume a two dimensional problem, but there also exist the possibility of sliding 
of wedges. The analytical expressions that exist, can consider plane sliding or 
wedge sliding. However, they can not handle rotation or torsional sliding. Instead, 
numerical methods for discontinuum materials have to be used to assess these 
failure modes. 
 
Failure through overturning is unlikely to occur in practice, since other types of 
failure modes probably will take place before it occurs. 
 
When the rock mass is modelled with numerical methods, it first has to be 
determined if continuum or discontinuum codes should be used. For the 
continuum problem, three main approaches exist; the Finite Difference Method 
(FDM); the Finite Element Method (FEM); and the Boundary Element Method 
(BEM). The most common among them is FEM, which must be able to consider; 
heterogeneity; non-linear material behaviour; stepwise construction sequences; 
interaction and relative between foundation and structure; and relative 
displacements between. These methods do not automatically address all potential 
failure modes. It is up to the engineer to model the problem so that it represents 
possible modes of failures. The discontinuum methods have the advantage that 
they can model large displacements, rotation, and translation of individual rock 
block. Their main limitation is that the model requires knowledge about the 
geometry of the fracture system, which can only be roughly estimated. For both 
continuum and discontinuum codes, the key aspect is to chose correct input. The 
uncertainties with rock mass characterization are reflected in the input parameters. 
As a consequence, the results can never reach a higher degree of confidence than 
the input parameters. 
 
Since it is associated with uncertainties to chose a correct rock mass material 
model and estimate its parameters, it is fundamental to use the concept with an 
active design. It is only through observations the predicted behaviour can be 
verified. The predicted behaviour should continuously be updated as new 
information is received. In addition to this, pre-planned counter measures together 
with alarm-thresholds should be utilized. It is important that these 
countermeasures should be designed with respect to the available lead time. 
 
The construction rules in Sweden are governed by the National board of housing 
and planning. However, they do not regard foundations on rock. As a 
consequence, no general construction rules exist for foundations on rock in 
Sweden. Two exceptions are the Swedish bridge design code BRO 2004, and the 
Swedish power companies guidelines for dam safety, RIDAS. In 2006, the 
transitional period stars for Eurocode. It will be going on until 2009, and after that 
replace BKR. Both Eurocode and BRO 2004 uses limit state analyses with partial 
factors in order to determine the stability for foundations on rock. Eurocode also 
enables the use of other types of methods; a design directly based on probabilistic 
methods; adoption of prescriptive measures; experimental models and load tests; 
or with an observational method. Both of these codes regard bearing failure, 
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sliding failure, and structural failure due to foundation movement. A discrepancy 
between the codes is that Eurocode states that the resistance from passive pressure 
should consider the relevance of post-peak behaviour. This is not accounted for in 
BRO 2004. For concrete dams, the safety against failure in rock foundations is in 
general verified with total factors of safety. For sliding, RIDAS suggest the use of 
an allowable coefficient of friction. Compared to international guidelines and 
regulations, the factors of safety are somewhat low in RIDAS. On the other hand, 
the failure value of the coefficient of friction may be slightly conservative. The 
allowable coefficient of friction in RIDAS is based on experience, and no clear 
explanations to the given values have been found. A disadvantage in RIDAS is 
that the recommended factor of safety does not consider how the parameters for 
shear strength have been determined, through rigorous investigations or by 
experience. The consequences in case of a failure are neither reflected in the 
recommended factors of safety. Compared to Bro 2004, which also use an 
allowable coefficient of friction, discrepancies exist against the values 
recommended in RIDAS. It would be preferable if BRO 2004 and RIDAS were 
harmonized regarding this question. 
 
The case study of the arch dam at Krokströmmen showed that the interaction 
between the arch dam and foundation can be significant. In addition to this, the 
picture that rock mechanics are associated with uncertainties was confirmed in the 
case study. Based on the available information, uncertainties are large. This 
results in different possible scenarios. The question of stability becomes a 
question a confidence in the different parameters, and in the end a question of 
engineering judgment. Before any additional conclusions can be made regarding 
the stability, it is necessary to reduce these uncertainties through additional 
measurements, investigations and calculations. 
 
When the measurements were analyzed, it was recognized that time dependent 
deformation might be a problem in the foundation at Krokströmmen. For an arch 
dam, this deformation can be a result of high loads in relation to the resistance, 
which results in creep. It can also originate from cyclic loading due to 
temperature changes in the concrete which results in fatigue. For the central parts 
of the arch dam, relatively low factors of safety suggest that a high degree of 
resistance is mobilized and cyclic loading occurs. This implies that time 
dependent deformation may be a problem. To investigate this, it is recommended 
that supplementary measurements are performed in the foundation. 
 
Based on this, the general conclusions regarding stability analyses of large 
structures founded on rock are that: 
 

− The problem is more complex than described in RIDAS and BRO 2004. 
The methods recommended in them can be sufficient as a first assessment. 
If stability should be determined with a high degree of confidence, a more 
refined approach is necessary, taking into consideration the specific 
features associated with rock mechanical problems. 
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− The case study of the arch dam at Krokströmmen showed that interaction 
can be considerably. How load and resistance changes with deformation 
are necessary to consider in order assessing the safety in detail.  

 
− For structures interacting with the rock foundation, a safety concept which 

relates to deformations can provide a useful tool judging the safety.  
 

− Before further statements can be made at Krokströmmen, uncertainties 
have to be reduced through additional measurements and tests. 
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5 SUGGESTIONS FOR FUTURE WORK 

 
The overall objective with this project was to study how stability analyses for 
large structures founded on rock should be performed in order to describe the 
safety against failure in a reliable way.  
 
The performed work in this thesis showed that stability analyses are complex 
problems. Several causes have been identified to why the safety against failure in 
a rock mass is difficult to quantify. One is that deterministic values are used for 
the variables, and the safety is usually expressed with a total factor of safety. This 
mode of procedure does not account for the uncertainties or variation of the 
variables. All uncertainties are lumped into a single value. In addition to this, the 
chosen deterministic value is determined by the engineer, who has to use his 
engineering judgement. The calculated safety becomes nominal and separated 
from the actual safety, and it can only be compared relatively. Another factor 
which also affects the possibility to assess the safety is that the rock mechanical 
parameters or variables are hard to determine. The failure of a rock mass, or the 
behaviour of a discontinuity exposed to shearing, is complex. As a consequence, 
the failure criteria are often based on empirical relations. In addition to this, the 
strength is scale dependent, and can only be roughly approximated with empirical 
relations, or with large scale in-situ tests. The analytical and numerical calculation 
methods that exist to calculate a factor of safety do not reflect the uncertainties 
mentioned above. 
 
One method which has the potential to describe the uncertainties, or the variation 
of the different variables, is stability analyses with reliability based methods. With 
these methods, the safety is expressed with a failure probability based on a limit 
function. The basic variables are expressed as probability density functions.  
 
The existing reliability based methods which are used to calculate the probability 
of failure have several weaknesses. It is often apprehended as difficult to estimate 
the uncertainty in numerical terms. Failure probability is also based on theoretical 
expressions, and there are risks that gross errors and human intervention are not 
accounted for. Furthermore, experience from geotechnical problems have showed 
that the method results in failure probabilities that are too high. There are reasons 
to believe that the same problem exists for rock mechanical problems. In the 
calculations, it is usually assumed that the mechanical system consists of one 
component, and that the variables are uncorrelated and independent of each other. 
This reflection of the mechanical system is a simplification which significantly 
affects the probability of failure. None or little research today exists which 
describe how a rock mass or a discontinuity should be regarded as a mechanical 
system, or how their correlation structure should be described. It is therefore 
suggested that the future work of this project is concentrated to study these 
questions in relations to concrete dam foundations.  
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APPENDIX A, DESIGN OF THE REINFORCEMENT SLAB 

 
 

 
 
Figure A.1, Plan and elevation of the reinforcement slab (Drawing from WSP). 
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Figure A.2, Section through the reinforcement slab (Drawing from WSP). 
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APPENDIX B, TEMPERATURE MEASUREMENTS 
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Figure B.1 Temperature measurements for sensor T1:1 (measurement section one, sensor one, 
depth 5 m). 
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Figure B.2 Temperature measurements for sensor T1:2 (measurement section one, sensor two, 
depth 2.5 m). 
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Figure B.3 Temperature measurements for sensor T2:1 (measurement section two, sensor one, 
depth 5 m). 
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Figure B.4 Temperature measurements for sensor T2:2 (measurement section two, sensor two, 
depth 2.5 m). 
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Figure B.5 Temperature measurements for sensor T3:1 (measurement section three, sensor one, 
depth 5 m). 
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Figure B.6 Temperature measurements for sensor T3:2 (measurement section three, sensor two, 
depth 2.5 m). 
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APPENDIX C, PORE PRESSURE MEASUREMENTS  
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Figure C.1 Pore pressure measurements for sensor P1:1 (measurement section one, sensor one, 
depth 8 m) and sensor P1:2 (measurement section one, sensor two, depth 0 m). 
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Figure C.2 Pore pressure measurements for sensor P1:3 (measurement section one, sensor three, 
depth 0 m). 
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Figure C.3 Pore pressure measurements for sensor P2:1 (measurement section two, sensor one, 
depth 8 m) and sensor P2:2 (measurement section two, sensor two, depth 0 m). 
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Figure C.4 Pore pressure measurements for sensor P2:3 (measurement section two, sensor three, 
depth 0 m). 
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Figure C.5 Pore pressure measurements for sensor P3:1 (measurement section three, sensor one, 
depth 8 m) and P3:2 (measurement section three, sensor two, depth 0 m). 
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Figure C.6 Pore pressure measurements for sensor P3:3 (measurement section three, sensor 
three, depth 0 m). 
 
 
 
 



Stability analyses of large structures founded on rock – an introductory study 

 X 

 
 
 
 



Appendix D 

 XI

APPENDIX D, VERTICAL DEFORMATIONS MEASURED WITH 
EXTENSOMETERS  
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Figure D.1 Vertical deformations for E1:11 (measurement section one, located 6 m downstream 
the dam, transducer one, depth 16 m) and extensometer E1:12 (measurement section one, located 
6 m downstream the dam, transducer two, depth 8 m) corrected for temperature variations. 
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Figure D.2 Vertical deformations for E1:21 (measurement section one, located 13 m downstream 
the dam, transducer one, depth 16 m) and extensometer E1:22 (measurement section one, located 
13 m downstream the dam, transducer two, depth 8 m) corrected for temperature variations. 
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Figure D.3 Vertical deformations for E2:11 (measurement section two, located 6 m downstream 
the dam, transducer one, depth 16 m) and extensometer E2:12 (measurement section two, located 
6 m downstream the dam, transducer two, depth 8 m) corrected for temperature variations. 
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Figure D.4 Vertical deformations for E2:21 (measurement section two, located 13 m downstream 
the dam, transducer one, depth 16 m) and extensometer E2:22 (measurement section two, located 
13 m downstream the dam, transducer two, depth 8 m) corrected for temperature variations. 
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Figure D.5 Vertical deformations for E3:11 (measurement section three, located 6 m downstream 
the dam, transducer one, depth 30 m) and extensometer E3:12 (measurement section three, 
located 6 m downstream the dam, transducer two, depth 15 m) corrected for temperature 
variations. 
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Figure D.6 Vertical deformations for E3:21 (measurement section three, located 13 m 
downstream the dam, transducer one, depth 30 m) and extensometer E3:22 (measurement section 
three, located 13 m downstream the dam, transducer two, depth 15 m) corrected for temperature 
variations. 
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APPENDIX E, HORIZONTAL DEFORMATIONS MEASURED WITH 
DEFLECTOMETERS 
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Figure E.1 Total horizontal deformation for deflectometer D1 (positive deformation downstream, 
measurement section one, located 6 m downstream the dam, depth range from the rock mass 
surface down to -17,3 m). 
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Figure E.2 Horizontal deflection curve for deflectometer D1, 2004-11-02 (positive deflection 
downstream). 
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Figure E.3 Total horizontal deformation for deflectometer D2 (positive deformation downstream, 
measurement section two, located 6 m downstream the dam, depth range from the rock mass 
surface down to -17,1 m). 
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Figure E.4 Horizontal deflection curve for deflectometer D2, 2004-11-02 (positive deflection 
downstream). 
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Figure E.5 Total horizontal deformation for deflectometer D3 (positive deformation downstream, 
measurement section three, located 6 m downstream the dam, depth range relative the rock mass 
surface from -12 down to -30 m). 
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Figure E.6 Horizontal deflection curve for deflectometer D3, 2004-11-02 (positive deflection 
downstream). 
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APPENDIX F, MEASUREMENTS OF ARCH DAM DEFORMATIONS 
WITH THEODOLITE  

 

 
Figure F.1, Location of the seven measurement-points on the arch dam. (Photo: Per-Erik Froom, 
AB Persson & Froom, 2004-01-29). 
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Figure F.2 Radial, tangential, and vertical displacements for point 11. 
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Figure F.3 Radial, tangential, and vertical displacements for point 12. 
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Figure F.4 Radial, tangential, and vertical displacements for point 13. 
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Figure F.5 Radial, tangential, and vertical displacements for point 14. 
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Figure F.6 Radial, tangential, and vertical displacements for point 15. 
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Figure F.7 Radial, tangential, and vertical displacements for point 16. 
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Figure F.8 Radial, tangential, and vertical displacements for point 17. 
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APPENDIX G, ESTIMATION OF VERTICAL STRESSES FROM THE 
LOAD OF THE REINFORCEMENT SLAB 

 
For a rectangular area with a uniform applied load, q, on a semi-infinite elastic 
mass, the increase in vertical stresses, Δσv, can be expressed as (Newmark 1935 
from Cernica 1995): 
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Where: 
 

z
am =           (G.2) 

 

z
bn =           (G.3) 

 
Equation G.1 can also be expressed as: 
 

),( nmfq zz ⋅=σ         (G.4) 
 
Where fz(m,n) is the shape functions of the dimensionless ratios m and n. The 
notations used in the equations above are described in figure G.1 below. 
 

q

y

z

x
vσΔ

b

a

 
Figure G.1 Notations for the parameters used in equations G.1 to G.4. 
 
In the following pages, using shape functions of the dimensionless ratios m and n, 
together with the principle of superposition for the fifteen smaller slabs presented 
in figure 3.26, the increase of vertical stresses at the depths where the 
extensometers are placed have been calculated. In the next pages, these 
calculations are presented. 
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Extensometer E1:1 
 

Load  Slab numbers* 
m1 
(m) 

n1 
(m) 

m2 
(m) 

n2 
(m) 

z16 
(m) 

z8 
(m) m1/z16 n1/z16 m2/z16 n2/z16 m1/z8 n1/z8 m2/z8 n2/z8 

q1-6 (1+2+7+8)-(7+8) 33.8 6.3 21.1 6.3 16 8 2.1 0.4 1.3 0.4 4.2 0.8 2.6 0.8 

q1-6 
(3+4+9+10+5+6+11+12)-
(9+10+11+12) 33.8 13 21.1 13 16 8 2.1 0.8 1.3 0.8 4.2 1.6 2.6 1.6 

q7-12 (7+8) 21.1 6.3 - - 16 8 1.3 0.4 - - 2.6 0.8 - - 
q7-12 (9+10+11+12) 21.1 13 - - 16 8 1.3 0.8 - - 2.6 1.6 - - 
q13-15 13 11.5 6.3 - - 16 8 0.7 0.4 - - 1.4 0.8 - - 
q13-15 (14+15) 11.5 13 - - 16 8 0.7 0.8 - - 1.4 1.6 - - 
 

Load Slab numbers* fz16(m1,n1) fz16(m2,n2) fz8(m1,n1) fz8(m2,n2) 
q 

(kN/m2) 
σz,16  

(kPa) 
σz,8 

 (kPa) 
q1-6 (1+2+7+8)-(7+8) 0.11364 0.10786 0.18471 0.18338 71.3 0 0 

q1-6 
(3+4+9+10+5+6+11+12)-
(9+10+11+12) 0.18159 0.17116 0.23207 0.22970 71.3 1 0 

q7-12 (7+8) 0.10786 - 0.18338 - 140.8 15 26 
q7-12 (9+10+11+12) 0.17116 - 0.22970 - 140.8 24 32 
q13-15 13 0.08735 - 0.17390 - 69.5 6 12 
q13-15 (14+15) 0.13653 - 0.21509 - 69.5 9 15 
   *) Slab numbers according to figure 3.26         Total: 56 85 
 

The increase of vertical stress at the rock mass surface is: 2.105
2

5.698.140
2

1513127
0, =

+
=

Δ+Δ
= −− qq

zσ  kPa 

 
Assuming a linear relationship between the increased vertical stresses at 16, 8, and 0 m depth, the average increase in vertical stress becomes: 
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Extensometer E1:2 
 

Load  Slab numbers* 
m1 
(m) 

n1 
(m) 

m2 
(m) 

n2 
(m) 

z16 
(m) 

z8 
(m) m1/z16 n1/z16 m2/z16 n2/z16 m1/z8 n1/z8 m2/z8 n2/z8 

q1-6 (1+2+7+8+3+4+9+10)-
(7+8+9+10) 33.8 12.9 21.1 12.9 16 8 2.1 0.8 1.3 0.8 4.2 1.6 2.6 1.6 

q1-6 (5+6+11+12)-(11+12) 33.8 6.4 21.1 6.4 16 8 2.1 0.4 1.3 0.4 4.2 0.8 2.6 0.8 
q7-12 (7+8+9+10) 21.1 12.9 - - 16 8 1.3 0.8 - - 2.6 1.6 - - 
q7-12 (11+12) 21.1 6.4 - - 16 8 1.3 0.4 - - 2.6 0.8 - - 
q13-15 (13+14) 11.5 12.9 - - 16 8 0.7 0.8 - - 1.4 1.6 - - 
q13-15 15 11.5 6.4 - - 16 8 0.7 0.4 - - 1.4 0.8 - - 
 

Load Slab numbers* fz16(m1,n1) fz16(m2,n2) fz8(m1,n1) fz8(m2,n2) 
q 

(kN/m2) 
σz,16  

(kPa) 
σz,8 

 (kPa) 
q1-6 (1+2+7+8+3+4+9+10)-

(7+8+9+10) 0.18159 0.17116 0.23207 0.22970 71.3 1 0 
q1-6 (5+6+11+12)-(11+12) 0.11364 0.10786 0.18473 0.18338 71.3 0 0 
q7-12 (7+8+9+10) 0.17116 - 0.22970 - 140.8 24 32 
q7-12 (11+12) 0.10786 - 0.18338 - 140.8 15 26 
q13-15 (13+14) 0.13653 - 0.21509 - 69.5 9 15 
q13-15 15 0.08735 - 0.17389 - 69.5 6 12 
   *) Slab numbers according to figure 3.26         Total: 56 85 
 

The increase of vertical stress at the rock mass surface is: 2.105
2

5.698.140
15131270, =

+
=Δ+Δ= −− qqzσ  kPa 

 
Assuming a linear relationship between the increased vertical stresses at 16, 8, and 0 m depth, the average increase in vertical stress becomes: 
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Extensometer E2:1 
 

Load  Slab numbers* 
m1 
(m) 

n1 
(m) 

m2 
(m) 

n2 
(m) 

z16 
(m) 

z8 
(m) m1/z16 n1/z16 m2/z16 n2/z16 m1/z8 n1/z8 m2/z8 n2/z8 

q1-6 (7+2+1)-7 22.7 6.3 10 6.3 16 8 1.4 0.4 0.6 0.4 2.8 0.8 1.3 0.8 
q1-6 (3+4+9+5+6+11)-(9+11) 22.7 13 10 13 16 8 1.4 0.8 0.6 0.8 2.8 1.6 1.3 1.6 
q7-12 7 10 6.3 - - 16 8 0.6 0.4 - - 1.3 0.8 - - 
q7-12 9+11 10 13 - - 16 8 0.6 0.8 - - 1.3 1.6 - - 
q7-12 8 11.1 6.3 - - 16 8 0.7 0.4 - - 1.4 0.8 - - 
q7-12 10+12 11.1 13 - - 16 8 0.7 0.8 - - 1.4 1.6 - - 
q13-15 (8+13)-8 22.6 6.3 11.1 6.3 16 8 1.4 0.4 0.7 0.4 2.8 0.8 1.4 0.8 
q13-15 (10+14+12+15)-(10+12) 22.6 13 11.1 13 16 8 1.4 0.8 0.7 0.8 2.8 1.6 1.4 1.6 
 

Load Slab numbers* fz16(m1,n1) fz16(m2,n2) fz8(m1,n1) fz8(m2,n2) 
q 

(kN/m2) 
σz,16  

(kPa) 
σz,8 

 (kPa) 
q1-6 (7+2+1)-7 0.10941 0.08009 0.18373 0.17116 71.3 2 1 
q1-6 (3+4+9+5+6+11)-(9+11) 0.17389 0.12474 0.23029 0.21120 71.3 4 1 
q7-12 7 0.08009 - 0.17116 - 140.8 11 24 
q7-12 9+11 0.12474 - 0.21120 - 140.8 18 30 
q7-12 8 0.08735 - 0.17389 - 140.8 12 24 
q7-12 10+12 0.13653 - 0.21509 - 140.8 19 30 
q13-15 (8+13)-8 0.10941 0.08735 0.18373 0.17389 69.5 2 1 
q13-15 (10+14+12+15)-(10+12) 0.17389 0.13653 0.23029 0.21509 69.5 3 1 
  *) Slab numbers according to figure 3.26     Total: 70 113 
 
The increase of vertical stress at the rock mass surface is: 8.1401270, =Δ= −qzσ  kPa 
 
Assuming a linear relationship between the increased vertical stresses at 16, 8, and 0 m depth, the average increase in vertical stress becomes: 
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Extensometer E2:2 
 

Load  Slab numbers* 
m1 
(m) 

n1 
(m) 

m2 
(m) 

n2 
(m) 

z16 
(m) 

z8 
(m) m1/z16 n1/z16 m2/z16 n2/z16 m1/z8 n1/z8 m2/z8 n2/z8 

q1-6 (1+2+7+3+4+9)-(7+9) 22.7 12.9 10 12.9 16 8 1.4 0.8 0.6 0.8 2.8 1.6 1.3 1.6 
q1-6 (5+6+11)-11 22.7 6.4 10 6.4 16 8 1.4 0.4 0.6 0.4 2.8 0.8 1.3 0.8 
q7-12 7+9 10 12.9 - - 16 8 0.6 0.8 - - 1.3 1.6 - - 
q7-12 11 10 6.4 - - 16 8 0.6 0.4 - - 1.3 0.8 - - 
q7-12 8+10 11.1 12.9 - - 16 8 0.7 0.8 - - 1.4 1.6 - - 
q7-12 12 11.1 6.4 - - 16 8 0.7 0.4 - - 1.4 0.8 - - 
q13-15 (8+13+10+14)-(8+10) 22.6 12.9 11.1 12.9 16 8 1.4 0.8 0.7 0.8 2.8 1.6 1.4 1.6 
q13-15 (12+15)-12 22.6 6.4 11.1 6.4 16 8 1.4 0.4 0.7 0.4 2.8 0.8 1.4 0.8 
 

Load Slab numbers* fz16(m1,n1) fz16(m2,n2) fz8(m1,n1) fz8(m2,n2) 
q 

(kN/m2) 
σz,16  

(kPa) 
σz,8 

 (kPa) 
q1-6 (1+2+7+3+4+9)-(7+9) 0.17389 0.12474 0.23029 0.21120 71.3 4 1 
q1-6 (5+6+11)-11 0.10941 0.08009 0.18373 0.17116 71.3 2 1 
q7-12 7+9 0.12474 - 0.21120 - 140.8 18 30 
q7-12 11 0.08009 - 0.17116 - 140.8 11 24 
q7-12 8+10 0.13653 - 0.21509 - 140.8 19 30 
q7-12 12 0.08735 - 0.17389 - 140.8 12 24 
q13-15 (8+13+10+14)-(8+10) 0.17389 0.13653 0.23029 0.21509 69.5 3 1 
q13-15 (12+15)-12 0.10941 0.08735 0.18373 0.17389 69.5 2 1 
  *) Slab numbers according to figure 3.26     Total: 70 113 
 
The increase of vertical stress at the rock mass surface is: 8.1401270, =Δ= −qzσ  kPa 
 
Assuming a linear relationship between the increased vertical stresses at 16, 8, and 0 m depth, the average increase in vertical stress becomes: 
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Extensometer E3:1 
 

Load  Slab numbers* 
m1 
(m) 

n1 
(m) 

m2 
(m) 

n2 
(m) 

z16 
(m) 

z8 
(m) m1/z16 n1/z16 m2/z16 n2/z16 m1/z8 n1/z8 m2/z8 n2/z8 

q1-6 1 10 6.3 - - 30 15 0.3 0.2 - - 0.7 0.4 - - 
q1-6 2 2.7 6.3 - - 30 15 0.1 0.2 - - 0.2 0.4 - - 
q1-6 (3+5) 10 13 - - 30 15 0.3 0.4 - - 0.7 0.9 - - 
q1-6 (4+6) 2.7 13 - - 30 15 0.1 0.4 - - 0.2 0.9 - - 
q7-12 (2+7+8)-(2) 23.8 6.3 2.7 6.3 30 15 0.8 0.2 0.1 0.2 1.6 0.4 0.2 0.4 
q7-12 (4+9+10+6+11+12)-(4+6) 23.8 13 2.7 13 30 15 0.8 0.4 0.1 0.4 1.6 0.9 0.2 0.9 
q13-15 (2+7+8+13)-(2+7+8) 35.3 6.3 23.8 6.3 30 15 1.2 0.2 0.8 0.2 2.4 0.4 1.6 0.4 
q13-15 (4+9+10+14+6+11+12+15)-

(4+6+9+10+11+12) 35.3 13 23.8 13 30 15 1.2 0.4 0.8 0.4 2.4 0.9 1.6 0.9 
 

Load Slab numbers* fz16(m1,n1) fz16(m2,n2) fz8(m1,n1) fz8(m2,n2) 
q 

(kN/m2) 
σz,16  

(kPa) 
σz,8 

 (kPa) 
q1-6 1 0.02585 - 0.08735 - 71.3 2 6 
q1-6 2 0.00917 - 0.03280 - 71.3 1 2 
q1-6 (3+5) 0.04742 - 0.14356 - 71.3 3 10 
q1-6 (4+6) 0.01678 - 0.05283 - 71.3 1 4 
q7-12 (2+7+8)-(2) 0.05042 0.00917 0.11135 0.03280 140.8 6 11 
q7-12 (4+9+10+6+11+12)-(4+6) 0.09314 0.01678 0.18737 0.05283 140.8 11 19 
q13-15 (2+7+8+13)-(2+7+8) 0.05733 0.05042 0.11428 0.11135 69.5 0 0 
q13-15 (4+9+10+14+6+11+12+15)-

(4+6+9+10+11+12) 0.10631 0.09314 0.19330 0.18737 69.5 1 0 
  *) Slab numbers according to figure 3.26     Total: 25 53 
 
The increase of vertical stress at the rock mass surface is: 3.71610, =Δ= −qzσ  kPa 
Assuming a linear relationship between the increased vertical stresses at 16, 8, and 0 m depth, the average increase in vertical stress becomes: 
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Extensometer E3:2 
 

Load  Slab numbers* 
m1 
(m) 

n1 
(m) 

m2 
(m) 

n2 
(m) 

z16 
(m) 

z8 
(m) m1/z16 n1/z16 m2/z16 n2/z16 m1/z8 n1/z8 m2/z8 n2/z8 

q1-6 1+3 10 12.9 - - 30 15 0.3 0.4 - - 0.7 0.9 - - 
q1-6 2+4 2.7 12.9 - - 30 15 0.1 0.4 - - 0.2 0.9 - - 
q1-6 5 10 6.4 - - 30 15 0.3 0.2 - - 0.7 0.4 - - 
q1-6 6 2.7 6.4 - - 30 15 0.1 0.2 - - 0.2 0.4 - - 
q7-12 (2+7+8+4+9+10)-(2+4) 23.8 12.9 2.7 12.9 30 15 0.8 0.4 0.1 0.4 1.6 0.9 0.2 0.9 
q7-12 (6+11+12)-6 23.8 6.4 2.7 6.4 30 15 0.8 0.2 0.1 0.2 1.6 0.4 0.2 0.4 
q13-15 (2+7+8+13+4+9+10+14)-

(2+7+8+4+9+10) 35.3 12.9 23.8 12.9 30 15 1.2 0.4 0.8 0.4 2.4 0.9 1.6 0.9 
q13-15 (6+11+12+15)-6 35.3 6.4 23.8 6.4 30 15 1.2 0.2 0.8 0.2 2.4 0.4 1.6 0.4 
 

Load Slab numbers* fz16(m1,n1) fz16(m2,n2) fz8(m1,n1) fz8(m2,n2) 
q 

(kN/m2) 
σz,16  

(kPa) 
σz,8 

 (kPa) 
q1-6 1+3 0.04742 - 0.14356 - 71.3 3 10 
q1-6 2+4 0.01678 - 0.05283 - 71.3 1 4 
q1-6 5 0.02585 - 0.08735 - 71.3 2 6 
q1-6 6 0.00917 - 0.03280 - 71.3 1 2 
q7-12 (2+7+8+4+9+10)-(2+4) 0.09314 0.01678 0.18737 0.05283 140.8 11 19 
q7-12 (6+11+12)-6 0.05042 0.00917 0.11135 0.03280 140.8 6 11 
q13-15 (2+7+8+13+4+9+10+14)-

(2+7+8+4+9+10) 0.10631 0.09314 0.19339 0.18737 69.5 1 0 
q13-15 (6+11+12+15)-6 0.05733 0.05042 0.11428 0.11135 69.5 0 0 
  *) Slab numbers according to figure 3.26     Total: 25 53 
 

The increase of vertical stress at the rock mass surface is: 3.71610, =Δ= −qzσ  kPa 
Assuming a linear relationship between the increased vertical stresses at 16, 8, and 0 m depth, the average increase in vertical stress becomes: 
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APPENDIX H, CALCULATION OF TEMPERATURE VARIATIONS IN 
THE ARCH DAM  

 
In order to calculate temperature variations, it is necessary to have information 
about the air and water temperature, together with the average rock mass 
temperature under the dam. Data about the air temperature was received from 
SMHI, using their gauging station in the village Ytterhogdal. The village is 
situated approximately ten km from the dam. The temperatures from SMHI was 
received as monthly averages during the year, and are based on data from 1961-
2002. Information about the water temperature was received from SMHI based on 
data from the hydropower plant Laforsen, which is situated some twenty or thirty 
kilometers downstream the river of Ljusnan. These temperatures are also 
described as monthly averages, and are based on data from 1959-1992. The air 
and water temperatures are shown in table H.1 below. 
 
Table H.1 Assumed air and water temperature at Krokströmmen based on data from SMHI. 

Month Water Temperature (oC) Air temperature (oC) 
January 0 -10.8 
February 0 -9.0 
March  0 -3.8 
April 0.4 1.4 
May 6.2 7.9 
June 14.3 12.9 
July 16.9 14.1 
August 16 12.4 
September 11 7.8 
October 5.2 3.1 
November 0.8 -4.3 
December 0 -9.1 

 
To approximate the constant temperature in the rock mass, the results from the 
temperature measurements were used. As can be seen in Appendix B, the 
temperature is oscillating around a value of approximately 7oC, and has therefore 
been utilized in the calculations. 
 
Dimensions of the arch dam were estimated based on layout drawings in the 
SEED report. The thickness at the top of the dam is about 3 m, while the lower 
part has a maximum thickness of about 12 m. The height of the arch dam in this 
section is 45 m. 
 
As input data for the material properties, the values according to table H.2 have 
been used. 
 
Table H.2 Material properties used in the calculations. 

Material 
Thermal 

conductivity 
(W/mK) 

Specific heat capacity 
(J/kgK) 

Density 
(kg/m3) 

Concrete 1.7 1000 2300 
Rock mass 3.5 1000 2600 
Excavation Materials 2.0 1000 2000 
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Methodology 
 
The air, water, and rock mass temperature described above have been used as 
boundary conditions. The upstream side of the dam has utilized a function that 
describes the variations of the water temperature during the year. The top and 
downstream sides of the dam in a similar way have utilized a function for the air 
temperature. In the model, the two vertical sides of the rock mass have used no 
flow boundaries, while the lower horizontal side of the rock mass has used a 
constant temperature of 7 oC. Since a year contains approximately 3.15⋅107 
seconds, the calculations have been divided into 31 steps, each containing 1⋅106 
seconds. To obtain a stable solution, the model has been calculated three times, 
where the results from the previous calculation have been used as input.  
 

Results 
 
In order to obtain the temperature variations in different parts of the dam, ten 
horizontal sections at different levels have been analyzed. The results show that 
the lowest average temperature is -2.5 oC at the 5th of February, and that the 
highest average temperature is 11.8 oC at the 11th of August, for the case without 
reinforcement slab. For the case with reinforcements slab, the results show that 
the lowest average temperature is -1.8 oC, and that the highest average 
temperature is 11.3 oC. According to the calculations, these temperatures occur at 
the same date as for the case without the slab. How the arch dam temperatures 
vary in the arch dam at the end of the year for the cases with and without 
reinforcement slab is shown in figure H.1 and H.2. Accounts of all the results in 
the ten sections are presented in the table H.3 and H.4 below. The variation of the 
average temperature, for the case with and without reinforcement slab, is 
presented in figure H.3. 
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Figure H.1, Temperature variations in the FEM-model at the end of the year without 
reinforcement- slab (The red lines are the sections were the average temperature have 
 been determined) 

 
Figure H.2, Temperature variations in the FEM-model at the end of the year with 
 reinforcement- slab. 
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Table H.3 Calculated arch dam temperature without reinforcements slab. 
 
Level Date 1-1-04 12-1-04 24-1-04 5-2-04 17-2-04 28-2-04 11-3-04 23-3-04 

+296 Section 1 Temp. (oC) 6.09 5.93 5.75 5.56 5.37 5.18 5.01 4.85 

+299 Section 2 Temp. (oC) 4.31 3.77 3.29 2.88 2.61 2.35 2.24 2.15 

+304 Section 3 Temp. (oC) 1.18 0.34 -0.27 -0.73 -0.87 -0.99 -0.84 -0.66 

+309 Section 4 Temp. (oC) -0.48 -1.45 -2.11 -2.54 -2.57 -2.57 -2.25 -1.88 

+314 Section 5 Temp. (oC) -2.09 -3.00 -3.53 -3.80 -3.63 -3.43 -2.89 -2.32 

+319 Section 6 Temp. (oC) -2.90 -3.75 -4.17 -4.34 -4.05 -3.73 -3.08 -2.39 

+324 Section 7 Temp. (oC) -3.58 -4.32 -4.62 -4.67 -4.27 -3.84 -3.10 -2.31 

+329 Section 8 Temp. (oC) -4.15 -4.76 -4.95 -4.88 -4.39 -3.86 -3.03 -2.16 

+334 Section 9 Temp. (oC) -4.57 -5.06 -5.15 -4.98 -4.41 -3.80 -2.91 -1.98 

+339 Section 10 Temp. (oC) -7.71 -8.29 -8.23 -7.81 -6.77 -5.68 -4.20 -2.65 

 Average temperature: -1.4 -2.1 -2.4 -2.5 -2.3 -2.0 -1.5 -0.9 

          
Level Date 4-4-04 15-4-04 27-4-04 9-5-04 21-5-04 2-6-04 13-6-04 25-6-04 

+296 Section 1 Temp. (oC) 4.71 4.59 4.51 4.44 4.44 4.46 4.54 4.64 

+299 Section 2 Temp. (oC) 2.18 2.23 2.47 2.75 3.19 3.67 4.22 4.79 

+304 Section 3 Temp. (oC) -0.27 0.15 1.01 1.98 3.21 4.52 5.78 7 

+309 Section 4 Temp. (oC) -1.28 -0.63 0.54 1.85 3.46 5.17 6.77 8.32 

+314 Section 5 Temp. (oC) -1.51 -0.66 0.78 2.37 4.25 6.24 8.03 9.73 

+319 Section 6 Temp. (oC) -1.48 -0.53 1.03 2.76 4.77 6.88 8.74 10.48 

+324 Section 7 Temp. (oC) -1.33 -0.3 1.37 3.22 5.33 7.55 9.45 11.21 

+329 Section 8 Temp. (oC) -1.11 -0.02 1.74 3.7 5.91 8.21 10.13 11.89 

+334 Section 9 Temp. (oC) -0.87 0.26 2.12 4.18 6.47 8.83 10.76 12.48 

+339 Section 10 Temp. (oC) -0.99 0.69 2.88 5.22 7.47 9.69 11.36 12.76 

 Average temperature: -0.2 0.6 1.8 3.2 4.9 6.5 8.0 9.3 

          
Level Date 7-7-04 19-7-04 30-7-04 11-8-04 23-8-04 4-9-04 16-9-04 27-9-04 

+296 Section 1 Temp. (oC) 4.78 4.94 5.11 5.30 5.49 5.67 5.85 6.01 

+299 Section 2 Temp. (oC) 5.34 5.86 6.36 6.79 7.13 7.34 7.44 7.43 

+304 Section 3 Temp. (oC) 8.00 8.87 9.61 10.10 10.34 10.24 9.85 9.24 

+309 Section 4 Temp. (oC) 9.53 10.56 11.40 11.92 12.09 11.82 11.17 10.24 

+314 Section 5 Temp. (oC) 10.99 12.02 12.81 13.19 13.16 12.64 11.65 10.37 

+319 Section 6 Temp. (oC) 11.74 12.72 13.45 13.73 13.57 12.88 11.70 10.23 

+324 Section 7 Temp. (oC) 12.42 13.33 13.96 14.11 13.80 12.94 11.57 9.91 

+329 Section 8 Temp. (oC) 13.04 13.86 14.38 14.39 13.92 12.88 11.32 9.48 

+334 Section 9 Temp. (oC) 13.56 14.28 14.68 14.53 13.90 12.69 10.96 8.97 

+339 Section 10 Temp. (oC) 13.53 13.93 14.02 13.56 12.66 11.26 9.39 7.29 

 Average temperature: 10.3 11.0 11.6 11.8 11.6 11.0 10.1 8.9 

          
Level Date 9-10-04 21-10-04 2-11-04 13-11-04 25-11-04 7-12-04 19-12-04 31-12-04 

+296 Section 1 Temp. (oC) 6.13 6.23 6.30 6.33 6.32 6.27 6.19 6.07 

+299 Section 2 Temp. (oC) 7.32 7.09 6.77 6.38 5.92 5.39 4.86 4.30 

+304 Section 3 Temp. (oC) 8.50 7.57 6.50 5.45 4.31 3.14 2.14 1.18 

+309 Section 4 Temp. (oC) 9.16 7.83 6.36 4.94 3.45 1.94 0.68 -0.48 

+314 Section 5 Temp. (oC) 8.96 7.30 5.50 3.83 2.11 0.44 -0.90 -2.09 

+319 Section 6 Temp. (oC) 8.65 6.82 4.87 3.10 1.30 -0.43 1.76 -2.91 

+324 Section 7 Temp. (oC) 8.19 6.22 4.16 2.32 0.49 -1.23 -2.53 -3.58 

+329 Section 8 Temp. (oC) 7.63 5.55 3.41 1.53 -0.30 -1.99 -3.21 -4.15 

+334 Section 9 Temp. (oC) 7.02 4.87 2.69 0.81 -0.99 -2.62 -3.75 -4.57 

+339 Section 10 Temp. (oC) 5.25 3.04 0.77 -1.35 -3.46 -5.42 -6.74 -7.71 

 Average temperature: 7.7 6.3 4.7 3.3 1.9 0.5 -0.2 -1.4 
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Table H.4 Calculated arch dam temperature with reinforcements slab. 
 
Level Date 1-1-04 12-1-04 24-1-04 5-2-04 17-2-04 28-2-04 11-3-04 23-3-04 

+296 Section 1 Temp. (oC) 6.31 6.26 6.19 6.13 6.06 5.99 5.91 5.84 

+299 Section 2 Temp. (oC) 5.86 5.72 5.59 5.45 5.31 5.17 5.03 4.9 

+304 Section 3 Temp. (oC) 4.64 4.13 3.66 3.22 2.87 2.52 2.28 2.05 

+309 Section 4 Temp. (oC) -0.19 -1.11 -1.72 -2.12 -2.14 -2.13 -1.82 -1.48 

+314 Section 5 Temp. (oC) -2.05 -2.97 -3.51 -3.78 -3.61 -3.41 -2.88 -2.3 

+319 Section 6 Temp. (oC) -2.86 -3.72 -4.15 -4.32 -4.04 -3.72 -3.08 -2.39 

+324 Section 7 Temp. (oC) -3.54 -4.3 -4.61 -4.66 -4.27 -3.84 -3.1 -2.31 

+329 Section 8 Temp. (oC) -4.12 -4.75 -4.94 -4.88 -4.38 -3.86 -3.03 -2.16 

+334 Section 9 Temp. (oC) -4.54 -5.05 -5.14 -4.98 -4.41 -3.8 -2.91 -1.98 

+339 Section 10 Temp. (oC) -7.66 -8.28 -8.22 -7.81 -6.77 -5.68 -4.2 -2.65 

 Average temperature: -0.8 -1.4 -1.7 -1.8 -1.5 -1.3 -0.8 -0.2 

          

Level Date 4-4-04 15-4-04 27-4-04 9-5-04 21-5-04 2-6-04 13-6-04 25-6-04 

+296 Section 1 Temp. (oC) 5.77 5.7 5.66 5.63 5.59 5.59 5.61 5.64 

+299 Section 2 Temp. (oC) 4.78 4.67 4.68 4.72 4.77 4.91 5.09 5.29 

+304 Section 3 Temp. (oC) 1.95 1.88 2.26 2.78 3.29 4.03 4.87 5.67 

+309 Section 4 Temp. (oC) -0.91 -0.31 0.93 2.35 3.76 5.35 7 8.46 

+314 Section 5 Temp. (oC) -1.49 -0.64 0.91 2.65 4.4 6.28 8.22 9.89 

+319 Section 6 Temp. (oC) -1.48 -0.53 1.14 3.02 4.89 6.87 8.91 10.63 

+324 Section 7 Temp. (oC) -1.32 -0.3 -1.47 3.45 5.43 7.5 9.6 11.35 

+329 Section 8 Temp. (oC) -1.11 -0.02 1.84 3.91 5.98 8.11 10.27 12.02 

+334 Section 9 Temp. (oC) -0.87 0.26 2.2 4.35 6.51 8.69 10.88 12.62 

+339 Section 10 Temp. (oC) -0.99 0.69 2.85 5.15 7.45 9.51 11.45 12.91 

 Average temperature: 0.4 1.1 2.1 3.8 5.2 6.7 8.2 9.4 

          
Level Date 7-7-04 19-7-04 30-7-04 11-8-04 23-8-04 4-9-04 16-9-04 27-9-04 

+296 Section 1 Temp. (oC) 5.7 5.76 5.85 5.93 6.02 6.1 6.18 6.25 

+299 Section 2 Temp. (oC) 5.52 5.74 5.94 6.14 6.31 6.44 6.53 6.57 

+304 Section 3 Temp. (oC) 6.39 7.1 7.58 8.05 8.37 8.5 8.48 8.33 

+309 Section 4 Temp. (oC) 9.59 10.67 11.12 11.57 11.66 11.35 10.77 9.96 

+314 Section 5 Temp. (oC) 11.1 12.26 12.6 12.95 12.85 12.28 11.38 10.25 

+319 Section 6 Temp. (oC) 11.82 12.96 13.2 13.45 13.22 12.48 11.41 10.11 

+324 Section 7 Temp. (oC) 12.49 13.56 13.69 13.81 13.44 12.53 11.27 9.81 

+329 Section 8 Temp. (oC) 13.09 14.09 14.08 14.08 13.55 12.45 11.02 9.41 

+334 Section 9 Temp. (oC) 13.59 14.49 14.36 14.22 13.54 12.27 10.66 8.94 

+339 Section 10 Temp. (oC) 13.54 14.11 13.7 13.29 12.37 10.88 9.11 7.33 

 Average temperature: 10.3 11.1 11.2 11.3 11.1 10.5 9.7 8.7 

          
Level Date 9-10-04 21-10-04 2-11-04 13-11-04 25-11-04 7-12-04 19-12-04 31-12-04 

+296 Section 1 Temp. (oC) 6.31 6.35 6.38 6.39 6.39 6.37 6.34 6.29 

+299 Section 2 Temp. (oC) 6.57 6.53 6.46 6.36 6.23 6.11 5.98 5.84 

+304 Section 3 Temp. (oC) 8.02 7.61 7.18 6.67 6.11 5.62 5.13 4.63 

+309 Section 4 Temp. (oC) 8.9 7.65 6.32 4.84 3.3 2.05 0.89 -0.19 

+314 Section 5 Temp. (oC) 8.83 7.21 5.54 3.73 1.87 0.42 -0.88 -2.05 

+319 Section 6 Temp. (oC) 8.53 6.75 4.95 3.01 1.06 -0.43 -1.73 -2.86 

+324 Section 7 Temp. (oC) 8.08 6.17 4.26 2.25 0.25 -1.24 -2.5 -3.54 

+329 Section 8 Temp. (oC) 7.55 5.53 3.55 1.48 -0.55 -2 -3.18 -4.12 

+334 Section 9 Temp. (oC) 6.98 4.88 2.86 0.76 -1.25 -2.64 -3.74 -4.54 

+339 Section 10 Temp. (oC) 5.4 3.3 1.04 -1.38 -3.77 -5.39 -6.69 -7.66 

 Average temperature: 7.5 6.2 4.9 3.4 2.0 0.9 0.0 -0.8 
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Figure H.3 Calculated average arch dam temperatures during the year, for the cases with and 
without reinforcement slab. 
 
It should be kept in mind that the calculated temperatures in the foundation and 
arch dam only are approximate values. A number of simplifying assumptions 
have been done. No consideration has been taken to a possible stratified water 
temperature or the effect from solar radiation. Neither the effect of discrepancies 
from the average air temperature has been considered, nor the effect from the 
asbestos cement sheeting wall on the downstream side of the arch dam.  
 

Conclusions 
 
From the calculation, it can be concluded that: 
 

− The average temperature variation in the arch dam during a year is about 
14 oC, without the reinforcement slab. 

− With the reinforcement slab, the average temperature variation during a 
year is about 13 oC. 

− The highest average temperature occurs around the middle of August, and 
the lowest average temperature occurs in the beginning of February. 
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APPENDIX I, ESTIMATION OF LONG TERM MODULUS OF 
ELASTICITY FOR THE CONCRETE 

In concrete subjected to long term loads, deformations in it continue to develop 
with time. The concrete creep and this affects the modulus of elasticity. If the 
current stresses and strains in the rock mass should be analyzed, this creep 
process in the arch dam has to be considered. In this Appendix, the long term 
modulus of elasticity is estimated for the concrete in the arch dam. 
 

Methodology 
 
For concrete, creep is considered by reducing the modulus of elasticity with a 
creep coefficient. The relation between elastic strains, εe, creep strains, εcc, creep 
coefficient, φ and the total strains, εtot is described in equation I.1. 
 

con
ccetot )1(

E
σϕεεε +=+=        (I.1) 

 
To calculate the total long-term strains, a long-term modulus of elasticity, E´con, 
can be used according to equation I.2.  
 

ϕε
σ

+
==′

1
inicon,

tot
con

E
E         (I.2) 

 
The principal relations between creep, strains, and stresses can be seen in figure 
I.1. 
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Figure I.1 Principal relations between creep, strains and stresses. 
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Estimation of the creep coefficient and the initial modulus of 
elasticity 
 
The Swedish handbook of concrete (Svensk Byggtjänst 1994), propose an 
expression to describe creep, given in equation I.3. 
 

bta ⋅=ϕ          (I.3) 
 
Where a and b are constants, and t is the time in years. By taking the logarithm 
for both sides of equation I.3, the constants a and b can be determined with 
regression analysis. 
 

atb logloglog +=ϕ         (I.4) 
 
To perform the regression analyses, the coefficient of creep, φ, has to be 
estimated, which was done with equation I.5 below. 
 

1, −
′

=
c

inic

E
E

ϕ          (I.5) 

 
Where Ec,ini is the initial modulus of elasticity for the concrete, and E´c is the long 
term modulus of elasticity. Reinius (1954) and Larsson (1961) estimated the long 
term modulus of elasticity at five occasions between 1952 and 1961. These values 
are presented in table I.1. 
 
Table I.1 Modulus of elasticity for the concrete in the arch dam under long term loading (Reinius 
1954 and Larsson 1961). 

Date E´c 
 (MPa) 

1952-05-08 19 130 
1952-08-26 16 677 
1953-02-06 14 028 
1953-03-29 13 636 
1961-10-19 12 066 
 
In the Swedish handbook of concrete material (Svensk Byggtjänst 1994), two 
functions are given for the relation between the modulus of elasticity and the 
concrete compression strength. One is based on Swiss measurements, and one is 
based on the Swedish BBK (Requirements of concrete structures), see figure I.2. 
 
The cube strength after 90 days was about 54,9 MPa for the concrete at 
Krokströmmen (Reinius 1954). Based on this cube strength, the curves in figure 
I.2 gave an initial modulus of elasticity of about 43 GPa for the relation based on 
Swiss measurements, and about 33,5 GPa for the relation according to BBK. 
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Figure I.2 Modulus of elasticity for the concrete as a function of compression strength. The 
dashed line corresponds to Swiss measurements, while the continuous line corresponds to the 
relation according to BBK. The curve according to BBK refers to the characteristic modulus of 
elasticity as a function of the characteristic compression strength (Svensk Byggtjänst 1994). 
 
The coefficient of creep has been calculated for both of these initial values of the 
modulus of elasticity using the methodology above. Below, the results from these 
calculations are presented. 
 
 
Table I.2 Input values for the regression analyses based on an initial modulus of elasticity 
according to BBK. 

Date t 
(year) 

log t 
(year) 

E´c 
(MPa) φ log φ 

1952-03-22      
1952-05-08 0.129 -0.890 19130 0.751 -0.124 
1952-08-26 0.430 -0.366 16677 1.009 0.004 
1953-02-06 0.879 -0.056 14028 1.388 0.142 
1953-03-29 1.019 0.008 13636 1.457 0.163 
1961-10-19 9.584 0.982 12066 1.776 0.250 
 
Table I.3 Input values for the regression analyses based on an initial modulus of elasticity 
according to the relation based on Swiss measurements. 

Date t 
(year) 

log t 
(year) 

E´c 
(MPa) φ log φ 

1952-03-22      
1952-05-08 0.129 -0.890 19130 1.248 0.096 
1952-08-26 0.430 -0.366 16677 1.578 0.198 
1953-02-06 0.879 -0.056 14028 2.065 0.315 
1953-03-29 1.019 0.008 13636 2.153 0.333 
1961-10-19 9.584 0.982 12066 2.564 0.409 
 
 
 
 
 
 
 
 
 



Stability analyses of large structures founded on rock – an introductory study 
 

 XL 

 

y = 0,2006x + 0,0999

-0,15

-0,10

-0,05

0,00

0,05

0,10

0,15

0,20

0,25

0,30

0,35

-1,0 -0,5 0,0 0,5 1,0 1,5

log t

lo
g ϕ

Calculated coefficient of creep

Linear (Calculated coefficient of
creep)

 
Figure I.3 Linear regression of the coefficient of creep, based on an initial modulus of elasticity of 
33,5 GPa. 
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Figure I.4 Linear regression of the coefficient of creep, based on an initial modulus of elasticity of 
43 GPa. 
 
By using the values from the regression analyses of the constants a and b, 
together with a time of 51 year, the coefficients of creep presented in table I.4 
were calculated. 
 
Table I.4 The calculated coefficients of creep. 

Ec,ini 
(GPa) 

t 
(year) a b φ  

(2003) 
33.5 51 1.259 0.201 2.77 
43 51 1.910 0.169 3.70 
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Results 
 
Using equation I.2 and the values in table I.4 gave the following results.  
 
Table I.5 Extrapolated long term modulus of elasticity.  

Econ,ini    
(MPa) 

φ               
(2003) 

E´con,2003 
 (MPa) 

33 500 2.77 8890 
43 000 3.70 9140 

 

Discussion and interpretation of results  
 
The results in table I.5 show that the initial modulus of elasticity has little impact 
on the long term modulus of elasticity. The difference between them is about 200 
MPa. Based on these results, the current long term elastic modulus for the 
concrete in Krokströmmen arch dam could be expected to be about 9 GPa. 
However, a comparison between the calculated long term modulus and the 
modulus determined by Larsson (1961) show that the calculated one lie about 1 
GPa under the value determined by Larsson (1961). Taking this into 
consideration, the long term modulus of elasticity could be expected to be about 
10 GPa, which is the same value as Johansson and Palmgren (1996) used in their 
calculations. A long term modulus of elasticity of 10 GPa is therefore suggested. 
 
It should be taken into consideration that this value is a rough approximation. The 
method involves extrapolation based on regression analysis. This means that the 
statistical uncertainty rapidly becomes high. 
 

Conclusions 
 

− For long term loading, a modulus of elasticity of 10 GPa is suggested. 
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APPENDIX J, RESULTS FROM THE FINITE ELEMENT ANALYSIS 

Load Case A: Step 2, before the iterative procedure 

 
Figure J.1 Total deformations in the foundation for monolith 7, step 2. 
 

 
Figure J.2 Total deformations in the foundation for monolith 8, step 2. 
 

 
Figure J.3 Total deformations in the foundation for monolith 9, step 2. 
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Figure J.4 Total deformations in the foundation for monolith 10, step 2. 
 

 
Figure J.5 Total deformations in the foundation for monolith 11, step 2. 
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Figure J.6 Principal effective stress directions in the foundation for monolith 7, step 2.  
 

 
Figure J.7 Principal effective stress directions in the foundation for monolith 8, step 2.  
 

 
Figure J.8 Principal effective stress directions in the foundation for monolith 9, step 2.  
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Figure J.9 Principal effective stress directions in the foundation for monolith 10, step 2.  
 

 
Figure J.10 Principal effective stress directions in the foundation for monolith 11, step 2.  
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Load Case A: Step 3, after the iterative procedure 
 

 
Figure J.11 Total deformations in the foundation for monolith 7, step 3. 
 

 
Figure J.12 Total deformations in the foundation for monolith 8, step 3. 
 

 
Figure J.13 Total deformations in the foundation for monolith 9, step 3. 
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Figure J.14 Total deformations in the foundation for monolith 10, step 3. 
 

 
Figure J.15 Total deformations in the foundation for monolith 11, step 3. 
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Figure J.16 Principal effective stress directions in the foundation for monolith 7, step 3.  
 

 
Figure J.17 Principal effective stress directions in the foundation for monolith 8, step 3.  
 

 
Figure J.18 Principal effective stress directions in the foundation for monolith 9, step 3.  
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Figure J.19 Principal effective stress directions in the foundation for monolith 10, step 3.  
 

 
Figure J.20 Principal effective stress directions in the foundation for monolith 11, step 3.  
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Load Case B: Step 4 
 

 
Figure J.21 Total deformations in the foundation for monolith 7, step 4. 
 

 
Figure J.22 Total deformations in the foundation for monolith 8, step 4. 
 

 
Figure J.23 Total deformations in the foundation for monolith 9, step 4. 
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Figure J.24 Total deformations in the foundation for monolith 10, step 4. 
 

 
Figure J.25 Total deformations in the foundation for monolith 11, step 4. 
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Figure J.26 Principal effective stress directions in the foundation for monolith 7, step 4.  
 

 
Figure J.27 Principal effective stress directions in the foundation for monolith 8, step 4.  
 

 
Figure J.28 Principal effective stress directions in the foundation for monolith 9, step 4.  
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Figure J.29 Principal effective stress directions in the foundation for monolith 10, step 4.  
 

 
Figure J.30 Principal effective stress directions in the foundation for monolith 11, step 4.  
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APPENDIX K, CALCULATION OF RESISTANCES IN THE ROCK 
FOUNDATION 

 
The two dimensional stability analyses by Stille et al. (2002) considered two 
failure modes for sliding. The first was plane sliding of the arch dam combined 
with a passive wedge failure in the rock mass. The second was plane sliding of 
the arch dam combined with plane sliding in a horizontal bedding plane. In this 
Appendix, the resistance has been calculated for the former failure mode, while 
the latter, which is only possible under monolith seven, has been omitted. The 
resistances have been calculated with both peak and residual strength for the 
passive wedge. They have also been calculated based on an assumed residual and 
peak strength in the interface between arch dam and foundation. Also, the 
additional resistance from the reinforcement slab has been calculated. 
 

Normal and radial reaction forces for step 2 and 3, before and after 
the iterative procedure 
 
In the two dimensional finite element analyses with PLAXIS, only the vertical 
and the radial reaction forces were considered. The tangential force was not 
possibly to consider. However, in order to calculate the resistance, it is necessary 
to have the effective force normal to the rock surface, F´n, which is a product of 
the tangential effective force, F´tan, the vertical effective force, F´z, and the 
inclination of the rock surface along the arch dam. The inclination in the radial 
direction is assumed to be horizontal for all monoliths, and the tangential forces 
have been assumed constant according to the results by Johansson and Gustafsson 
(2000) in the SEED report. The results of this transformation are presented below 
for the results of step 2 and step 3, i.e. before and after the iterative procedure.  
 
Table K.1 Reaction forces according to Johansson and Gustafsson (2000), for step 2 before the 
iterative procedure. 

 
Monolith 

 
Frad  

(MN/m) 

 
Ftan  

(MN/m) 

 
Fz  

(MN/m) 

 
Fu  

(MN/m) 

 
F´tan  

(MN/m) 

 
F´z 

(MN/m) 
7 2.42 7.66 3.14 0.68 6.98 2.46 
8 2.76 5.53 1.19 0.76 4.77 0.43 
9 3.42 1.65 1.18 1.35 0.30 -0.17 

10 3.45 1.62 1.19 1.35 0.27 -0.16 
11 4.06 4.20 3.24 1.03 2.21 2.21 

 
In order to determine the reaction forces normal to the rock surface, the 
transformation according to table K.2 were performed.  
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Table K.2 Determination of reaction forces normal to the rock surface for step 2. 

 
 
 

Monolith 

 
Resultant 

F´tan,z 
 (MN/m) 

 
Angle against 
horizontal for 

F´tan,z (o)*)
 

Angle of 
rock surface 

against 
horizontal 

(o)**) 

 
Difference 
between 
angles  

(o) 

 
 

F´n  
(MN/m) 

7 7.40 19.42 -11.97 31.39 6.32 
8 4.79 5.15 -37.92 43.07 3.50 
9 0.34 -29.16 -3.95 -25.20 0.31 

10 0.31 -29.92 -5.12 -24.79 0.28 
11 3.86 34.94 -24.10 59.04 1.99 

*) Angles positive below the horizontal, **) Negative angles above the horizontal 
 
For step 3, after the iterative procedure, the following reaction forces were used. 
 
Table K.3 Reaction forces for step 3 after the iterative procedure. 

 
Monolith 

 
Frad  

(MN/m) 

 
Ftan  

(MN/m) 

 
Fz  

(MN/m) 

 
Fu  

(MN/m) 

 
F´tan  

(MN/m) 

 
F´z 

(MN/m) 
7 9.88 7.66 1.81 0.68 6.98 1.13 
8 1.15 5.53 1.86 0.76 4.77 1.10 
9 -1.97 1.65 1.44 1.35 0.30 0.09 

10 5.65 1.62 3.48 1.35 0.27 2.13 
11 2.38 4.20 1.66 1.03 3.17 0.63 

 
In order to determine the reaction forces normal to the rock surface, the 
transformation according to table K.4 were performed.  
 
Table K.4 Determination of reaction forces normal to the rock surface for step 3. 

 
 
 

Monolith 

 
Resultant 

F´tan,z 
 (MN/m) 

 
Angle against 
horizontal for 

F´tan,z (o)*)
 

Angle of 
rock surface 

against 
horizontal 

(o)**) 

 
Difference 
between 
angles  

(o) 

 
 

F´n  
(MN/m) 

7 7.07 9.22 -11.97 21.19 6.59 
8 4.89 13.01 -37.92 50.93 3.08 
9 0.31 11.13 -3.95 15.08 0.30 

10 2.12 82.63 -5.12 87.76 0.08 
11 3.23 11.31 -24.10 35.41 2.63 

*) Angles positive below the horizontal, **) Negative angles above the horizontal 
 

Methodology to calculate the resistance 
 
For the failure mode with plane sliding of the dam, and a passive wedge in the 
rock mass, the resistance was calculated according to equation K.1, using the 
same principle as described by Nicholson (1983) among others. 
 

pasdamtot RRR +=         (K.1) 
 
Where Rdam is the resistance under the dam, and Rpas is the resistance of the 
passive wedge. The principle of this failure mode is shown in figure K.1 below, 
together with the denotations used in the calculations. 
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Figure K.1 Failure mode with plane sliding plus a passive wedge.  
 
At Krokströmmen, the dam is assumed to be founded without any inclination in 
the radial direction. The resistance under it can then be expressed with the 
following equation: 
 

damndam tan LcFR ⋅+⋅′= φ        (K.2) 
 
The resistance of the passive wedge, Rpas, can be expressed as:  
 

)tantan1(cos
tan)(

paspas

pas
spaspas αφα

φ
⋅−⋅

⋅
+⋅+′=

Lc
WWR      (K.3) 

 
Where W´pas is the effective weight of the passive wedge, and Ws is the additional 
weight of the reinforcement slab. Cohesion and friction angles for the rock mass 
for each monolith were assumed to be the same as proposed by Stille et al. (2002). 
 
Table K.5 Assumed cohesion and friction angles of the rock mass for each monolith. 

Monolith 7 8 9 10 11 
cm (kPa) 800 800 200 200 2500 
φm (o) 25 25 15 15 45 

 
The residual strength of the rock mass was calculated based on the assumption 
that it looses its cohesion but the friction angle remained constant. 
 
The length of the interface, Ldam, was set according to table I.6. 
 
Table K.6 Length of the interface under each monolith. 

Monolith 7 8 9 10 11 
Ldam (m) 7.0 7.6 12.0 12.0 8.4 

 
The values on the parameters that form the passive wedge are presented in table 
K.7. The effective unit weight of the rock mass, γ´m, was assumed to be 16,5 
kN/m3.  
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Table K.7 Values on the parameters for the passive wedge. 
Monolith 7 8 9 10 11 
Hpas (m) 3.5 6.5 5 5.5 4 
αpas (o) 22.5 32.5 37.5 37.5 32.5 
Lpas (m) 9.1 12.1 8.2 9.0 7.4 
Wpas (kN/m) 264 649 339 410 246 

 
In order to estimate the interface shear strength between arch dam and foundation, 
a study by EPRI (1992) has been used. In it, the interface strength for 18 dams 
were investigated and the results grouped by foundation rock type. One of these 
dams, Lloyd’s shoals dam, had a foundation consisting of granite. Based on 11 
tension tests and six shear tests on drill cores, the best fit line for the peak shear 
strength indicated interface cohesion, cint,peak, of 1260 kPa and an interface friction 
angle, φint,peak, of 54o. The residual strength of the interface for Lloyd Shoals dam 
in Georgia was found to have a residual friction angle, φint,res, of 35o and cohesion, 
cint,res, of 80 kPa. Based on these results, the cohesion and friction angle for the 
peak and residual strength at Krokströmmen were assumed to have the values 
according to table K.8. No consideration has been taken to a possible scale effect, 
and this resistance is therefore probably overestimated. 
 
Table K.8 Assumed shear strength of interface between arch dam and rock mass. 

cint, res  
(kPa) 

φint, res  
(o) 

cint, peak  
(kPa) 

φint, peak  
(o) 

0 35 1260 54 
 

Calculated resistances 

Peak resistance for step 2, with residual strength of interface 
 
Table K.9 Calculated resistances for the interface under the arch dam for step 2, based on 
residual strength of the interface. 

Monolith F´n 
(MN/m) 

φint, res 
(o) 

cint, res
(MPa) 

Ldam 
(m) 

Rdam 
(MN/m) 

7 6.32 35 0 7.0 4.43 
8 3.50 35 0 7.6 2.45 
9 0.31 35 0 12.0 0.22 

10 0.28 35 0 12.0 0.22 
11 1.99 35 0 8.4 1.39 

 
Table K.10 Calculated resistances for the passive wedge for step 2, together with total resistances. 

Monolith W´pas 
(kN/m) 

φm 
(o) 

cm 
(kPa) 

Lpas
(m) 

αpas 
(o) 

Rpas 
(MN/m) 

Rtot 
(MN/m) 

7 264 25 800 9.1 22.5 9.09 13.52 
8 649 25 800 12.1 32.5 17.34 19.79 
9 339 15 200 8.2 37.5 3.05 3.27 

10 410 15 200 9.0 37.5 3.40 3.62 
11 246 45 2500 7.4 32.5 49.12 50.51 
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Peak strength for step 3, based on residual strength of interface 
 
Table K.11 Calculated resistances for the interface under the arch dam for step 3, based on 
residual strength of the interface. 

Monolith F´n 
(MN/m) 

φint, res 
(o) 

cint, res
(MPa) 

Ldam 
(m) 

Rdam 
(MN/m) 

7 6.59 35 0 7.0 4.61 
8 3.08 35 0 7.6 2.16 
9 0.30 35 0 12.0 0.21 

10 0.08 35 0 12.0 0.06 
11 2.63 35 0 8.4 1.84 

 
Table K.12 Calculated resistances for the passive wedge for step 3, together with total resistances. 

Monolith W´pas 
(kN/m) 

φm 
(o) 

cm 
(kPa) 

Lpas
(m) 

αpas 
(o) 

Rpas 
(MN/m) 

Rtot 
(MN/m) 

7 264 25 800 9.1 22.5 9.09 13.70 
8 649 25 800 12.1 32.5 17.34 19.50 
9 339 15 200 8.2 37.5 3.05 3.26 

10 410 15 200 9.0 37.5 3.40 3.46 
11 246 45 2500 7.4 32.5 49.12 50.96 

 

Residual strength for step 3, based on residual strength of interface 
 
Table K.13 Calculated resistances for the interface under the arch dam for step 3, based on 
residual strength of the interface. 

Monolith F´n 
(MN/m) 

φint, res 
(o) 

cint, res
(MPa) 

Ldam 
(m) 

Rdam 
(MN/m) 

7 6.59 35 0 7.0 4.61 
8 3.08 35 0 7.6 2.16 
9 0.30 35 0 12.0 0.21 

10 0.08 35 0 12.0 0.06 
11 2.63 35 0 8.4 1.84 

 
Table K.14 Calculated resistances for the passive wedge for step 3, together with total resistances. 

Monolith W´pas 
(kN/m) 

φm 
(o) 

cm 
(kPa) 

Lpas
(m) 

αpas 
(o) 

Rpas 
(MN/m) 

Rtot 
(MN/m) 

7 264 25 0 9.1 22.5 0.30 4.91 
8 649 25 0 12.1 32.5 1.02 3.18 
9 339 15 200* 8.2 37.5 3.05* 3.26* 

10 410 15 200* 9.0 37.5 3.40* 3.46* 
11 246 45 0 7.4 32.5 0.83 2.67 

*) elastic perfectly plastic behavior assumed, peak strength equal to residual strength 
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Peak strength for step 3, based on peak strength of interface 
 
Table K.15 Calculated resistances for the interface under the arch dam for step 3, based on peak 
strength of interface. 

Monolith F´n 
(MN/m) 

φint, res 
(o) 

cint, res
(MPa) 

Ldam 
(m) 

Rdam 
(MN/m) 

7 6.59 54 1260 7.0 17.90 
8 3.08 54 1260 7.6 13.82 
9 0.30 54 1260 12.0 15.53 

10 0.08 54 1260 12.0 15.23 
11 2.63 54 1260 8.4 14.21 

 
Table K.16 Calculated resistances for the passive wedge for step 3, together with total resistances. 

Monolith W´pas 
(kN/m) 

φm 
(o) 

cm 
(kPa) 

Lpas
(m) 

αpas 
(o) 

Rpas 
(MN/m) 

Rtot 
(MN/m) 

7 264 25 800 9.1 22.5 9.09 26.99 
8 649 25 800 12.1 32.5 17.34 31.16 
9 339 15 200 8.2 37.5 3.05 18.58 

10 410 15 200 9.0 37.5 3.40 18.63 
11 246 45 2500 7.4 32.5 49.12 63.33 

 

Additional resistance from reinforcement slab 
 
In order to estimate the effect on stability from the reinforcement slab the 
additional vertical load from it had to be considered. It was done by multiplying 
the additional vertical stress from it by the extension of the passive wedge. The 
additional weight from the reinforcement slab used in the analysis, together with 
calculated additional resistance, is presented in table I.17. 
 
Table I.17. Additional resistances from the reinforcement slab for the failure mode with a passive 
wedge. 

Monolith Δσv  
(kPa) 

Ls  
(m) 

Ws 
(kN/m) 

φm 
(o) 

ΔRpas 
(MN/m) 

7 71.3 8.5 603 25 0.28 
8 71.3 10.2 728 25 0.34 
9 140.8 6.5 918 15 0.25 

10 140.8 7.2 1009 15 0.27 
11 69.5 6.3 436 45 0.44 
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