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Summary

For certain bridge types, the influence of soil-structure interaction (SSI) may have an
important contribution to the stiffness and damping of the structural system. From
a design point of view, this influence may be both conservative and non-conservative
and therefore, an increased knowledge within this field could lead to better design
assumptions. In terms of maintenance, assessment and upgrading of existing struc-
tures, an increased knowledge of the phenomena and parameters which govern the
soil-structure interaction, may lead to more realistic models and thereby, to more
precise information for the decision makers and railway system owners and admin-
istrators.

SSI appears to be most important for short and relatively stiff structures such as
portal frame bridges. Dynamic analyzes of this bridge type have shown a large
sensitivity in the choice of boundary conditions, where applying elastic constraints
on the vertical degree of freedom at the support, compared to fixing this degree of
freedom, may increase the maximum vertical bridge deck acceleration by as much
as a factor of three.

In this thesis, numerical analysis procedures for the computation of dynamic stiff-
ness functions describing the frequency dependency of the foundation-soil interface
have been explored under the assumption that the analysis can be performed using
linear theories alone. The numerical solution of the equations of motion of structural
systems, including such frequency dependent parameters, is performed using an in-
tegration scheme based on the discrete Fourier transform. Furthermore, preliminary
experimental work on a newly built portal frame bridge is described. This portal
frame bridge is subject to a case study in which the the computational techniques
mentioned above are applied on a two dimensional model of the bridge. Theoreti-
cally, the damping of the SSI is shown to give a large contribution to those modes
of vibration which excite the foundations much. These structural modal damping
ratios may be much larger than those prescribed by the design codes. Those modes
of vibration which do not excite the foundations much are similar to those obtained
using clamped or constant elastic boundary conditions and in these cases, the con-
tribution to the modal damping ratio of the structure is only a fraction of that
prescribed by the design codes. A very rough analysis of measurements taken from
the bridge indicate a similar behavior, but the amplitudes of vibration in many of
the estimated modes are quite small (in the order of the quantization error of the
measurement system) and therefore, the errors in the damping ratio estimates may
be substantial. The work with this thesis have raised many questions, the answers
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to which are believed to substantially improve our understanding of resonance phe-
nomena and also our possibilities to update numerical models of existing railway
bridges using dynamic measurements.

From the simplified analysis of a portal frame bridge performed within this project,
it has been concluded that when the elastic modulus of the soil is increased, the to-
tal structural damping ratio when dynamic SSI is included decreases. Furthermore,
with respect to vertical bridge deck accelerations, clamped boundary conditions are
certainly not conservative as compared with static and dynamic SSI.
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Sammanfattning

Jord-bro interaktion (SSI1) kan ge betydande bidrag till styhet och dämpning hos
vissa brotyper. Vid dimensionering kan dessa bidrag ha både konservativ och icke-
konservativ inverkan varför en ökad kunskap inom detta område kan leda till bättre
antaganden och modelleringsförutsättningar för utformning av nya järnvägsbroar.
När det gäller underhåll, klassning och uppgradering av existerande broar, kan en
ökad kunskap om de fenomen och parametrar som styr SSI leda till mer realistiska
modeller och därmed till bättre underlag för beslutsfattare och ägare eller förvaltare
av bansystem.

SSI tycks ha störst inverkan på korta och relativt styva konstruktioner såsom plat-
trambroar. Vid dynamiska analyser av denna brotyp har man funnit en mycket stor
känslighet för valet av randvillkor, där elastiska randvillkor på vertikala frihetsgrader
vid upplag, jämfört med fixa vertikala frihetsgrader, kan öka den maximala vertikala
accelerationen i brobanan med så mycket som en faktor tre.

I denna uppsats utforskas numeriska metoder för att beräkna de dynamiska styvhets-
funktioner som beskriver grundläggningskonstruktioners frekvensberoende beteende
under antagandet att linjär elasticitetsteori gäller. Numerisk lösning av rörelseekva-
tionerna för strukturer med sådana frekvensberoende parametrar utförs med hjälp av
en integrationsmetod baserad på den diskreta Fouriertransformen. Vidare beskrivs
preliminära resultat från dynamiska mätningar på en nybyggd plattrambro. Denna
plattrambro används i en fallstudie i vilken de ovan nämnda beräknigsmetoderna
appliceras på en två-dimensionell modell av bron. Därigenom visas teoretiskt att SSI
har en betydande inverkan på dämpkvoten hos de moder som har stora rörelser vid
ränderna. Dessa modala dämpningskvoter hos strukturen kan vara mycket större
än de som föreskrivs i bronormer. De moder som har mindre rörelser vid ränderna
liknar de som erhålls vid fast inspända eller elastiska (konstanta) randvillkor och i
dessa fall är bidraget till de modala dämpningskvoterna mindre än de av normen
föreskrivna. En mycket grov analys av mätdata från bron indikerar ett liknande
förhållande, men svängningsamplituderna är mycket små (i samma storleksordning
som kvantiseringsfelet hos mätsystemet) i många av de uppskattade moderna, varför
felet i dessa dämpningsskattningar kan vara betydande. Arbetet med denna uppsats
har väckt många frågor, vars svar kan komma att öka vår förståelse för resonans-
fenomen hos järnvägsbroar, men även vår förmåga att uppdatera numeriska modeller
med hjälp av dynamiska mätningar.

1Av engelskans Soil-Structure Interaction.

iii



En slutsats som följer av de förenklade analyser av en plattrambro som utförts
inom detta projekt är att om dynamisk SSI inkluderas i analysen, avtar den totala
dämpningskvoten hos strukturen då jordens elasticitetsmodul ökar. Vidare framgår
det tydligt av de utförda analyserna att fast inspända ramben ger vertikala acceler-
ationer i brobanan på osäkra sidan.
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Chapter 1

Introduction

A railway bridge is a mechanical system consisting of foundations and embankments,
the bridge and the track superstructure. Furthermore, it is well known that the
mass and the damping of the train influences the dynamic behavior of the bridge.
All the different sub-systems contribute to the dynamic behavior of the bridge,
which of course is most relevant to a structural designer. Obviously, this system is
complex and studies of the dynamic behavior of it must be combined with dynamic
measurements which include contributions from all of the previously mentioned sub-
systems. Ultimately, these measurements should be performed using known input,
i.e. by using rotating mass exciters or hydraulic force actuators.

Unfortunately, our possibilities to artificially excite this type of structures is limited
mainly because of issues related to accessibility. Railway bridges are often situated
in inaccessible areas without roads and power supply. Furthermore, the railway
traffic, which is active during all the hours of the day along most railway lines, can
not be disturbed. Therefore, for the time being, the best we can do is to use the free
vibrations after the passage of a train for analysis of the dynamic properties of the
bridge. Anyone who have had the opportunity to study such measurements from
railway bridges is familiar with the fact that the time signals taken directly after
the passage of a train, often do not have much in common with the results of linear
theories. For an example, the same mode of vibration can be estimated at frequencies
with a relative difference of say 5-10% and the viscous damping ratio (estimated by
techniques such as the logarithmic decrement) of the same mode of vibration can
vary with more than 100% between different train passages. Nevertheless, this type
of studies can and have been used to devise conservative design rules CEN (2008);
Banverket (2008), essentially by using lower bounds on measured damping ratios and
upper bounds on dynamic amplification factors ERRI (2000). Today many railroad
owners and managers wish to increase the maximum allowable train speed and axle
load so as to make better use of the existing railway infrastructure. Thus, for the
purpose of assessment of existing bridges, where more elaborate computations than
those used in design can be justified, an increased knowledge of the soil-bridge-
track system could be highly valuable. Furthermore, certain design assumptions
regarding the flexibility of the substructure lead to models which are very sensitive
to variations in the corresponding parameters.
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Figure 1.1: The vertical component of the dynamic stiffness function of typical shal-
low foundation of a railway bridge.
(a) The compliance function of a rectangular, rigid foundation on an
isotropic, homogeneous, soil stratum.
(b) The corresponding stiffness.
(c) The corresponding equivalent viscous damping ratio.
(d) The absolute value of the frequency domain representation of the
HSLM-A1 train for an element size of approximately 0.1m.
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An increased understanding of the dynamic behavior of railway bridges could also in-
crease our possibilities to successfully apply methods of model updating which in the
future will enable us to create advanced monitoring systems, perhaps even including
reliable damage detection algorithms. Also, many other engineering and scientific
disciplines use high performance computers to simulate their technical systems and
scientific problems. Thus, given that we can identify the relevant phenomena and
quantify the corresponding parameters, simulations of the global (soil-structure-
track-train) system could be our reality in a not too distant future. The computer
infrastructure is already available in the Swedish National Infrastructure for Com-
puting and the European project PRACE. However, we have a long way to go, but
the author is firmly convinced that many of the difficulties regarding experimen-
tal work on railway bridges could be worked around by making use of full-scale
simulations. Then, simple instrumentations could be used to verify the modeling
assumptions and a more cost efficient and general approach to the analysis of railway
bridge dynamics could be obtained. There are of course a number of issues which
have to be resolved before considering such an attempt. Therefore, this PhD-project
intends to identify the most important aspects of the soil-structure interaction of
railway bridges and to suggest relevant research topics for the nearer future. This
thesis however, is focused on one specific form of soil-structure interaction, namely
that between foundations and their surrounding soil. This is the simplest form
of soil-structure interaction but as will become apparent, the inclusion of it in a
dynamic analysis, is by no means a straight-forward task.

The main component of this thesis is the dynamic stiffness functions of shallow foun-
dations, which will serve as an illustration of what we can expect qualitatively from
including dynamic soil-structure interaction in our analysis. Details regarding these
functions can be found in sections 2.4 and 3.1. These functions are often given as
complex functions of frequency, derived by steady state analysis, but could of course
also be expressed in time. They are the inverse of the mechanical compliance, i.e.
displacement per force, and characterize the behavior of a foundation-soil system in
terms of stiffness (the real part) and energy dissipation (the imaginary part). Figure
1.1 (a) shows the compliance function of a rigid, rectangular foundation resting on
an isotropic, homogeneous soil stratum. The soil elastic modulus has been chosen in
accordance with the bulk modulus (Ek) used to estimate the long term settlements
of foundations during the design of new bridges. A common value for moraines (on
which shallow foundations are suitable) is 50MPa. This is a characteristic value
and it is a lower bound so as to give conservative estimates of the total settlement.
Today, this is the only quantity describing the elastic properties of the soil which
is directly available to the bridge designer and an important question is whether
this value will be conservative also in the context of dynamic stiffness functions. In
figure 1.1 (b) and (c), the corresponding dynamic stiffness function is shown and
clearly, the soil elastic modulus influences the qualitative behavior of the foundation
over the range of frequencies of interest. It is not immediately obvious whether a
low or high value of the soil modulus is conservative or not. The frequency domain
representation of the HSLM-A1 load system on a discretization with an element size
of approximately 0.1m is shown in figure 1.1 (d). The reader should note however,
that the distribution of the load over the frequency domain is dependent on the size
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CHAPTER 1. INTRODUCTION

of the elements. As the element size decreases, the approximation of the Dirac pulse
becomes better and accordingly, the peaks are spread over an increasingly wide fre-
quency range (this has a large influence on the computed accelerations, but is not as
severe for the displacements). The point is that for a more complicated foundation
with several soil layers, the compliance functions shown in figure 1.1 will have several
peaks (valleys in the dynamic stiffness function) which may give rise to unexpected
resonance phenomena if these compliance peaks are matched with groups of peaks
in the forcing function. However, as may be seen in figure 1.1 (b), the variation of
the dynamic stiffness function becomes smoother as the elastic modulus of the soil
is increased.

1.1 The main issues

Figure 1.2 summarizes the main issues which should be considered, in an attempt
to understand the soil-structure interaction of ballasted railway bridges. First of all,
one can identify three different forms of soil-structure interaction:

i. foundations - subsoil

ii. abutments - embankments, backfill and subsoil

iii. bridge superstructure - ballasted track superstructures

The first two types are closely related and differ in that the abutments often have an
interface towards soil materials not only under its foundation, but also towards the
track embankment in the direction along the bridge superstructure. Apart from the
more complicated geometry of an abutment, the variation in soil pressure against
the abutment and the stiffness which the embankment contributes with, may vary
significantly depending on the overburden pressure caused by a passing train and
on whether the soil pressure is active or passive. This is in turn dependent on how
the embankment material is compacted against the abutment. The third type of
soil-structure interaction mentioned above may have a significant effect on both the
stiffness and the damping of the system and should therefore also be given some
attention, especially in comparison with slab-track systems.

From a theoretical point of view, the dynamic behavior of foundations under normal
operating loads is the simplest form of soil-structure interaction in railway bridges.
Here, the strains are likely to remain small and if so, the linear theory of elasticity
is directly applicable. Therefore, this thesis will mainly be concerned with this form
of soil-structure interaction.

Soil materials are highly non-linear and their behavior depends on a number of
parameters such as grain size distribution, water content, void ratio, degree of com-
paction, elastic material properties and plastic material properties. However, at
small strains, soil materials may be modeled as linear elastic, an idealization which
is more accurate for cohesive soils than for friction soils. Whichever material model
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is assumed to be appropriate for the modeling of bridge foundations, the propagation
of waves in semi-infinite solids must be accounted for as it governs not only the mo-
tion of the foundation, but also the choice of the computational domain. Throughout
this thesis, the finite element method (FEM) has been used to discretize the equa-
tions of motion and the computational domains referred to are defined by the nodes
of a finite element mesh.

Closed form solutions for rigid plates on the surface of an elastic half-space or layered
half space may be derived with considerable analytical effort. Such solutions have
been published by Arnold et al. (1955); Bycroft (1956); Warburton (1957) and many
other researchers. However, in a more general context, for example in the case of
short span bridges, the wave fields generated by nearby foundations, may interact
and therefore a model which reflects this behavior may be needed. Furthermore, the
more complicated geometry of an abutment may probably not be well approximated
by half-space models since much of the interaction therein is towards the track
embankments which do not comply with the geometry of the half-space. Thus,
an important part of the work with this thesis has been to establish a framework
for creating finite element models of the soil structure interaction systems described
above. The generality gained in a purely numerical approach enables the inclusion of
effects such as embedment of foundation plates, soil inhomogeneities and modeling
of fairly general pile groups, with a considerable increase in computational cost.
Another aspect which has taken much time and not yet been properly resolved
in the present study is the issue of uncertainties in experimental estimates of soil
material properties.

Generally, when modeling the soil-structure interface of foundations, the soil mate-
rial properties constitute the most difficult task, as seen with the eyes of a structural

Figure 1.2: A summary of the main issues related to the soil-structure interaction of
ballasted railway bridges
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engineer. Often, the only available information is an angle of internal friction and a
compression modulus, derived from in-situ soil tests with the purpose of calculating
the ultimate load and the long-term settlement of the foundations. Therefore, this
compression modulus is likely to be underestimated, which may not necessarily be
conservative with respect to the dynamical behavior.

Within the present context, the sources of the loads acting on the soil are located
near the soil surface and waves generated there will travel away from the sources
and off towards infinity. Only a small amount of the energy which is introduced
by the source will reflect at boundaries between soil layers with different material
properties. The point at which the source acts, i.e. the foundation, will experience a
certain stiffness and damping, dependent on the stratification of the soil, its material
properties, the water table and the foundation geometry. As mentioned before, the
stiffness and damping of the foundation can be described by a complex function of
frequency (the dynamic stiffness function) in which the real part corresponds to the
stiffness and the imaginary part corresponds to the damping of the foundation. It
is common practice (within the field of geotechnical engineering) to use this type of
functions as boundary conditions on structural models, Fang (1991). In the time-
domain, this gives rise to a linear integro-differential equation for the motion of the
structure, in which the damping matrix is not proportional to the mass and stiffness
matrices as is often assumed or enforced in classical structural dynamics solutions.
The damping generated at the foundation-structure interface may cause the modal
damping ratios of certain modes (those which primarily excite the foundations) to
be much higher than the damping ratios caused by the material damping of the
structure itself. Therefore, the modes of vibration may, or may not, be well approx-
imated by the undamped modes of vibration and even if they are, their frequencies
and modal damping ratios must either be determined by simulated measurements
on the structural model or by solving the non-linear eigenvalue problem associated
with the previously mentioned integro-differential equation.

The author has only found one publication, Takemiya and Bian (2007) (which of
course inspired the author very much), describing analyzes similar to those presented
here. In that case, the authors used the so called cross-hole technique (see for
example, Fang (1991)) to determine the shear wave speed of the soil strata which
were modeled. Then, by taking soil samples and determining the soil density and
Poisson’s ratio, the soil shear modulus (at small strains) was known and all the soil
material parameters needed in modeling the foundations were available. This project
has not been endowed with the resources needed to perform such measurements and
therefore the elastic properties of the soil materials have been treated as unknown
parameters.

The non-linear properties of soil materials can explain certain aspects of the non-
linear behavior of railway bridges. Lately, some efforts have been spent on analyzes
which encompass the non-linear behavior of ballasted railway bridges. Rebelo et al.
(2008) studied the free vibrations of a number of ballasted, simply supported, con-
crete bridges and found a clear pattern in that the eigenfrequencies tend to decrease
and the modal damping ratio tend to increase with increasing amplitude of vibra-
tion. This is the principal behavior of soil materials subjected to cyclic strains
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& 10−4. However, a similar behavior have also been observed in cracked concrete
beams, Neild (2001). From an experimental point of view, these aspects of railway
bridge dynamics complicates matters in that the assumption of a stationary system,
which is often adopted in system identification procedures, no longer holds true. Ta
and Lardiès (2006) describes a method to identify non-linear oscillators by means of
continuous wavelet transforms. However, their approach presupposes a non-linear
model for the estimated oscillator which would have to be developed before the
wavelet transform approach can be implemented in experimental railway bridge dy-
namics. Rebelo et al. (2008) used a simpler approach to the time/frequency problem,
namely the short-time Fourier transform in which a window function is applied to a
short part of the free vibration signal, and then translated with a certain time step.
By doing so, the dynamic properties of the mode can be estimated at several points
in time and thereby, the amplitude dependency of the dynamic properties can be
studied.

Much of the dynamic behavior of railway bridges is dependent on the damping of the
system and the preceding discussion has already introduced three different sources
of damping in a railway bridge system which have their origin in soil-structure
interaction phenomena:

- Soil material damping

- Radiation damping

- Ballast material damping

These sources, together with all the other sources of damping in a railway bridge
system are mixed into the modal damping ratios available through dynamic mea-
surements. If instead, the structural stiffness is considered, the eigenfrequencies that
we estimate from measured data, are again affected by all the phenomena which in-
fluence the stiffness of the structural system. Having said this, the obvious strategy
is to try to de-couple these problems and study one phenomena at a time to de-
termine which are relevant, and then, how the relevant phenomena relate to each
other.

From the point of view of society, the outcome of any research project should lead to
economical benefits. In this field, the direct impact on society can only be measured
in terms of increased transport efficiency. This can be achieved by increasing the
allowable train speeds and axle loads on existing bridges, increasing the reliability
of existing and new systems and by investments in new, high-speed railway systems.
In terms of railway bridges as a component of a railway system, all of these aspects
of transport efficiency can be improved by increasing our knowledge of the structural
behavior under dynamic loads. Detailed knowledge about the phenomena described
here can improve our model updating schemes in two ways; first of all, it can give
qualitative information on which parameters and mechanisms which should be up-
dated and hence, must be adequately described by the model, and secondly, it may
provide better initial guesses for unknown parameters. Updated models provide us
with a basis for monitoring systems, which is a quite popular field of research today
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and they can also be used as analysis tools in the assessment of existing bridges.
Finally, the design rules are continuously adjusted to our increasing understanding
of the dynamic behavior of railway bridges. It is the authors belief, that an increased
understanding of the dynamic soil-structure interaction of railway bridges, can give
the responsible decision makers and norm administrators the tools to improve the
design rules so as to ascertain that they are conservative with respect to dynamics.

1.2 Aims and scope

The aim of this project is to obtain a general framework for modeling dynamic soil-
structure interaction phenomena in railway bridges. This licentiate thesis however,
aims at presenting some preliminary results regarding the foundation-structure in-
terface and its effect on the dynamic properties and the dynamic response of a portal
frame bridge. Much of the effort spent in doing so has been related to establish-
ing and solving the equations of motion of the structure and trying to resolve the
issues related to the uncertainties in the soil material parameters. To the authors
knowledge, the dynamic soil-structure interaction of railway bridges have not been
subjected to many academic studies. However, much has been done in analyzing the
seismic problem, which is the reversed problem since then waves of much higher am-
plitudes have been generated at a source some distance away from the structure and
are instead traveling towards and past the structure. These publications are mostly
concerned with ultimate limit state analysis and are not relevant in the present con-
text and therefore, no literature survey will be presented. Instead, references and
shorter surveys over specific areas of research will appear throughout the text. The
aims of this thesis can be summarized as follows:

- Create a finite element framework in order to compute the dynamic stiffness
functions of rectangular surface foundations in accordance with the theory of
linear elasticity. This is done using the commercial finite element software
ABAQUS.

- Develop a simple two-dimensional finite element frame program in which the
dynamic stiffness functions can be included as boundary conditions. This is
done using the mathematical software Matlab and also additional programs
implemented using FORTRAN.

- Study the effect of foundation-structure interaction on a portal frame railway
bridge subjected to passing trains.

- Make a preliminary analysis of data measured on the studied portal frame
bridge.

8



Chapter 2

Theoretical background

Incorporating soil-structure interaction in structural dynamic analysis within the
scope of this thesis necessitates a few concepts and ideas which, from a theoretical
point of view, are comparatively simple. The most wide-spread way of dealing
with soil-structure interaction is by first computing the dynamic stiffness functions
of the foundation and the soil and then to introduce these functions as boundary
conditions in a model of the structure, Fang (1991); Takemiya and Bian (2007).
The dynamic stiffness function of a given foundation is a complex-valued function
of frequency, the real part of which describes the stiffness and the imaginary part
describes the damping of the soil-foundation system. It is often assumed that the
foundation plate is rigid, and the soil-foundation system will then have the six
degrees of freedom of a rigid body. Furthermore, there exists a coupling between
the horizontal components and the rotation over the transversal horizontal axis, i.e.
the displacement ux is coupled with the rotation θy and uy with θx in a cartesian
coordinate system with the z-axis in the vertical direction. In a general case, where
three dimensional foundations must be modeled in order to compute their dynamic
stiffness functions, they generate computational problems of moderately large scale
and much of the issues which need to be dealt with are related to the number of
degrees of freedom and frequency steps needed to compute the dynamic stiffness
functions using the finite element method. In order to successfully compute the
dynamic stiffness functions by numerical methods such as the finite element method,
some basic knowledge about wave propagation in elastic solids is essential (section
2.1). Within the scope of this thesis, linearly elastic material models have been
used, but some concepts of dynamic soil material models (section 2.2) is necessary to
motivate this simplifying assumption. In section 2.3, a short review of the theoretical
modeling of foundations is given.

2.1 Wave propagation in elastic solids

The intention of this section is to introduce the basic terminology and theory needed
to model solids of infinite extent using the finite element method and a form of damp-
ing which is known as geometric or radiation damping. There are many textbooks
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on this subject and for further details, the reader is referred to Graff (1975); Kolsky
(1963); Kausel (2006), for example. This section is based on information taken from
these sources and no more reference to them will be made.

2.1.1 Waves in infinite solids

The equation of motion of a linearly elastic, homogeneous and isotropic solid (Navier’s
equation) expressed in cartesian coordinates is

(λ+ µ)∇∇ · u + µ∇2u + ρf = ρü (2.1)

where u is the displacement vector, λ and µ are the Lamé parameters, ρ is the density
and f is the vector of body forces. It may be shown that the solutions to Navier’s
equation can be decomposed in one dilatational (or volumetric) component and one
distortional (or shear) component. These two solutions generate dilatational waves
and shear waves which propagate at different speeds. In the seismological literature,
these waves are referred to as primary, P waves and secondary, S waves. Different
authors use different notations for these wave types and in this report, dilatational
and shear will be used. The dilatational wave speed is

cp =

√
λ+ 2µ

ρ
(2.2)

and the shear wave speed is

cs =

√
µ

ρ
(2.3)

Obviously, the dilatational waves are faster than the shear waves. These are the only
wave types which can propagate in a linearly elastic, homogeneous and isotropic solid
of infinite extent. A schematic picture of these two wave types and their directions
of particle motion and wave propagation is shown in figure 2.1.

The concept of radiation damping is perhaps best described by considering a small
source, generating waves inside an infinite solid. Since the waves will propagate
further and further away from the source, all the energy which is inserted into
the system at the source is removed from the source. This is also often referred
to as Sommerfeld’s radiation condition, or simply the radiation condition. In the
following section, layered solids and half-spaces will be considered. In this case,
waves may refract and reflect against the boundaries between different materials
and it will be shown that in such cases, only a very small amount of the energy
which is introduced at the source, may return to the source. Thus far, no material
damping has been considered and the energy of the source is thus dissipated solely
by the radiation of waves from the source. Material damping increases the amount of
damping experienced by the source, as illustrated in section 2.3, where the modeling
of shallow foundations is discussed at some depth.
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2.1. WAVE PROPAGATION IN ELASTIC SOLIDS

2.1.2 Waves in half-spaces and semi-infinite solids

A number of interesting phenomena occur when we instead of using the infinite
solid as a model, use semi-infinite solids such as layered solids and half spaces.
Plane waves will be used to classify and illustrate some of these phenomena. In a
vertical plane of a solid, three types of waves can be derived from the dilatational
and shear waves described in the precious section. The third type arises because
a shear wave can have its particle motion in two planes, thus generating either SH
(shear, or secondary horizontal) or SV (shear, or secondary vertical) waves.

We choose θ1 and θ2 as the angles between an axis normal to the surface of the solid
and the incident dilatational and shear waves, respectively. The term oblique is used
to describe waves which propagate towards the surface with angles θ1, θ2 ∈ [0, π/2)
(see figure 2.2).

A wave propagating towards the surface of a half-space at an oblique angle will
reflect against the surface. Depending on the type of wave, a phenomena called mode
conversion may appear, in which the impinging wave changes type when reflecting.
The simplest case of wave reflection is that of the SH wave which reflects as itself.
An incident P or SV wave is reflected as one P wave and one SV wave. The angles
of reflection differ between the P and SV waves as illustrated in figure 2.2. There
is of course much more to say about reflections against free surfaces and the reader
is referred to the literature for more details. At present, the given information will
suffice for our purposes. There is however another type of wave which can propagate

λ

Direction of particle 

motion

Direction of particle 

motion
Direction of wave 

propagation

Direction of wave 

propagation

λ

(a)

(b)

Figure 2.1: Directions of wave and particle motion for (a) dilatational waves and (b)
shear waves. After Frederick (1965).
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in a solid with a free surface. This is the Rayleigh wave (first described by Rayliegh
(1887)) which is a surface wave quite similar to that which appears on the surface of
water. The particle motion of Rayleigh waves is elliptic, but in solids, the direction
of the particle motion is counter-clockwise as opposed to the case of surface waves
in water. The amplitude of the wave decreases exponentially with depth and at the
depth 0.192λ, the particle motion reverses its direction. Rayleigh waves travel at a
speed somewhat lower than that of shear waves.

In layered solids, several other phenomena have been observed both theoretically and
experimentally. Apart from reflection and refraction against the interface between
different materials, two forms of surface waves have been named after their discov-
erers. The Stoneley (Love (1911); Stoneley (1924)) wave is similar to the Rayleigh
wave but propagates along the interface between two layers with similar shear wave
speeds. Love waves (Love (1911)) are SH waves which propagate within a layer.

2.2 Soil material models for transient analysis

General modeling of soil material behavior is a quite complex subject which, ulti-
mately, leads to non-associated elasto-plastic models of two or three phase systems
if the pore water pressure is taken into account. For transient analyzes of railway
bridges, the inclusion of all these effects would be very difficult. The difficulties
arise not only from the theoretical treatment of the analysis, but also from compu-
tational issues and the problems related to the determination of material parameters,
the number of which grows with the complexity of the material model. As have been
pointed out earlier, a rather large number of degrees of freedom are needed to model
the infinite extent of the subgrade. Generally, soil deposits are inhomogeneous in at
least one direction (the vertical direction) and in order to represent the spatial vari-
ation in the material parameters, a correspondingly fine grid of nodes must of course
be used. Adding a non-linear material behavior enforces iterative procedures and
may also introduce a certain degree of anisotropy, thus increasing the computational
cost even more.

In order to obtain meaningful results even with the simplest possible linearly elastic
material model, reliable estimates of the soil material properties are required. This
could be achieved by using methods such as the down- up or cross-hole methods (see

reflected

SVreflected

SVincident

SVreflected

reflected

Figure 2.2: The reflection of oblique (a) P and (b) SV waves against the surface of
a half space. After Graff (1975).

12
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for example Fang (1991)) which are well known by the geotechnical engineers. In the
present case, one may also argue that since we are not interested in the propagation
of waves at some distance from the source, but mainly in the attenuation of the
motion of the source, we only need detailed information about the soil deposit in
the near vicinity of the bridge foundations. Variations in the soil material properties
some distance away from the source are not likely to influence the gross elastic and
dissipative behavior of the motion of the source unless the difference between the soil
stiffness changes very abruptly and thereby gives rise to heavy reflections of waves.
Nevertheless, some aspects of the material models commonly used in geotechnical
analyzes of transient loads on soil materials is necessary in order to justify the use
of linearly elastic materials and to determine when one has to move on to more
complicated material models.

2.2.1 General

The modeling of soil materials subjected to transient loads is a formidable task and a
general discussion of this subject can be found in textbooks such as Ishihara (1996);
Kramer (1996); Zienkiewicz (1999). Soil materials are best described by the theory
of plasticity and then by non-associative kinematic hardening materials. Ishihara
(1996) gave some bounds on the strain levels between which different levels of model
complexity is appropriate. These are presented in table 2.1 below. Apart from
giving these bounds, Ishihara (1996) also gave some recommendations regarding the
integration of the corresponding material models. In the linear case, the material
model does of course not constitute an issue. For strains yielding small plastic effects,
the so called equivalent linear method (see for example Lysmer et al. (1975); Idriss
and Bolton Seed (1967)) can be used and when the strains reach values at which the
plastic effects are dominant or failure mechanisms become relevant, fully non-linear
schemes such as Newton’s method must be used. The equivalent linear method is
valid for small non-linearities and is based on a linearization of the material model
around the current state of stress and strain. Thus, some iterations are needed in
order to enforce equilibrium in the system, but the formulation of the numerical
scheme is somewhat simpler than in a fully non-linear scheme.

Apart from the plastic behavior of soil materials, their granular nature gives them
another source of material non-linearity. This effect is caused by the fact that it is
friction forces between the different soil particles which give a soil its stiffness. Thus,

Table 2.1: Soil behavior at different levels of strain and appropriate material models.
After Ishihara (1996).

Shear strain 10−6 10−5 10−4 10−3 10−2 10−1

Wave propagation,
vibrations

Cracks,
differential settlement

Slide, compaction,
liquefaction

Material model elastic elasto-plastic failure
Integration method linear eq. linear non-linear
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the stiffness of a soil material is highly dependent on the mean effective stress, i.e.
the inter-granular normal stress. As long as the compressive and shear strength
of the material is not exceeded, an increasing mean effective stress leads to an
increasing stiffness because the contact surfaces between the grains increases. This
(non-linear) elastic behavior is often described by spheres in a cubic configuration,
subjected to a uniaxial compressive stress (see for example Richart Jr. et al. (1970);
Kramer (1996)) and is of course over-simplified. However, it does serve as a simple
enough model to illustrate the effect. Hardin and Drnevich (1972b,a) gathered much
information about the stiffness and damping of soil materials with the purpose of
determining which factors influence these parameters the most under cyclic loads.
They found that the void ratio, the over-consolidation ratio and the mean effective
stress were most influential on these properties. The shear modulus at small strains,
G0, can be described with an empirical equation of the following form

G0 = Cf1(e)f2(OCR)(σ′0)n (2.4)

where C and n are material specific constants, e is the void ratio, OCR is the over-
consolidation ratio and σ′ is the mean effective stress. The functions f1 and f2 are of
course also dependent on the material. Many relations of the form given in equation
(2.4) above exist in the geotechnical literature but, as discussed below, they are of
little use in the present context.

In an analysis of the dynamic response of a railway bridge under normal operat-
ing loads, where the soil-structure interaction is restricted to the foundations, the
void ratio can probably be assumed to remain constant and the variation in mean
effective stress induced underneath the foundations are in the order of kPa. The
over-consolidation ratio is difficult to estimate as it depends on the load history
of the soil deposit. Therefore, even if the soil layers are known from soundings
and other tests, it is difficult to estimate the stiffness of each soil layer. The most
straight-forward way of obtaining this information is by using dynamic measure-
ments i.e. cross-hole techniques. Thereby, the low strain shear modulus can be
estimated given that the densities at each depth and the water table are known.
The next issue is the plastic behavior of the soil under the foundations. For strains
less than ∼ 10−4 Richart Jr. et al. (1970); Ishihara (1996), the soil material behavior
is nearly linearly elastic and thus, the linearly elastic, viscoelastic (Kelvin) or the
so called hysteretic (rate-independent Kelvin) material models may be used. These
material models will be discussed in some depth below, followed by a short review
of the available non-linear models of the theory of plasticity.

2.2.2 The Kelvin solid

For small strains, a constitutive relation which reflects the material damping of soils
is available in the viscoelastic material models. These have been used to model
foundations by authors such as Kobori et al. (1971); Veletsos and Verbic̆ (1973);
Veletsos and Nair (1974); Luco (1976). Viscoelastic material models can be described
mathematically by springs and dampers in parallel and/or serial connections, see for
example Christensen (1982). The Kelvin model, consisting of a spring and a damper
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connected in parallel, is the simplest viscoelastic material model. The stress-strain
relationship for this material model in the time domain is

τ = µγ + µ′γ̇ = µ [γ + ηγ̇] (2.5)

where µ and µ′ are the shear and loss moduli, respectively and η = µ′/µ is the loss
factor (or loss coefficient). The loss factor is related to the damping ratio of the
material model according to

η = 2D (2.6)

By taking the Fourier transform of this relation, the corresponding relation in the
frequency domain is obtained:

τ = (µ+ iωµ′)γ = µ [1 + iωη] γ. (2.7)

The frequency domain representation of the Kelvin solid shows that the damping
term is proportional to the frequency of the motion. Furthermore, the frequency
domain representation of the stress-strain relation indicates that the viscoelastic
response may be obtained from the elastic response simply by exchanging the real
modulus of the elastic material with the complex modulus of the viscoelastic ma-
terial. This is often referred to as the ’correspondence principle’, which appears
to have been first described by Read (1950), and in the time domain it may be
represented by a differential operator

µ+ µ′
∂

∂t
= µ

[
1 + η

∂

∂t

]
. (2.8)

The cyclic stress-strain relation of the linear viscoelastic materials is given by an
ellipse (Kolous̆ek (1973); Ishihara (1996)). Assuming that a differential element of
the material, represented by a spring and a dashpot, is excited by a harmonic force
with the circular frequency ω we have

γ = γ0 sin(ωt− φ) (2.9)

where γ0 is the amplitude of the oscillating strain and φ is the phase angle caused
by the damping. Introducing equation (2.9) in equation (2.5) one obtains

τ = γ0µ [sin(ωt− φ) + ωη cos(ωt− φ)] (2.10)

which indeed, together with (2.9), describes a parametrized ellipse in the γ-τ plane,
with the time t as parameter (see figure 2.5).

2.2.3 The rate-independent Kelvin solid

As have been described in the previous section, the damping of a viscoelastic mate-
rial is linearly dependent on the frequency of vibration. Most materials, including
soils, concrete and steel exhibit a material damping which is independent of the
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frequency of vibration or strain rate. The perhaps most straightforward way to ob-
tain a damping model which is independent of the frequency of vibration is to use a
modified version of the Kelvin solid in which the frequency dependency is eliminated
by simply removing the factor ω in equation (2.7) and changing the dimensions of
the material parameter µ′ accordingly

τ = (µ+ iµ′)γ = µ [1 + iη] γ = µ [1 + i2D] γ. (2.11)

The damping model described by equation (2.11) has one major drawback in that
the impulse response function corresponding to a single-degree-of-freedom system in
which (2.11) is used is non-causal, i.e. there is a response for t < 0 Milne (1985).
The non-causal response grows with the loss factor and becomes disturbing at values
of the loss factor greater than 0.1 which corresponds to a damping ratio of 0.05 (see
figures 2.3 and 2.4). This is at the upper limit of the commonly encountered material
damping ratios relevant to the subject at hand and consequently, this damping
model is applicable. This form of damping is often referred to as hysteretic damping
in the geotechnical literature. This deserves some clarification as it may cause
unnecessary confusion. All dissipative systems exhibit some form of hysteresis. Even
the viscously damped oscillator gives a force-displacement or stress-strain relation
(an ellipse) in which the loading and reloading curves are different. In the case
of linearly elastic materials, this effect is caused by the phase difference between
the stress the strain and in the elasto-plastic case, it is caused by the non-linear
stress-strain relation which at the same time induces a certain amount of energy
dissipation. In structural dynamics, this form of damping is often referred to as
structural damping. In the author’s opinion, the term rate-independent gives the
best description, but all three terms may appear interchangeably in this thesis.

Molenkamp and Smith (1980) studied two cases of viscoelastic, frequency indepen-
dent (hysteretic) damping on a shallow foundation; the case where only the distor-
tional component is damped and the case in which both the distortional and the
dilatational components are given the same damping ratio. They concluded that
in the low frequency range, considerable differences may occur in the damping of
the rocking mode and that the case in which the distortional component alone is
damped gives the lower damping ratio. Thus, for low frequencies, it is conservative
to ascribe the material damping only to the distortional component.

2.2.4 Non-linear models

In this section, a short description of two common models used to describe the
hysteretic nature of soil materials under dynamic cyclic and transient loads. A
simplified approach which has been extensively used in soil dynamics is the so called
equivalent linear model (Idriss and Bolton Seed (1967); Lysmer (1978)). In this
method, a shear stress-strain relation such as the hyperbolic model for an example,
is used to estimate the shear modulus and damping ratio for each element of the
(finite element) model at a given time step. The shear strains are computed using
the linear formulation and these values are used to estimate a new set of moduli
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Figure 2.3: This figure shows the unit impulse response functions of two single degree
of freedom systems in the frequency domain, one in which the traditional
viscous damping model is used and one in which the so called hysteretic
damping model is used.
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and damping ratios. This procedure is iterated until convergence and a new time
step is begun. Of course, this simple approach cannot predict plastic deformations
but could probably be quite useful in cases such as the present in which permanent
deformations are of secondary interest.

Two purely non-linear models which have been used to analyze transient loads on
soils and foundations will be described shortly. The first of these is the Masing-
type hysteretic models in which the hysteresis loops are artificially constructed in
accordance with Masing’s rules or Masing’s extended rules. The second is referred
to as either Iwan or Mróz models. Iwan (1967) and Mróz (1967) seem to have
published very similar approaches to an elasto-plastic material model, capable of
describing complex loading histories such as cyclic and transient loads at the same
time. However, before attending to these descriptions, a few concepts of non-linear
stress strain relations must be introduced. It should also be stated that the following
discussion is limited to non-degrading material behaviors, i.e. no behaviors related
to the failure of the materials will be considered.

Soil materials have a strain-weakening behavior which may be illustrated schemat-
ically as in figure 2.5 (b). The curve OA belongs to what is referred to as the
backbone curve which is obtained by monotonic load tests. When a load is applied
to an unloaded specimen, the stress-strain path will follow the backbone curve. On
unloading and subsequent loading, the stress-strain path will follow paths referred to
as loading and unloading paths. During cyclic (steady state) loads, the loading and
reloading curves form closed loops, referred to as hysteresis loops. Numerous math-
ematical models have been proposed to describe the backbone curve. Among these,
the hyperbolic (Kondnor and Zelasko (1963)) and the Ramberg-Osgood (Ramberg
and Osgood (1943)) models are often cited.

Masing (1926) described a method to introduce the hysteretic behavior of elasto-

(a) (b)

backbone curve

Kelvin solid Hyperbolic model

O

A

B

unloading

reloading

τ

γ

τ

γ

Figure 2.5: (a) The hysteresis loop of the Kelvin solid subjected to a cyclic load.
(b) The hysteresis loop of the hyperbolic model subjected to a cyclic
load.
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plastic materials by forcing the stress-strain relation to follow certain rules. The
models derived on basis of Masing’s rules are often referred to as cyclic soil material
models. These rules may be stated as follows:

i. From an unstrained state, the stress-strain path follows the backbone curve

ii. If stress reversal occurs, i.e. when the strain rate changes sign, the stress-strain
path follows either of the curves defined by equations (2.12) and (2.13)

τ − τa
2

= f

(
γ − γa

2

)
(2.12)

τ + τa
2

= f

(
γ + γa

2

)
(2.13)

Pyke (1979) and other researchers found that this simple model could be improved
by introducing two additional rules (then referred to as Masing’s extended rules):

iii. If during unloading or reloading, the strain exceeds the past maximum or min-
imum strain, the stress-strain path follows the backbone curve until the next
stress reversal

iv. If during unloading or reloading, the stress-strain path crosses the path of a
previous cycle, the stress-strain path follows the path of that previous cycle

Mróz (1967) and Iwan (1967) independently published a very similar approach to
the problem of kinematically work-hardening materials, both based on the use of a
set of friction and spring elements in either series or parallel. The main idea of this
approach is that the backbone curve is represented by a multi-linear curve which
can easily be adjusted to experimentally determined backbone curves. The general
approach of this model makes it favorable in comparison to the Masing approach in
several aspects:

- It may be generalized to several dimensions

- The hysteretic nature of the material response is inherent in the constitutive
model

- It may be generalized to various flow and hardening rules

2.3 Theoretical modeling of foundations

The interest for modeling the dynamics of foundations began in the early 1930’s,
and several authors published articles treating the steady-state motion of circular
plates on an elastic half-space with various assumptions regarding the mass of the
foundation and the stress distribution underneath it. Much effort has been given to
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solutions applicable for machine foundations and certain seismic design problems.
However, the complexity of the mathematical analysis involved in solving problems
of this class led to semi-analytical approaches in the 1960’s and to full numerical
approaches with the introduction of the finite element method during the 1970’s.

A common approach to the modeling of foundations is to assume that the plate or
pile cap is a rigid body. Thus, the structure-foundation interface consists of the
six degrees of freedom of a rigid body. In these systems, the vertical translation
and the torsional components are uncoupled whereas the rotation and horizontal
displacement in the two vertical planes are coupled. To be more precise, the ux (uy)
displacement is coupled with the rotation θy (θx) around the axis in the transversal
direction of the displacement. The main issues regarding the numerical treatment
of this class of problems is the infinite extent of the computational domain and
the two spatial scales involved. The stiffness of the soil can be approximated fairly
well simply by taking a computational domain which is very much larger than the
structure. The radiation condition however, can not be fulfilled on such a truncated
computational domain unless some artificial boundaries are introduced and many
researchers have devoted their time to solve these issues. These issues are thoroughly
discussed by Belytschko and Hughes (1983) and a complete review of the subject
up until 1992 is given by Bettess (1992). Since then, many researchers from vari-
ous fields of science and engineering have developed a quite extensive collection of
methods for treating the radiation condition in truncated computational domains.
If the duration of the load is very short, an extended model could probably give
useful results, as long as the waves generated within the model are not allowed to
reach the boundaries. At that point in time, waves will begin to reflect against the
boundaries (spurious reflections) and eventually interact with later waves or even
with the source itself. A certain amount of material damping is always present and
could of course make the situation somewhat better. However, the issue of two spa-
tial scales forces the analyst to adapt the discretization of the soil to the smallest
wavelengths and the size of the computational domain to the largest wavelengths.
Therefore, a comparatively large number of degrees of freedom are needed even for
the simplest foundation/soil configuration.

2.4 Shallow foundations

Shallow foundations are generally used when the subgrade is of good quality and
in the case of railway bridge foundations, rectangular plates embedded in the top
surface layer are commonly used. They are also often used for machine foundations
and from a theoretical point of view, they are comparatively simple and amenable
to analytical methods. However, even for this simple geometry, analytical solutions
for a general shallow foundation can not be obtained, but instead numerical or
semi-analytical methods must be used to estimate the dynamic stiffness of the soil-
structure interface. In this section, a short review of the theoretical work on shallow
foundations is given in section 2.4.1 and some of the experimental work which has
been done on shallow foundations is presented in section 2.4.2. A semi-analytical
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solution to the problem of a rectangular plate on a viscoelastic stratum is reviewed
in some detail in section 2.4.3. This solution has been used to validate the results of
the finite element analysis of the shallow foundations of the case studies on which
the main results of this thesis are based. As described in the following sections,
two factors have been shown to have a large influence on the dynamic behavior
of a shallow foundation, namely the variation of the soil elastic modulus with the
confining pressure and the embedment of the foundation plate.

2.4.1 Theoretical work on shallow foundations

The theoretical analysis of dynamic soil-structure interaction began with the work
of Reissner (1936), who presented a solution to the problem of vertical steady state
vibrations of a rigid circular plate (or rather, a uniform stress distribution) on an
elastic, homogeneous and isotropic half-space. Sung (1953) solved the same problem
for three different stress distributions, one corresponding to a rigid plate, a uniform
and a parabolic distribution. Approximate solutions to all the degrees of freedom
of the circular rigid plate in steady state vibrations was derived by Bycroft (1956),
who also gave a solution for an elastic layer on a rigid half-space. In the article pub-
lished byArnold et al. (1955), the theoretical work of Bycroft (1956) was validated
by experiment and good agreement was found using rubber as an elastic medium.
However, experiments on real foundations (see also section 2.4.2) revealed that the
theory described above can not predict the behavior of shallow foundations properly.
The reason for this lies mainly in the non-linear material behavior of soils and the
embedment of the foundation plate which is discussed by Novak (1960); Weissmann
(1966); Novak (1970) and others. The non-linear behavior appears to have been
first recognized by H. Lorenz, who published his work within the subject in several
journals and books (see for example Lorenz (1953)). The predominant approach
to the non-linear behavior during this time was based on single degree of freedom
systems in which the non-linear effect was introduced by means of a non-linear,
displacement-softening spring. This is in lieu with the non-linear behavior of soil
materials (see section 2.2) and will probably, in the author’s opinion, be useful also
in future analyzes of soil-structure interaction, given that appropriate displacement-
force relations can be determined. Such an approximation may become very useful
in transient analyzes such as that proposed in later sections of this thesis.

This far, the elastic half-space and the elastic stratum has been considered and the
geometry of the foundation was constrained to circular plates, giving enough mathe-
matical symmetry to yield analytical or approximate analytical solutions. However,
the development of the theory for the foundation-soil interaction problem still poses
severe restrictions on the applicability of the theory on a general case, in which the
layered nature of soil deposits and the dependence of the soil elastic moduli on the
confining pressure may have considerable influence on the stiffness and damping of
the soil/foundation system. Several approaches have been taken to tackle this more
general problem by numerical methods. A semi-analytical solution to the problem of
a rectangular plate on a viscoelastic half-space or stratum was suggested by Kobori
et al. (1971) (see section 2.4.3). Lysmer and Kuhlemeyer (1969) devised an absorb-
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ing boundary to represent the radiation condition in numerical schemes such as the
finite element method (see also section 3.1.1). Wong and Luco (1976) devised an
integral equation approach to analyze surface foundations of arbitrary shape based
on the existence of solutions for square foundations. They used these solutions in
a Green’s function approach, similar to the boundary element method. The thin
layer method was introduced by Lysmer (1970) and further developed mainly by
E. Kausel, see for example Kausel (1994, 2006). In this method, the equation of
motion is solved on thin horizontal layers which are then combined in a method re-
sembling the finite element method. They have also been used to model the radiation
condition on conventional finite element models Kausel et al. (1975). A boundary
element method was used by Gazetas and Tassoulas (1987b,a); Hatzikonstantinou
et al. (1989); Fotopoulou et al. (1989) to study the horizontal and rocking stiffness
and damping of arbitrarily shaped embedded foundations. The main drawback of
boundary element or boundary integral methods is that since one spatial dimension
is eliminated in the derivation of the Green’s function, spatial variations in the mate-
rial properties are not easily included. Nevertheless, G. Gazetas and his co-workers
produced many useful results for a first approximation of more general cases (and
of course direct applicability where the simpler soil configurations comply with the
soil deposit at hand). In the handbook edited by Fang (1991), many of these results
and a comprehensive review of the available solutions is readily available.

Most theoretical relations describing the dynamic stiffness functions of shallow foun-
dations are presented in form of diagrams, since they have been obtained by numer-
ical computations. In most cases, they are presented in dimensionless form, but the
frequency scale is often chosen so that all the interesting resonances can be seen, but
not much more. Therefore, it is difficult to use them in computations with transient
loads where a wider frequency range than that reported and a small frequency step
is needed.

2.4.2 Experimental work on shallow foundations

Early experimental work on shallow foundations by Novak (1960), showed that the
response of a shallow foundation subjected to vertical vibrations is slightly non-
linear, depending on the amplitude of vibration. He showed that the natural fre-
quency of a shallow foundation decreases with the amplitude of vibration, which
is coherent with the cyclic stress-strain relation of soil materials (section 2.2.4).
He also described some analytical procedures to include this weak non-linearity in
single-degree-of-freedom systems. As a first approximation (for a material with an
odd stress-strain relation), he used the secant modulus of the stress-strain (force-
displacement) relation in the case of steady state vibration. The experiments com-
prised embedment of the foundation in an undisturbed soil and various levels of filler
material between the foundation side walls and the surrounding soil material. It was
found that both the natural frequency and the damping ratio increased more in the
case of undisturbed soil. A decade later, Novak (1970) gathered information from a
number of experiments and concluded that the theory of a rigid body resting on an
elastic half-space provides a qualitative, but not quantitative representation of the
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phenomena. The resonant amplitude observed in the experiments was consistently
larger than the theory predicted. In order to properly include the effect of embed-
ment and inner friction1 in theoretical analyzes, Novak placed his hopes to methods
such as the finite element method.

Fry (1963) performed extensive experiments on circular plates on two different sites
with homogeneous soil deposits consisting of silty clay and sand, respectively. Circu-
lar concrete plates of diameter varying between approximately 270 and 490 cm were
excited by rotating eccentric masses. Displacements up to a few millimeters were
obtained at resonance and a clear tendency of a decrease in the resonant frequencies
with increasing amplitude of vibration was observed also in the rotational degrees
of freedom.

The experimental work made by Fry (1963) was analyzed by Weissmann (1966),
Richart Jr. and Whitman (1967) and later also by Novak (1970), who compared
the experimental results with theoretical analyzes of the shallow foundation prob-
lem. Richart Jr. and Whitman (1967) focused on the amplitude of vibration and
concluded that, in the context of machine foundations, the non-linear effects can be
ignored as the amplitude of vibration at which the non-linearities become relevant
are much too high to enable a satisfactorily operating machine. Furthermore, a sub-
stantial discrepancy between experiment and theory for the rocking mode was found
in that the experimental rotation was greater than the theoretical and the resonance
occurred at a lower frequency than the theoretical. It was suggested that this dis-
crepancy had its origin in shear failures2 in the soil along the edges of the circular
plate, where the stress can become very high. Thereby, the contact surface of the
foundation would be smaller than anticipated and as the rotation is proportional to
the inverse of the cube of the plate radius it seems like a reasonable explanation.

Drnevich and Hall Jr. (1966) studied the vertical motion of a circular footing sub-
jected to transient loads in laboratory conditions. They obtained reasonable agree-
ment with theory by taking a shear modulus, based on empirical relations for the
shear speed, in which the confining pressure due to the weight of the soil and the
overburden pressure was approximately taken into account. The shear wave speed
was calculated using the sum σs0 + ∆σv of the geostatic stress σs0 and the change
in vertical stress caused by the overburden ∆σv. This approach is clearly described
also by Richart Jr. et al. (1970). According to these sources, the shear wave speed
should be related to the minimum of the sum σs0 + ∆σv

cs = cs0

[
(σs0 + ∆σv)min

σs0

]0.25

(2.14)

where cs0 and σs0 are taken at the depth where σs0 + ∆σv is minimum, Gazetas
and Stokoe (1991).

Experiments performed in laboratory conditions (Erden (1974)) were used by Dobry
et al. (1986) to verify the modeling of arbitrarily shaped foundations described in a
companion paper, Dobry and Gazetas (1986). For circular, square and rectangular

1the author has assumed that the notion of inner friction refers to the soil material non-linearities
2Or rather, plastic deformations (author’s remark).
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foundation plates, the error between the predicted and measured stiffness and damp-
ing coefficients was bounded by 20% in all degrees of freedom. Dobry et al. (1986)
were aiming at an engineering method for predicting the stiffness and damping of an
arbitrarily shaped foundation plate and thus, their discussion includes many useful
simplifications in adapting the available theories to the experiments.

Gazetas and Stokoe (1991) took the analysis described in the previous paragraph
one step further, including the effect of embedment of the foundations plate. In
choosing a representative value for the soil modulus, equation (2.14) was used in the
case of vertical excitation and in estimating the rocking-swaying mode, the shear
wave speed was calculated on basis of the discrepancy in eigenfrequency between the
theory and the experiments of Erden (1974). Gazetas and Stokoe (1991) concluded
that this attempt to incorporate the effect of embedment in a theoretical model
based on a plate on the surface of a homogeneous soil stratum is difficult, but useful
within the limitations of ”engineering accuracy”.

In the three attempts to validate available methods of predicting the dynamic prop-
erties of the foundation-soil interface described above, the theoretical models were
based on the assumption of a homogeneous half-space. In making these models fit
the experimental data, the soil modulus was adjusted in different ways for different
modes of vibration. The importance of an appropriate choice of the variation of the
shear modulus is also evident from experiments performed on single piles (section
2.5).

Poisson’s ratio may, according to the theories, also have a large influence on the
dynamic properties of the soil-structure interface, especially for the rocking modes
see for example Bycroft (1956). However, this parameter was fixed in all the exper-
iments which have been considered here. More experiments have been performed,
but the documents describing them have not been available to the author.

The author’s conclusions, based on the available experimental work on shallow foun-
dations are that

- The resonant amplitude of vibration of a foundation model based on the elastic
half-space may be underestimated

- The influence of the confining pressure and other non-linear material properties
of the soil may be considerable and cause different effects in different modes
of vibration

- At high amplitudes of vibration, the non-linear behavior of the soil has a
measurable influence on the resonance frequencies and damping ratios of the
foundation-soil system

- The non-linear behavior of common foundation-soil systems constitute a weak
non-linearity whereby simplified methods for non-linear analysis (perturbation
methods or the equivalent linear method, for example) may be appropriate if
it is found relevant for bridge foundations
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- Experiments on full-scale foundations on soil deposits of relevant complexity
is necessary to fully understand how these effects can influence the behavior
of a railway bridge

- For design purposes, at least in the preliminary stages, many useful relations
which have been adjusted to the experimental findings are available in the
literature

2.4.3 A rectangular foundation on a viscoelastic stratum

In subsequent sections, finite element models will be used to calculate the dynamic
stiffness of shallow foundations and for this purpose, a reference solution is needed for
the validation of these numerical models. The choice of mesh density and the geome-
try of the computational domain must be based on some analytical or semi-analytical
solution so that further detail can be introduced with some level of confidence. For
this reason, the solution of a rectangular foundation on a viscoelastic stratum due
to Kobori et al. (1971) will be described in some depth as it has been used for the
validation of models of shallow foundations. Apart from validating numerical mod-
els of more complicated geometries, the analytical work which is available in the
literature also gives insight in the fundamental parameters and phenomena which
are relevant to this group of problems.

The equation of motion of a homogeneous and isotropic, linearly viscoelastic solid
may be obtained by combining the equation of motion of the elastic solid (2.1) and
the Kelvin material differential operator (2.8)(

λ+ µ+ (λ′ + µ′)
∂

∂t

)
∇(∇ · u) +

[(
µ+ µ′

∂

∂t

)
∇2 − ρ ∂

2

∂t2

]
u = 0. (2.15)

The Kelvin material operator may be applied to both of the Lamé parameters λ
and µ though different assumptions regarding the viscosity of the two parameters
occur in the literature. Some authors ascribe all the damping to the distortional
component of the motion whereas others have chosen to divide it between the two
(see section 2.2.3).

In solving equation (2.15) with boundary conditions corresponding to the given
problem, the spatial coordinates in the horizontal plane and the time are transformed
to the wavenumber/frequency domain where the boundary conditions are applied.
At the bottom of the stratum (z = H) all the displacements are zero u = v = w = 0.
At the top of the stratum (z = 0) the boundary Γ is divided into two parts

Γ = Γf + Γ∞ (2.16)

with

Γf = |x| ≤ b ∩ |y| ≤ c (2.17)
Γ∞ = |x| > b ∪ |y| > c (2.18)

i.e. Γf is the area of the foundation and Γ∞ is the rest of the surface.
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Figure 2.6: Comparison between the semi-analytical solution due to Kobori et al.
(1971) and the corresponding FEM solution for the vertical compliance
of a square plate on a viscoelastic stratum.
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Figure 2.7: Comparison between the semi-analytical solution for the vertical com-
pliance of a square plate on a viscoelastic stratum due to Kobori et al.
(1971) and a FEM solution where the foundations is modeled as a rigid
plate.
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On Γ∞ all stress components are zero and on Γf, the stresses are assumed to be
evenly distributed in the case of translational excitation

σz =

{
0 x, y ∈ Γ∞

−qV eiωt x, y ∈ Γf
, τxz = τyz = 0 (2.19)

τxz =

{
0 x, y ∈ Γ∞

−qHeiωt x, y ∈ Γf
, σz = τyz = 0 (2.20)

and linearly distributed in the case of rotational excitation

σz =

{
0 x, y ∈ Γ∞

−qR x
b
eiωt x, y ∈ Γf

, τxz = τyz = 0. (2.21)

It would be more realistic to assume that the foundation slab is infinitely stiff,
but this assumption would lead to a mixed boundary value problem which is more
difficult to solve.

Having solved the differential equation described above, a complex function of fre-
quency for each degree of freedom, which describes the displacement/rotation due
to the corresponding unit loads is defined by the ratio of the temporal Fourier trans-
forms of the displacement, evaluated at the center of mass of the foundation plate
and the load. This quantity is a mechanical compliance, Cn(ω) and is thus defined
by the relation

un(ω) = Cn(ω)Qn(ω) (2.22)

where Qn(ω) is the temporal Fourier transform of the load acting on the rigid foun-
dation plate which is given by integrating the applied stress (equations 2.19, 2.20
and 2.21) over the foundation area. Here, n = H, V,R where H,V and R denotes
horizontal, vertical and rotation (or rocking), respectively. The quantity C(ω) has
the unit m/N and is the inverse of the dynamic stiffness. Now, the compliance
functions of the foundation can be written

C = f1 + if2 =
1

k + ia0c
(2.23)

where the stiffness k and the equivalent viscous dashpot c functions are given by

k =
f1

f 2
1 + f 2

2

, c = − f2

a0(f 2
1 + f 2

2 )
(2.24)

and a0 = ωb/cs is a non-dimensional frequency parameter.

Figure 2.6 shows a comparison between the semi-analytical solution due to Kobori
et al. (1971) and a finite element solution produced by the author using the com-
mercial software ABAQUS (see section 3.1).

The effect of applying only stress boundary conditions on the surface of the stratum
is illustrated in figure 2.7 where a finite element solution of the vertical compliance
of a square foundation in which the load was applied via constraints enforcing a rigid
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foundation is compared to the solution due to Kobori et al. (1971). Obviously, the
assumptions adopted by Kobori et al. (1971) overestimates the vertical compliance
and consequently, they lead to an underestimation of the vertical dynamic stiffness.
The dynamic stiffness functions are compared in appendix A where one may also
note that the observations made above only hold true for the translational degrees
of freedom whereas for the rotations, the opposite holds true.

2.5 Pile groups

The geometry of a pile group is much more complicated than that of a shallow foun-
dation. Apart from this, complications arise due to the soil-pile interface at some
distance from the pile cap and downwards. Here, the displacements of the pile cap
give rise to a certain gap between the piles and the soil due to plastic deformations
of the surrounding soil. Furthermore, settlements of the soil underneath the pile
cap lead to a gap appearing between the pile cap and the soil. These effects are
illustrated by figure 2.8, which shows a comparison between theoretical and exper-
imental results from a pile group consisting of four piles, subjected to a harmonic
horizontal load, Novak (1987). Furthermore, Novak (1987) shows that the variation
of the soil modulus with depth has a large influence on the behavior of the model.

Figure 2.8: The horizontal displacement of a group of four vertical piles as function
of the exciting frequency. Comparison between theoretical results using
different assumptions regarding the variation of the soil shear modulus
with depth and experimental results. Copied from Novak (1987).
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The three different theoretical frequency responses (labeled A, B and C in figure
2.8) were computed assuming

A A homogeneous soil material

B A homogeneous soil material in which the variation in the shear modulus is
included by reducing the shear modulus

C A non-homogeneous, parabolic, variation of the shear modulus and a certain loss
of contact between the soil and the pile tops

Thus, apart form the contact between the soil and the piles, the non-homogeneous
nature of the soil must also be taken into account in order to obtain a proper model
of a pile group. The author have made some attempts to compute the dynamic
stiffness functions of pile groups, however these results are merely a product of the
testing of the "pile group generator" scripts3 which the author has prepared for the
future work within the project. As an illustration of the difference in complexity
between the dynamic stiffness functions of the two different foundation types, figure
2.9 shows the stiffness functions of the shallow and piled foundations of the two
bridges at Hörnefors (see section 3.1 and 4.2.1). The geometry and assumed material
parameters are shown in figure 2.10. The soil shear modulus was calculated using
the characteristic bulk modulus Ek and Poisson’s ratio ν = 0.47 (considering that
all layers of soil are saturated as the water table is situated near the pile cap). The
only soil material parameter given by the geotechnical survey was the characteristic
bulk modulus. For the other parameters, values were assumed based on the fact
that the water table is near the level of the foundation plates. Thus, all soil layers
were assumed to be fully saturated. The soil material damping ratio, D = 2 %,
was chosen assuming that the strains in the soil are small. The top 2m of the
piles were assumed not to be in contact with the surrounding soil. The frequency
range is limited to 0-25Hz because of the tremendous increase in computational
cost, caused by the pile group geometry. It was simply not possible to mesh the
model in an appropriate manner for a computation valid over a larger range of
frequencies using the stationary PC available4. The difficulties in correlating such
models to our reality is of course also increased and therefore, this section will be
very short. Numerous publications treating theoretical models of single piles and pile
groups can be found in the literature, but reports of experimental work are sparse.
To model a general pile group, including battered piles which are common in the
Swedish practice, the finite element method seems like the obvious choice, given that
the soil material parameters (shear modulus and density for a linear analysis) are
available. However, a very large number of degrees of freedom are needed to capture
the behavior of the pile group over the frequency range of interest.

3Written in Python (http://www.python.org/) which is the programming language used in the
graphical user interface of ABAQUS.

4This computer has an Intel Quad Core processor and 8GB ram.
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Figure 2.9: The dynamic stiffness functions in the plane of the bridge at Hörnefors
for the shallow (bold lines) and deep (thin lines) foundations.
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X

Y

Z
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XY
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Soil material parameters

depth (m) E k  (MPa) ν (-) ρ  (kg/m3) D  (%)

silt/sand 0 - 4 30 0.47 2000 2
sand 4 - 8 30 0.47 2000 2
clay 8 - 10 5 0.47 1700 2
silt/sand 10 - 11 30 0.47 2000 2
moraine 11 - 16 50 0.47 2000 2

Figure 2.10: The geometry and soil material parameters of the ABAQUS model of
the pile groups of the bridge at Hörnefors. In the bottom figure, the
soil elements have been removed to show the proportions between the
pile group and the whole model. The radial lines belong to the infinte
elements.
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Chapter 3

Method

In this chapter, numerical procedures for solving problems of dynamic soil-structure
interaction using dynamic stiffness functions with transient loads will be given. The
main assumption is that all materials are linearly elastic. The general procedure
is summarized in figure 3.1 which shows a flow chart over the computations of
structural response performed in this thesis. The content of this flow chart will be
described in following chapters, where the individual blocks are treated in greater
detail. One important aspect of determining the dynamic stiffness functions which
has not been considered in this thesis is the experimental determination of the
shear wave velocities of the soil deposit on which the foundation has been, or will
be built. It is the authors opinion that, instead of using the nominal soil elastic
modulus which are often determined with the estimation of total settlements in
mind, direct measurements of this parameter should be used for the modeling of the
dynamic stiffness functions. The nominal values are, by the nature of their purpose,
underestimated so as to give conservative results in settlement analyzes. As will
be shown, this assumption does not necessarily lead to a conservative model for
a dynamic analysis. However, it must be accepted that they are estimates, since
the construction process, apart from the dynamic loads under operation and long
term effects such as settlements, is likely to change these properties in the near
vicinity of the bridge foundations. Direct measurements of the soil shear modulus
was indeed done by Takemiya and Bian (2007), prior to their theoretical modeling of
a Shinkansen viaduct. The importance of having reliable estimates of the soil elastic
modulus, Poisson’s ratio and density is also pointed out by Gazetas and Stokoe
(1991) and others in the context of experimental verification of theoretical modeling
of shallow and deep foundations.

The equation of motion of a discretized linearly elastic, viscously damped structural
system is

Mü(t) + Cu̇(t) + Ku(t) = F(t) (3.1)

where M, C and K are the mass, damping and stiffness matrices, respectively, u(t)
is the displacement vector and F(t) is the force vector. Its Fourier transform is given
by [

−ω2M + iωC + K
]
u(ω) = Kd(ω)u(ω) = F(ω) (3.2)
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Figure 3.1: A flow chart describing the general approach to transient soil-structure

interaction problems for railway bridges.
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where the distinction between the time and frequency domain is made via the ar-
gument of the time or frequency dependent variables and functions and the matrix
Kd(ω) is referred to as the dynamic stiffness matrix. The frequency dependency of
the soil-foundation system is introduced by allowing also the stiffness and damping
matrices to depend on frequency ω. For the soil-structure interaction system, the
frequency domain representation of the equation of motion is[

−ω2M + iωC(ω) + K(ω)
]
u(ω) = F(ω) (3.3)

The numerical computation of dynamic stiffness functions of the soil-foundation
systems will be described in section 3.1. By the properties of the Fourier transform,
the time domain representation of equation (3.3) is a system of integro-differential
equations

Mü(t) +

∫ t

−∞
C(t− τ)u̇(τ)dτ +

∫ t

−∞
K(t− τ)u(τ)dτ = F(t) (3.4)

In this thesis, the main idea used to solve these equations, has been to solve the
algebraic problem given by equation (3.3) for each frequency in a range given by the
assumed sampling frequency (time step) and the frequency step (total time). The
time domain solution is then retained by the (discrete) inverse Fourier transform.
This approach was also used by Takemiya and Bian (2007). The time integration
process based on Fourier transforms resembles an implicit direct integration scheme
in the time domain and the computational cost is essentially the same, except for
the extra work needed to perform the inverse Fourier transform. The details of
this approach will be described in section 3.2. There is another approach to this
problem which is a generalization of the modal analysis which is often used in struc-
tural dynamics. Adhikari (2002) describes a methodology in which the dynamic
response of multi-degree-of-freedom systems with frequency dependent parameters,
subjected to transient loads, can be resolved by the use of a set of impulse response
functions, analogously to the methodology of the classical modal analysis. However,
this solution strategy is based on the determination of all eigenvector-eigenvalue
pairs within the frequency range under consideration. As will be described later,
this task is computationally expensive. An important deviation from the theories
of structural dynamics which are commonly adopted in analyzing civil engineering
structures, is that the eigenvalue problem associated with equation (3.3) and equa-
tion (3.4) is non-linear in the eigenfrequency. The inclusion of soil-structure interac-
tion via the frequency dependent boundary conditions leads to a non-proportionally
damped system. Simply put, this means that the equations of motion are no longer
diagonalizable by the modal matrix, hence the use of a direct integration method.
Later on, it will also become clear that the radiation damping described in chapter
2 may have a rather large influence on the modal damping of the soil-structure in-
teraction systems. For these reasons, section 3.3 is devoted to one approach to the
non-linear, symmetric eigenvalue problems. Some general aspects of the modeling
of the structure itself will be discussed in section 3.4.
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3.1 Computing the dynamic stiffness functions

This section is devoted to how the dynamic stiffness functions of shallow and deep
foundations can be computed using commercial finite element analysis software
such as ABAQUS Dassault Systémes (2007), which has been used for this pur-
pose throughout this thesis. Given that a linearly elastic material behavior may be
assumed, the main issues in doing so may be summarized as follows

- Geometrical idealizations

- The radiation condition

- Economical meshing

A shallow foundation can be fairly well idealized as a rigid plate resting on the surface
of the soil. This is the only configuration which has been used in the analysis of
the portal frame bridge described in chapter 4. Generally, the embedment of a
foundation increases its stiffness and damping but it imposes larger demands on the
finite element mesh used to model the embedment. For a surface foundation, the
mesh density must be higher near the foundation plate and can then be decreased
as some function of the distance away from the foundation. This is related to the
wavelengths of the waves which are generated by the foundation, see section 3.1.2.
In this case the sources of waves are distributed over the foundation area, and the
required mesh density is governed by the volume directly beneath the foundation.
If the structure is embedded, the sources are distributed over a larger, but also
more complicated area. Waves can be generated in much more complex patterns
than for surface foundations and this leads to a situation where the mesh density
which is sufficient beneath the surface foundation must be used for a volume around
the embedded foundation. Thus, in the case of embedded foundations, the number
of degrees of freedom needed to obtain accurate results increases rapidly. For this
reason, no embedment have been considered in the analysis presented herein, but it
may be necessary to do so in the future work within the project.

3.1.1 The standard viscous boundary

When modelling solids of infinite extent in dynamical problems, the treatment of in-
finity is quite different from the static case. In dynamics, it is the radiation condition
which must be fulfilled i.e. the the model boundaries must be able to prevent waves
generated within the model from reflecting back into the computational domain dur-
ing the analysis. Many, more or less complicated, methods have been developed for
this purpose but here only the standard viscous boundary will be described as it is
implemented in ABAQUS and has been used in the modeling of foundations within
the present project. The standard viscous boundary was developed by Lysmer and
Kuhlemeyer (1969). The main idea of the standard viscous boundary was the as-
sumption that the energy of waves impinging at a boundary of the computational
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domain could be absorbed by a set of viscous dampers, the damping coefficient of
which could be derived from the cases of plane dilatational and distortional waves.
Thus, they assume that the stresses on the boundaries at which the computational
domain is truncated can be written as

σ = aρcpẇ (3.5)
τ = bρcsu̇ (3.6)

where σ and τ are the normal and shear stress, respectively, ρ is the soil density and
ẇ and u̇ are the normal and tangential velocities, respectively. cp and cs are the
dilatational and shear wave speeds of the material. Thus, the problem is to choose
values for the dimensionless parameters a and b so as to minimize the reflection of
waves against the model boundaries. Lysmer and Kuhlemeyer (1969) found that
the best choice was a = b = 1 and that under these conditions, the reflection of
both types of waves against the model boundary was close to perfect if the angle
of incidence was greater than 30◦. The method is of course not without drawbacks,
though most can be circumvented by an appropriate choice of the size and shape of
the computational domain. Waves moving towards the model boundaries at angles
smaller than 30◦ can be eliminated either by choosing a half-sphere, if a very deep soil
deposit is modeled, or a circular plate if a shallow deposit near bedrock is modeled,
for the class of problems studied in this thesis. However, if the waves meet the model
boundary at an angle smaller than the critical angle, a surface wave appears on the
model boundary in analogy with the Rayleigh wave at the soil surface.

The standard viscous boundary is a nearly perfect absorber of impinging dilata-
tional and distortional waves, but it does not handle Rayleigh waves with the same
efficiency. Therefore, Lysmer and Kuhlemeyer (1969) developed a modification of
the standard viscous boundary in which the parameters a and b were varied over the
depth of the model boundary near the surface. Unfortunately, the two concepts can
not be combined, but the reflections of Rayleigh waves can be avoided by choosing
a sufficiently large computational domain.

The shape of the computational domain, i.e. the truncated soil block, should con-
form with the fact that waves which propagate towards the boundary in a right
angle give the smallest spurious reflections. Therefore, ideally, half-spaces should be
modeled by half-spheres and semi-infinite planes by circular plates. However, since
we are primarily interested in the motion in the near vicinity of the foundation,
circular plates could probably be used instead of the half-sphere, even if the soil
layer is very deep. Furthermore, Kobori et al. (1971) showed that in the case of a
stratum on a rigid layer, if the ratio H/b > 20 where H is the height of the stratum
and b is half the longest edge of the foundation, the stratum behaves as a half-space.

3.1.2 Choice of mesh

In choosing a mesh for a foundation model with the purpose of computing the dy-
namic stiffness functions of the foundation, the main aim is to obtain a reasonable
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description of the waves generated by the foundation structure. Surface founda-
tions are the simplest case of a foundation model and they appear to have a modest
demand on the mesh density. For this type of foundation models, simple rules of
thumb may be used to choose the mesh density needed in the near-field of the foun-
dation plate and in the far-field. The mesh density and the size of the computational
domain are determined by the wavelengths of the waves which propagate through
the medium. The shortest wavelengths occur near the foundation and depend on
the highest frequency of excitation. These are quickly attenuated by the material
damping of the soil and therefore these waves do not travel very far. The longest
wavelengths however, may travel far away form the foundation and are determined
by the lowest frequencies of excitation. The author has assumed that at least one
half of the longest wavelength must fit inside the computational domain and ac-
cording to Lysmer (1978), at least 8 elements are needed to represent the shortest
wavelength.

For more complicated foundation geometries and soil configurations, higher demands
are posed on the mesh density. Test performed by the author indicate that when
the shallow foundation is modeled with its embedment, a much higher mesh density
is needed to capture the details of this soil-foundation system. The main reason
for this is assumed to lie in the larger and more interface between the foundation
structure and the soil. As shown in figure 2.9, the same appears to hold true also
for pile groups.

The rectangular geometry of the foundation and the circular geometry of the soil
are difficult to mesh with rectangular blocks. Furthermore, in order to obtain an
economical mesh, a bias on the mesh density should be used so that the mesh can
be made finer near the foundation and coarser towards the boundaries. Therefore,
linear tetrahedrons were used to mesh the soil. The model used to compute the
compliances of a rigid plate on the surface of a single layer of soil shown in figure
2.7 is shown in figure 3.2.

3.1.3 Miscellaneous

The rigid foundation plate was modeled using a reference point (a node) and a
coupling constraint where all degrees of freedom of the foundation surface were
constrained to the motion of the reference point.

In ABAQUS, the standard viscous boundary is implemented in a set of infinite
elements. Infinite elements, as the name implies, try to describe the stiffness at
boundaries which extend towards infinity. Such elements have also been defined
for acoustic problems and problems of fluid mechanics, where the infinte extent of
the computational domain may become relevant. A review of the development of
such elements until 1992 can be found in the book by Bettess (1992). However, in
ABAQUS, the infinite elements are only available via the input files to the program,
but the complicated mesh is conveniently created using the graphical user interface
(GUI) of ABAQUS. Therefore, the infinite elements were generated in an input file
and then imported into the GUI so that the rest of the model could be built using the
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Figure 3.2: The ABAQUS model used to estimate the dynamic stiffness functions of
the case study model. (a) Top view. (b) Perspective.
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features of the GUI. The coupling between the two model parts, the internal soil and
the external boundary elements, was created using the so called *TIE constraint of
ABAQUS which allows surfaces with non-matching grids to be constrained to each
other.

Finally, the compliance functions of the foundation can be computed using steady-
state analysis steps in which harmonic unit forces (moments) are applied at the
reference point.

One way of dealing with the computational costs involved in solving this class of
problems using the finite element method, is dynamic condensation techniques (see
for example Cook et al. (2002) or Leung (1993)). Given a mesh which have been
shown to give satisfactory results, large parts of the soil may be condensed, since
we are not interested in the response of the soil itself. At least theoretically, such
a strategy could even be used in the case of a non-linear soil material model, given
that no non-linear effects occur in the condensed region.

3.1.4 Validation of the finite element models

Solutions to steady-state analyzes of foundations can only be validated against the
special cases available in the literature, unless of course, measurements on the foun-
dation in question have been performed. The best one can do without carefully
measured experimental data, is to choose a computational domain based on for
example Kobori et al. (1971), and then introduce the present soil stratification in
that model. However, if features which are not present in the validating model are
included in finite element model, mesh refinement is necessary to ascertain that a
satisfactory approximation has been obtained. The modeling of rectangular, rigid
surface foundations on one strata described here is compared to the solution by
Kobori et al. (1971) in section 2.4.3. The agreement is excellent, as can be seen in
figure 2.6. However, as mentioned earlier, the inclusion of details such as piles and
embedment lead to much more computationally expensive models, which for a gen-
eral case may take several weeks to compute on a modern desktop. Nevertheless, the
proceeding analysis work of this project could utilize the parallel computers available
at PDC/KTH to compute the compliance functions of more general foundations.

3.1.5 A soil-structure interaction element

Given a set of compliance functions for a foundation, the definition of a soil-structure
(SSI) interaction element is straight forward. The compliance matrix of this foun-
dation is then given by

CSSI =

 C11 0 −C13

0 C22 0

−C31 0 C33

 (3.7)
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where the coupling terms C13 = C31 and this matrix is thus (complex) symmetric.
The dynamic stiffness matrix of the foundation is then given by the inverse of the
compliance matrix

KSSI = C−1

SSI (3.8)

and an SSI-element can be formulated in analogy with a three-dimensional linear
spring element, i.e.

Kel
SSI =



K11 0 −K13 −K11 0 K13

0 K22 0 0 −K22 0

−K31 0 K33 K31 0 −K33

−K11 0 K13 K11 0 −K13

0 −K22 0 0 K22 0

K31 0 −K33 −K31 0 K33


(3.9)

The difference between the spring element and the SSI-element however, is that the
SSI-element is a complex function of frequency if the analysis is performed in the
frequency domain as described in section 3.2. The implementation of this element
in a two-dimensional finite element model was tested by simply creating a model
of a massless rigid body, supported by one SSI-element and inverting the system
matrix for a set of frequencies with a frequency resolution of ∆f = 0.0167Hz. Thus,
the compliance of the rigid body was calculated using unit loads which is equivalent
to the methodology used in determining the stiffness functions in ABAQUS. Figure
3.3 shows a comparison of the original compliance calculated in ABAQUS and that
obtained from the massless rigid body. Apparently, the result of linear interpolation
of the dynamic stiffness functions linearly with a smaller frequency step than that
originally available gives an effect similar to that of zero-padding in DFT’s. The
function is smoothed, without introducing any new information. Nevertheless, the
SSI-element behaves satisfactorily.

3.2 Integrating the equations of motion

Due to the frequency dependency of the soil-structure interaction parameters, we
now have a non-proportionally damped linear system with variable coefficients. In
the time domain we have an integro-differential equation with respect to time but
in the frequency domain, the characteristics of our frequency dependent algebraic
problem is the same. In the authors opinion, the most convenient way of solving the
equations of motion is to take advantage of the properties of the Fourier transform
and solve the equations of motion in the frequency domain. This corresponds to
solving one linear system of equations for each frequency (time step) and then re-
trieve the time domain solution by the inverse discrete Fourier transform (DFT). An
early implementation of this approach is due to Liu and Fagel (1971), who studied a
single story building with dynamic soil-structure interaction in a model with three
degrees of freedom. Many other authors have reported analyzes based on discrete
Fourier transforms. Spyrakos and Beskos (1981) used the DFT to analyze systems
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Figure 3.3: Comparison between the compliance functions computed using ABAQUS
and the response of a rigid body resting on an SSI-element with dynamic
stiffness functions based on the the compliance functions computed using
ABAQUS.
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discretized by dynamic stiffness matrices. Veletsos and Ventura (1985) studied so-
lution strategies for periodic loads and devised a method of correcting the solution
for errors which arise due to the periodicity of the DFT. This is also the main issue
in applying the DFT to transient problems. Because of the periodicity of the DFT,
the time domain solution must begin and end at zero, otherwise, the end of the
response will be folded onto the beginning and vice versa. Therefore, a sufficiently
long time of free vibrations must be allowed in the time domain representation of
the solution, so that this phenomenon is minimized. The natural approach would be
to use some form of window function to handle the problem. However, the authors
experiences with window functions have not given any essential improvements in the
computational cost. The method is also used by Takemiya and Bian (2007), in a
setting very similar to the present.

Another approach to the inclusion of frequency dependent soil-structure interaction
parameters have been reported by Novak (1974), among others. This approach
is based on the spectral decomposition of the undamped system. The stiffness of
the foundation is then assumed to be constant and included in the analysis of the
undamped system. The damping ratio of each mode of vibration is then adjusted
to account for the damping caused by the soil structure interaction.

Yet another approach have been devised by Adhikari (2002), who studied non-
viscously damped linear systems in a formal manner, which could probably be
generalized to the present context where also the stiffness is allowed to vary with
frequency. Adhikari (2002) derived the impulse response functions and frequency
response functions of non-viscously damped linear systems on basis of their complex
modes of vibration. Given that all the modes of vibration within the frequency range
of interest can be determined (using methods such as that described in section 3.3),
the impulse response can be computed and the time domain solution is obtained by
convolution.

In this thesis, the DFT approach which have been used can be summarized as
follows

for each ωi

Assemble K(ωi),C(ωi)
Compute Kd(ωi) = −ω2M + iωC(ωi) + K(ωi)
Solve Kd(ωi)u(ωi) = F(ωi)

for each degree of freedom, n
Compute the displacements ifft(un(ω))
Compute the accelerations ifft(−ω2un(ω))

It is apparent that the computational work involved in integrating the equations of
motion using this approach is similar to that of a direct implicit method in which
one system of linear equations must be solved for each time step. This is roughly
proportional to ntO(n3), where nt is the number of time steps and n is the number
of degrees of freedom. However, in the present case, an additional nO(nt log nt) (for
the inverse fast Fourier transform, Cooley and Tukey (1965)) operations must be
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performed in order to retrieve the time domain solution. One possible source of
error apart from allowing the transient part to attenuate properly may arise from
the discretization of the structure, which must approximate all modes below the
Nyquist frequency (half the sampling frequency) well. This is closely related to
another issue which will be discussed in section 3.4.2, namely the representation of
point loads.

3.3 Non-linear eigenvalue problems

There seem to be two basic approaches to solve non-linear eigenvalue problems,
namely iterative methods such as Newton’s method, QR-factorization and the method
of successive linear problems (which are reviewed in the article by Ruhe (1973)) and
methods based on perturbation theory such as that proposed by Thompson and
Walker (1968) and Daya and Potier-Ferry (2001). The dynamic stiffness matrix
used in this thesis is symmetric and hence, this discussion is limited to symmetric,
non-linear eigenvalue problems.

One of the main features of a non-linear eigenvalue problem is that the number of
eigenvalues does not necessarily correspond to the number of degrees of freedom in
the discretized problem. Another interesting aspect is that the eigenvalues may be
complex numbers and the same holds true for the corresponding eigenvectors. The
modes of vibration are then referred to as complex modes. This type of modes are
not commonly encountered, neither in civil engineering practice, nor in the structural
dynamics literature. To the authors knowledge, the definitions have not yet been
fully established and different authors appear to use different definitions. A complex
eigenvalue may be written

ω2 = λ = λR + iλI (3.10)

where for one example, according to the definition adopted by Daya and Potier-Ferry
(2001), the real part corresponds to the frequency of the complex mode of vibration
and the ratio of its imaginary and real parts to its loss factor:

f =

√
λR

2π
(3.11)

η =
λI

λR

(3.12)

The author have found it convenient to work directly with the (complex) natural
eigenfrequencies and adopted the following definition for the frequency and damping
ratio of a complex mode of vibration

ω = ωR + iωI (3.13)

f =
ωR

2π
(3.14)

ξ =
ωI

ωR

(3.15)
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This definition stems directly from the solutions to the characteristic equation of
the damped, linear oscillator. By the author’s numerical tests (performed using the
algorithm described later on in this section), this definition have been shown to give
the correct solution to the parabolic eigenvalue problem associated with the weakly,
viscously damped discretized systems we are used to. The eigenfrequencies of our
soil-bridge systems (as described by equations 3.4 and 3.3) may thus be estimated
and as will become apparent, the influence of the frequency dependent parameters
associated with the soil-structure interaction may be studied. Furthermore, these
computations enables us to study how non-structural and non-proportional damping
sources affect the modal damping ratios of the the soil-bridge system.

In this thesis, Newton’s method has been used to solve non-linear eigenvalue prob-
lems of the form

Kd(ω)u = 0 (3.16)

where now ω and u denote an eigenvalue and its corresponding eigenvector, respec-
tively and Kd(ω) is a symmetric and continuous, complex function of the eigenfre-
quency. The main issue in doing so is that one must have a reasonably close initial
guess for each eigenvalue and its corresponding eigenvector and if all the eigenvalues
in a certain range are needed, it may be necessary to compute frequency response
functions1 (FRF) to ensure that they have all been found (see section 4.2.2). In
this thesis, three different assumptions regarding the soil-structure interaction at
the foundations, i.e. the boundary conditions, have been considered

1. Clamped boundaries

2. Elastic supports based on the static stiffness of the dynamic stiffness functions
of the foundations

3. The frequency dependent dynamic stiffness functions of the foundations

The first two types of boundary conditions do not involve any frequency depen-
dent parameters and the modal damping ratios are well below 10%. Therefore, the
corresponding eigenvalue problems may be taken as the undamped cases which are
both linear. They have been used as initial guess values for the iterative proce-
dure adopted to solve the non-linear eigenvalue problem associated with boundary
conditions of the third type..

In the following, the application of Newton’s method to the non-linear eigenvalue
problem (3.16) will be described. By writing the dynamic stiffness matrix in the
form of a truncated Taylor expansion around ω one has

Kd(ω + ∆ω) = Kd(ω) + K′d(ω)∆ω +O(∆ω2) (3.17)

1The frequency response function (FRF) is defined as the inverse of the dynamic stiffness
function. In order to compute the FRF, the dynamic stiffness function must be inverted for each
frequency of interest, thereby giving a representation of the input-output relation of the structural
system as a function of frequency
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where ′ denotes the derivative with respect to ω and consequently

Kd(ω + ∆ω) ≈ Kd(ω) + K′d(ω)∆ω

which may be replaced by an indexed form, which is more suitable for an iterative
process

Kd(ωi+1) ≈ Kd(ωi) + K′d(ωi)∆ω

Thus, equation (3.16) can be written(
Kd(ωi) + ∆ωK′d(ωi)

)
u = 0 (3.18)

This equation can, with some slight adjustments, be used to solve for the eigenvec-
tor and its corresponding eigenfrequency. Given start values for the two unknown
quantities, an updated eigenvector can be solved for using equation (3.18). The
eigenvector is then normalized and used to compute the increment in the eigen-
frequency. The application of Newton’s method to non-linear eigenvalue problems
appears to have been first suggested by Unger (1950), but the algorithm used here
was inspired by Ruhe (1973) and can be summarized as follows:

while relative error < tolerance
Kd(ωi)ui+1 = K′d(ωi)ui Solve for ui+1

ui+1 =
ui+1

eT ui+1

e is the unit vector in the direction of max(ui+1)

ωi+1 = ωi −
1

eT ui+1

3.4 Structural modeling

The materials used in the structural models (concrete and steel) were assumed to
be linearly elastic. This could be justified since the analysis was performed in the
serviceability limit state. The reinforced concrete was assumed to be cracked and this
was taken into account by reducing the elastic modulus of the concrete in accordance
with Swedish regulations (BV BRO). The structural damping was included by means
of viscous modal damping ratios as described in section 3.4.1. The soil materials
used in the modeling of foundations were also assumed to be linearly elastic and
the two alternatives for material damping (apart from Rayleigh damping) available
in ABAQUS, the so called structural damping and viscoelasticity will be shortly
discussed in section 3.4.1, see also sections 2.2.2 and 2.2.3. The application of the
HSLM train loads Banverket (2008), CEN (2008) is described in section 3.4.2 and
the validation of the proposed modeling technique is described in section 3.4.3.

3.4.1 Damping

The modeling of damping is a very interesting subject which spans over several
scientific and engineering disciplines. Of course it is mainly a matter of physics, but
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since damping is often needed in purely applied sciences such as civil engineering,
much of the development of methods and models have sprung out of purely practical
needs. Complicated phenomena such as fluid-structure interaction, soil-structure
interaction and micro-scale processes such as damage mechanisms determine the
damping which is inherent in all structural systems. To introduce damping in design
calculations directly via the phenomena which govern the damping is much too
complicated to be economical. Therefore, structural damping is often modeled using
the simplest model of energy dissipation, viscous damping, enabling an analysis
based on the linear oscillator and its multi-degree-of-freedom generalization.

When probing through the soil dynamics literature, especially a few decades back,
the term hysteretic damping is frequently encountered. It has been used (by some
authors) to denote the type of damping which here (and in the ABAQUS manuals
Dassault Systémes (2007)) is referred to as structural damping. The constitutive
model which gives this form of damping is often referred to as the rate-independent
Kelvin solid (see section 2.2.3). This damping mechanism is based on the so called
complex modulus which introduces damping simply by introducing an imaginary
part to the stiffness of the structure (see for example Clough and Penzien (1993) or
Kolous̆ek (1973)). Thus, the damping force will be proportional to the displacement
and independent of frequency as opposed to the viscous damping force which is
frequency dependent.

The inclusion of damping in structural dynamics of discretized systems is often
made under the assumption that the damping term is proportional to the mass
and stiffness matrices. In this way, the spectral decomposition of the undamped
system may be used to project the solution of the damped system on the spectral
components of the undamped system. Two of the most common ways of achieving
this are (see for example Cook et al. (2002))

- Rayleigh damping

- Modal damping

Rayleigh damping has the drawback that it is frequency dependent and this relation
is governed by only two parameters, making it rather inflexible. Modal damping on
the contrary, is highly flexible as it lets the analyst choose the modal damping ratio
for each mode. It can also be used to compute a full damping matrix for use in a
direct integration scheme. This is the form of damping which has been used in this
thesis. Given a spectral decomposition of a structural system, characterized by its
modal matrix Φ and spectral matrix Λ, all components are decoupled from each
other. Thus one may take a diagonal damping matrix CΦ in which each component
is assigned a given modal damping ratio. Then, a full damping matrix can be
obtained by the transformation

C = Φ−T CΦΦ−1 (3.19)

Of course, in the present case, where the spectral decomposition of the model includ-
ing soil-structure interaction is not known, this approach is only approximative since
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the damping matrix of the soil-structure interaction system must be approximated
using either a fixed structural system or a structural on (static) elastic supports.

As the modal damping ratio of a given mode of vibration is influenced by many dif-
ferent phenomena one should have to answer the question: how should the damping
from different sources be combined in terms of modal damping ratios? Unfortu-
nately, there is no generally accepted method or theoretical argument for how this
should be done. Therefore, in the authors opinion, the best we can do is to as-
sume that the modal damping ratio is a linear combination of the different damping
sources:

ξ = ξstructure + ξSSI (3.20)

Of course, a few other sources of damping could be added, but in the present context,
the two contributions included in equation (3.20) will suffice. As discussed in section
6.1.2, this approach is approximative, but will at least take into account that there
are several contributions to the total damping of the structure.

3.4.2 The load model

The HSLM-A load model of the Eurocode CEN (2008) consists of a set of 10 different
train configurations which are represented by point loads. The generation of the
load has been based on a weighting procedure in which the load is assumed to be
placed somewhere between two nodes, and the load is linearly weighted onto each
of the two nodes. Thus, each point load, in the general case with arbitrary time
steps and element sizes, consists of two point loads with variable amplitude, which
traverse the structure. They may be seen as a distributed force with the shape of
a polygon and the resemblance of each polygon, with the Dirac pulse, is increased
as the element size is decreased. Now, the number of elements needed to model
the Dirac pulse properly, may not coincide with the number of elements needed to
obtain convergence in a given eigenfrequency. These issues are further discussed in
section 3.4.3. The loads move at constant speed along the structure. Therefore, the
one-way wave equation (or the one dimensional advection equation) may be used to
make the system of loads move along the bridge. This partial differential equation
has the form

∂u

∂t
= −c∂u

∂x
(3.21)

where u is the displacement or waveform, x is a spatial coordinate (the track or load
line), t is time and c is a parameter with the dimension (m/s), i.e. a speed. The
general solution to equation (3.21) is well known:

u(x, t) = f(x− ct) (3.22)

where f(x) is the waveform at t = 0. Obviously, the initial waveform is translated
along the spatial coordinate with the speed c and this is exactly what we would
like for our load model. This way of modeling the load offers a convenient way of
describing moving distributed loads. In this particular case, where point loads are
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modeled, the waveform f(x) has the form

f(x) =
∑

i

fi(x) (3.23)

where the functions

fi(x) = Pi

(
1− |x+ Li|

Lel

)[
H(x+ Li − Lel)−H(x+ Li + Lel)

]
(3.24)

describe one point load moving along a line of equidistant nodes with the spacing
Lel. Pi is the amplitude of the load, Li is the distance from the beginning of the
load line to the i:th axle at time t = 0 and the function H(x) is Heaviside’s function
(the unit step function). The function f(x) describes a set of triangular pulses with
the width 2Lel, which are moved forward in time by adjusting the argument as in
equation 3.22. The triangular pulses interpolate the values of the point loads to the
two nearest nodes so that arbitrary positions of the load can be modeled. If the
eigenfrequencies of the structure are known, the frequency domain representation
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of the load at a given node may give some useful information regarding the train-
bridge resonance. In the following, the absolute value of the Fourier transform of
the load history will be referred to as a load spectrum. Typical load spectra at
given distances along the bridge deck, for a train speed of 160 km/h are shown in
figure 3.4. Apart from being a function of the properties of the train model, it is
also a function of the element size and the train speed. With increasing train speed,
the peaks become lower, wider and the frequency step between consecutive peaks
becomes larger. With decreasing element size, the number of peaks increase, their
amplitude decreases and the amplitude becomes more evenly distributed.

3.4.3 Model validation

The combination of the foundation model (3) (using the SSI-elements) and the
structural model was validated by comparison with an ABAQUS model consisting
of the soil layer and a three dimensional beam model of the bridge (see figure 3.5).
The model of the structure was based on constant cross sections, i.e. the wing
walls were neglected. Therefore, the resonant frequencies cannot be compared with
those presented elsewhere in this report. No material damping was assigned to the
structure. The soil material was assumed to be homogeneous and isotropic with
an elastic modulus E = 50MPa and Poisson’s ratio ν = 0.25. In this model, the
interaction between the two foundations could be studied and it was found to have a
small effect on the frequency response functions used to compare the two models. It
does however, tend to decrease the resonant frequencies somewhat. The frequency
response function was computed for a vertical degree of freedom near mid-span and
a horizontal degree of freedom near one of the frame corners. The influence of
assuming viscous or structural (frequency independent) material damping for the
soil material was also studied and as may be seen in figure 3.6, this choice does
influence the result. A soil material damping ratio D = 0.05 was chosen for all three
cases and the structural damping ratio was set to zero.

In order to validate the computations performed using the Fourier transform based
integration technique, a comparison was made between the results of the commercial
finite element program BRIGADE2 (in which the spectral decomposition technique
was used) and the Matlab program developed by the author. In both cases, the
foundations were assumed to be clamped. The HSLM-A3 load system was used
on a model of the portal frame bridge in which the wing walls were neglected.
Thus, this benchmark test validates not only the integration technique, but also the
load description. The description of the load system is highly dependent on the
spatial discretization. As described in section 3.4.2, the Matlab program models the
individual point loads as tri-linear pulses, or polygons, which are moved along the
load line using the one-way wave equation. As the element size is decreased, the
load polygon becomes sharper and sharper, eventually reaching a limit at which it

2BRIGADE uses the kernel of ABAQUS Dassault Systémes (2007) to supply civil engineering
structural designers with a finite element environment capable of performing dynamic analysis
according to the Eurocodes CEN (2008) and static load combinations according to several codes.
BRIGADE is developed and maintained by Scanscot AB, http://www.scanscot.se
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X

Y

Z

Figure 3.5: The ABAQUS model used to validate the Matlab model developed by
the author by comparison of frequency response functions. The figure
shows the steady state displacement at the frequency 13.6Hz, caused by
a horizontal (harmonic) force acting at one of the frame corners.
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Figure 3.6: Comparison of frequency response functions computed using the SSI-
elements in a two dimensional Matlab model and a full soil model in
ABAQUS. The soil material damping ratio was 5% and the damping of
the structure was set to zero.
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behaves as a Dirac delta function. Only then can we speak of a point load. Until that
limit is reached, the tri-linear pulse represents a certain degree of load distribution.
BRIGADE solves this problem by automatically introducing extra nodes, if the
mesh of the load line is too coarse with respect to this phenomena. This effect is
not at all noticeable when studying the displacements of the structure, but becomes
apparent when studying the accelerations of the structure. Approximately 200 nodes
along the bridge superstructure were needed to reach convergence in this aspect of
the computations, yielding a total number of degrees of freedom of about 700. The
results of this comparison is shown in figure 3.7, where the vertical displacement and
acceleration at the bridge mid span are plotted. The analysis was performed with a
time step of 0.002 s which corresponds to a cutoff frequency of 250Hz. The highest
eigenfrequency within the range 0-30Hz is 13.07Hz, as can be seen in table 3.1, which
compares the eigenfrequencies between the BRIGADE model and the Matlab model.
Therefore, the accelerations have been filtered using a low-pass filter with a cutoff
frequency at 15Hz, so as to make a just comparison. The agreement between the two
methods of integration is good, but degenerates if the cutoff frequency is increased.
The reasons for this behavior can be explained by the inability of the modal subspace
to represent the more complicated spatial variation of the acceleration. Furthermore,
direct integration of the equations of motion also leads to certain errors which appear
to emanate from the high frequency band. This behavior is seen in the method of
averaged acceleration, for one example, and can to some extent, be treated by adding
a certain amount of algorithmic damping to handle these spurious oscillations (see
Cook et al. (2002)). As have been mentioned before, the Fourier transform method
is equivalent to an implicit integration scheme and therefore, perfect agreement in
acceleration between the two methods (the Fourier transform technique and the
method of mode superposition, or spectral decomposition) is not expected.

Table 3.1: Comparison of theoretical eigenfrequencies as computed with BRIGADE
and using Matlab for the validation of the Fourier transform based time
integrations scheme and the HSLM-A3 load model.

BRIGADE (Hz) 9.49 13.07 36.09 62.55 64.67 86.08 95.59

Matlab (Hz) 9.49 13.07 36.09 62.55 64.67 86.11 95.59
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Figure 3.7: Comparison between the dynamic response due to the HSLM-A3 load
model, computed using BRIGADE and the Matlab program developed
by the author.
(a) Vertical displacement at the bridge mid span.
(b) Vertical acceleration (low-pass filtered at 15Hz) at the bridge mid
span (BRIGADE).
(c) Vertical acceleration (low-pass filtered at 15Hz) at the bridge mid
span (Matlab).
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Chapter 4

Case study

In some sense, a ballasted portal frame bridge is completely embedded in soil ma-
terials. Therefore, it is not an ideal subject to a theoretical analysis of the influence
of dynamic soil-structure interaction. Even though this bridge type often has rel-
atively short spans and comparatively simple geometry, the structural elements do
not fall into the common classes of simplification (Euler-Bernoulli beam theory or
Kirchoff plate theory for example). Therefore, even if the soil-structure interaction
is ignored, the finite element modeling of this bridge type should be performed in
three dimensions, generally using shear-flexible shell and beam elements. In this
case study however, due to the necessity of using a direct method of time integra-
tion and the computational costs associated with it, a two dimensional model have
been developed. Consequently, only qualitative results are expected from this anal-
ysis. In the following, some issues regarding the dynamic soil-structure interaction
of portal frame bridges will be described and a description of the case study ob-
ject will be given. This case study has been endowed with an experimental project
which includes a set of soil pressure cells, two accelerometers and a temperature
gauge which were installed during the construction of the bridge (in the summer of
2008). Furthermore, dynamic measurements with additional accelerometers will be
performed after the bridge has been taken in operation during fall 2010.

In section 4.1, some general information about the dynamic analysis of portal frame
bridges is given and the main issues concerning this analysis are described. The
experimental setup of the case study is described in section 4.3 which is followed by
a rough analysis of the experimental results obtained this far in section 4.4.

4.1 Background

A number of issues related to soil-structure interaction arise when designing a portal
frame bridge for dynamic train loads. First of all, the choice of boundary conditions
can lead to very large differences in the maximum vertical acceleration of the bridge
deck. In one project designed by the Swedish consultancy agency ELU Konsult1,

1ELU Konsult, http://www.elu.se
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two very similar portal frame bridges (see figure 4.2) were analyzed for the HSLM-A
trains of the Eurocode, Banverket (2008);CEN (2008). The bridges are situated
in Hörnefors, a town along the northern Swedish east coast, and are part of the
Bothnia Line2 which will be opened for traffic in fall 2010. The maximum allowed
train speed of the Bothnia Line is 250 km/h. Thus, the design calculations have been
based on speeds up to 300 km/h, as prescribed by the European and Swedish bridge
code ?. The only difference between the two bridges is a slight skewness and the
foundations. One of the bridges is founded on shallow foundations and the other on
pile groups. The bridge on pile foundations was chosen for the present study and will
in the following be referred to as the Hörnefors bridge. Two different assumptions
were made regarding the boundary conditions of the bridge founded on piles; in
one case, all degrees of freedom were given the elastic properties of the pile group
with no consideration taken to the soil (figure 4.1 (a)) and in the other, the same
elastic properties were given to all the degrees of freedom except the vertical, which
was fixed (figure 4.1 (b)). No other forms of soil-structure interaction were taken
in consideration. When the vertical degree of freedom was fixed, no distinct critical
train speed was found, but in the other case, a peak of approximately three times as
high vertical accelerations was found at a train speed of approximately 280 km/h.
The maximum vertical acceleration at the bridge quarter point as function of the
train speed is shown in figure 4.4. This figure shows that the peak was caused by
the three modes shown in figure 4.5. Furthermore, it was clearly demonstrated that
the dynamic bending moments have a very different distribution as compared with
that obtained from a static analysis. The negative bending moments (causing
compression on the bottom surface of the bridge deck) are very similar qualitatively,
whereas the positive moments are not. The positive, or sagging3, dynamic bending
moment has its peak values at the corners of the frame were the positive static
bending moment have almost zero moment and at mid-span, the dynamic moment
is about half the static (see figure 4.3). ELU Konsult furthermore showed that this
discrepancy is mainly caused by a longitudinal (anti-symmetric) mode of vibration
and this is where the soil-structure interaction comes into play. This mode type is

2http://www.botniabanan.se
3Sagging means that the lower side is in tension

(a) (b)

Figure 4.1: Modeling assumptions made by ELU Konsult for the boundary condi-
tions of the portal frame bridge at Hörnefors.
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involved also in the differences in vertical bridge deck acceleration (see figure 4.5
(b) and (c)). If the embankment and the foundations are flexible enough, these
modes may become rigid body modes and in such a case, this behavior is prevented.
However, the three dimensional nature of theses structures gives rise to several
versions of many modes of vibration. The longitudinal anti-symmetric bending mode
occurs at different frequencies with different flavors. Thus, for higher frequency
versions of these modes, the dynamic stiffness of the foundations may have reached
a value at which these modes do not appear as rigid body modes. Measurements
performed by the Division of Structural Design and Bridges at KTH on another
portal frame bridge along the Bothnia Line (Ülker-Kaustell and Karoumi (2008))
clearly show that the mode type does exist also in reality. The same measurements
also indicated that several versions of the mode exist, however, this material was
not presented in the cited report which had another aim.

4.2 2D modeling of the bridge bridge at Hörnefors

The theoretical span of the bridge at Hörnefors is 15.7m and the free height of the
bridge is approximately 4.7m, allowing for pedestrian, road and snowmobile traffic.

Figure 4.2: The portal frame bridge at Hörnefors.
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The total height of the side walls above the foundation plates is approximately
6.6m. Two stay beams connect the foundation plates with each other. The stay
beams have square cross sections with a side length of 0.7m and are connected to the
foundation plates with hinges so that no moments are transferred between the plates
and the beams. The stay beams are supported by two piles each. The dimensions
and details of the cross section of the superstructure are shown in figure 4.6, which
also shows the instrumentation of the bridge, and figure 4.7. The concrete is of the
quality C35/45 and the reinforcement steel is of the quality B500B, according to the
European standards. Thus, the characteristic modulus of elasticity of the concrete
is 34GPa. The reinforcement was ignored in the dynamic analysis. The modulus
of elasticity was reduced by 40% in order to take into account that the concrete is

(a)

(b)

(c)

Figure 4.5: These modes of vibration cause the peak in the maximum vertical ac-
celeration at the bridge quarter point shown in figure 4.4. The modes
have the frequencies (a) 20.6Hz, (b) 25.3Hz and (c) 29.2Hz. From ELU
Konsult.
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cracked. The increase in the modulus of elasticity which may be argued to occur
due to the fast application of loads was ignored. The ballast layer is 0.6m thick and
the density assumed for the ballast was 1800 kg/m3.

4.2.1 Foundation models

Three different models were used to take the soil structure interaction into account
in the analysis of the bridge at Hörnefors. Please note that the foundation model
described here is based on the foundations of the bridge which was founded on
shallow foundations and thereby, direct comparison of results is not possible. The
reason for choosing the shallow foundations is of course that the dynamic stiffness
functions of pile groups are more complicated to compute and validate. The purpose
of this analysis is to develop the computational tools needed to include dynamic soil-
structure interaction and study the qualitative effects, and it is a future problem to
actually try to describe the real behavior quantitatively. The following alternative
assumptions were made regarding the foundations of the two dimensional model,
see figure 4.8

a) Clamped: the foundations were assumed to be clamped

b) Static: the static (constant) stiffness of the foundation models were used without
any damping

c) SSI: the shallow foundation model described in section 3.1

The models based on soil-structure interaction depend much on the assumed mate-
rial properties of the soil and therefore, a few different choices of the elastic modulus
of the soil were used in a simple parametric study. Due to the quite high computa-
tional costs involved and the qualitative nature of the results, the dynamic responses
were only computed using the soil material parameters which fitted the theoretical
expectations best. Thus, the modal damping ratio of the structure, in modes which
do not include large movements of the supports, should at least not exceed that pre-
scribed by the design code (1.8%), solely by introducing soil-structure interaction.
The foundation model used to compute the dynamic stiffness functions of the foun-
dations was based on the information given by the geotechnical survey performed
prior to the design of the bridge. The survey indicated that the subsoil at the
site consisted of one approximately 5.7m thick layer of moraine with a bulk mod-
ulus Ek=50MPa, resting on bedrock or another strata with large boulders. The
dimensions of the foundation plate is 3.7m×8m. A finite element model of this
foundation, assuming that the foundation plate is infinitely stiff, that the layers of
soil on top of the foundation plate can be ignored, and that the moraine layer lies
on a perfectly rigid half-space, was developed in ABAQUS. Furthermore, the soil
material damping was assumed to be 0.02% for transient analyzes. The dynamic
properties of the bridge were determined also for a soil material damping ratio of
5%. The dynamic stiffness functions generated by this model are shown in figure
4.9 and the ABAQUS model is shown in figure 3.2.
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Figure 4.6: Overview drawing of the portal frame bridge at Hörnefors. All dimen-
sions are given in millimeters. The placement of instruments is also
shown. Red circles represent soil pressure cells and red arrows accelerom-
eters with their positive direction. From ELU AB.
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Figure 4.7: Geometrical details of the portal frame bridge at Hörnefors. All dimen-
sions are given in millimeters. From ELU AB.
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 ()  ()
 ()  () ()  ()

 ()  () ()  ()

(a)

 ()  ()

(b)

(c)

Figure 4.8: A schematic description of the three different foundations models.
(a) Clamped.
(b) Static.
(c) SSI.
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4.2.2 The structural model

The modeling of the bridge in two dimensions was done using the Euler-Bernoulli
beam theory, assuming that the wing walls may be included simply by creating a
beam section including the wing walls. Thereby, the stiffness of the frame side walls
is fairly well modeled in modes where the wing walls have small displacements in
the transversal direction (it is however questionable whether such modes exist in
reality), but the inertia of the wing walls was placed along the center line of the side
walls, which is of course not correct. The bridge deck density was adjusted for the
mass of the ballast according to

ρdeck =
Acρc + Abρb

Ac
(4.1)

where the subscripts c and b refer to (the bridge deck) concrete and ballast, respec-
tively. The elastic modulus of the soil was first taken as the settlement modulus
given on the design drawings, Ek=50MPa. However, the results of applying the
technique described in section 3.3 to compute the modal properties of the model
clearly show that a more realistic value is somewhere in the region of 100MPa. This
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Figure 4.9: The dynamic stiffness functions of the shallow foundations (Esoil =
100MPa).
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choice of the soil elastic modulus was made on basis of the prescribed (theoreti-
cal) damping ratio of 1.8%, which should of course not be exceeded merely by the
inclusion of soil-structure interaction. However, for modes which have large dis-
placements (and/or rotations) at the soil-structure interface, higher damping ratios
are accepted. The computed complex modes with their corresponding frequencies
and modal damping ratios are shown in figure 4.10. Please note that these modes
have been calculated without using any material damping in the structure. Thus,
the only source of damping is the soil-structure interaction. It should be noted that
the modes with rigid body or close to rigid body motion have very high damping
ratios. The only mode which could have been obtained with a model without soil-
structure interaction has a damping ratio somewhat lower than that ascribed by BV
BRO and the Eurocode. As shown in figure 4.10, the first vertical bending mode
with the SSI-model corresponding to the first vertical bending mode assuming fixed
supports, is found at 21.4Hz. This result was obtained without structural damping

mode 1,  f
n

 = 4.6, ξ = 0.022
mode 2,  f

n
 = 8.1, ξ = 0.052

mode 3,  f
n

 = 9.9, ξ = 0.065 mode 4,  f
n

 = 15.6, ξ = 0.078

mode 5,  f
n

 = 21.4, ξ = 0.013 mode 6,  f
n

 = 49.8, ξ = 0.008

Figure 4.10: Theoretical modes of vibration with frequencies between 0-50Hz of the
Case 2 bridge with a soil elastic modulus of 100MPa and material damp-
ing ratio of 5%. The modal damping ratio of the structure is equal to
zero. The real part of the complex mode shapes is drawn with solid
lines and the imaginary part with dashed lines.
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and a certain amount of structural damping should thus be added (see section 3.4.1)
in order to meet the damping ratio prescribed by the code. The first longitudinal
mode however, is found at 4.6Hz and has a modal damping ratio of 2.2%, based
solely on soil structure interaction, which exceeds the prescribed damping ratio with
some 20%. The eigenfrequencies and the nature of their corresponding modes of
vibration were checked by computing frequency response functions (FRF). The fre-
quency response functions can be obtained by inverting the dynamic stiffness matrix
and provide a frequency domain representation of the amplitude of vibration at a
given degree of freedom (output), due to a harmonic load with given frequency at
the same or another degree of freedom (input). Figure 4.11 shows a few of the com-
ponents of the FRF of the two dimensional model of the bridge at Hörnefors using
the same locations for input and output. These locations are (1) the left foundation,
(2) the left corner and (3) the bridge deck mid point. The two methods of computing
the eigenfrequencies of the system are in good agreement for all modes with damp-
ing ratios less than 7%. Within the range of frequencies between 0-50Hz, only one
eigenfrequency, the one at 15.6Hz as calculated using the non-linear eigenvalue prob-
lem approach, differs between the two methods. The corresponding mode has the
highest modal damping ratio (7.8%) of all modes within the range. The otherwise
good agreement however, motivates the use of this model as a qualitative example
of how the soil-structure interaction at the bridge foundations influence the dynamic
response of the bridge when subjected to the HSLM trains of the Eurocode. The
results of these computations are presented in section 5.2. The damping ratios of
all the modes which excite the foundations are markedly higher than those expected
from a design point of view. These modes have frequencies within the frequency
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Figure 4.11: Theoretical frequency response functions (FRF) of the two dimensional
model with the SSI foundation model of the bridge at Hörnefors, calcu-
lated using a foundation elastic modulus of 100MPa and damping ratio
of 5%.
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range in which the compliances of the foundations have their peaks. The modes
we would have expected to see in an analysis based on fixed boundary conditions
have damping ratios which are comparable to what the norm specifies. Apparently,
a large part of the damping experienced by a short span and relatively stiff bridge,
originates from its soil-structure interaction at the foundations.

4.3 Experimental setup

In this section, the instrumentation of the case study bridge will be described. For
the instrumentation, the bridge founded on pile groups was chosen. Therefore, the
results cannot be directly compared with the theoretical results presented in chapter
5. However, a direct comparison is not meaningful also because the two dimensional
idealizations used in this thesis cannot capture some of the main features of the
dynamic behavior of this type of structure. For this purpose, a three dimensional
model must be used, and this will be done in the preceding part of this project.
A schematic picture of the instrumentation is shown in figure 4.6. One of the
main questions regarding the soil-structure interaction of portal frame bridges is the

Figure 4.12: Four of the five
soil pressure
cells used to
measure the
dynamic vari-
ation in soil
pressure on the
side walls of
the bridge at
Hörnefors.
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distribution of the soil pressure against the side walls. The soil is compacted against
the side walls and the confining pressure increases during the passage of a train.
Therefore, in a new bridge, the contact between the embankment and the side wall
should be perfect. However, after some time, a gap may appear between the two
materials, presumably mainly caused by settlement of the embankment. In order
to study this effect, and to determine the magnitude of the dynamic overburden
pressure caused by a passing train, a total number of five pressure cells (KDG-
500KPA, manufactured by TML4) were mounted on the frame side walls, close to
the top surface of the bridge deck (see figure 4.12). Four were placed on the northern
side wall (at the distances 0.15, 0.5 and 0.9m from the top surface of the bridge deck)
and one on the southern side wall (at 0.15m form the top surface of the bridge deck).
Of the four soil pressure cells on the northern side wall, one was placed besides the
topmost pressure cell, to give some redundancy, should one of them fail. The other
three were placed along the center line of the bridge. The one placed on the southern
side wall was placed along the center line of the bridge at the top of the side wall. The
pressure cells were attached to the concrete with bolts and chemical metal. They
were then enclosed in a latex casing (see figure 4.13) filled with sand to create an
even pressure on the pressure cells and to prevent stones from resting on or applying

4http://www.tml.jp

Figure 4.13: The soil pressure cells behind their latex casing.

68



4.3. EXPERIMENTAL SETUP

very localized pressures on the pressure cells. The embankment was then compacted
(figure 4.14) using a procedure as close as possible to the standardized procedure,
with the difference that extra care was given so as not to damage the latex casing.
However well the compaction is performed, this type of instrumentations are known
to be problematic. The main issue has its origin in stiffness differences between the
different soil materials used. The embankment is constructed using a soil material
in which chunks of rock is allowed, whereas the backfill is more fine-graded. In this
case, an even finer grade was used for the excavated back-fill so as to ensure that
no larger stones would lead to unexpected results. There are two obvious difficulties
which may arise

1. if the embankment is stiffer than the backfill, an arching effect may appear
between the bridge side wall and the embankment

2. If the sand in the latex casing is not compacted to the same degree as the
backfill, an arching effect may develop over the latex casing

In both cases, the soil pressure against the bridge side wall will be underestimated.
Therefore, this type of instrumentations should be prepared for at the design stage of
the bridge, as discussed in section 6.2.2. Apart from the pressure cells, two Si-Flex5

MEMS accelerometers and one temperature gauge were mounted on the bridge. The
accelerometers were placed so as to facilitate the identification of the first vertical
and longitudinal eigenfrequencies. One was placed in the longitudinal direction at
the bridge center line in the corner between one of the side walls and the bridge deck
and one was placed on the bridge deck edge beam at L/3 (L is the span length).
The data is gathered by a HBM/Spider 8 data logger, connected to a laptop PC
on the site. A Matlab program called BRAVE which has been written by personnel
at the Division of Structural Design and Bridges/KTH measures 30min files at a
sampling frequency of 400Hz and an anti-aliasing filter with a cut-off frequency of
40Hz. BRAVE analyzes the signal and if it contains one or more train passages, the
signal is truncated and stored. The files are then retrieved by an ADSL connection.

Unfortunately, three of the five pressure cells were damaged by a thunder storm
during the autumn 2009. However, a number of signals taken with freight trains
moving at approximately 40 km/h are available with the full instrumentation. Some
of these will be presented in chapter 5.

A more general instrumentation with a large number of additional accelerometers
will be made on this bridge during the autumn 2010, when the bridge has been
taken in operation. Then, the aims of the experimental work will be to determine
mode shapes, eigenfrequencies and modal damping ratios using modern structural
identification methods. Hopefully, some form of artificial excitation will also be
devised for these tests, so that frequency response functions can be measured at
different amplitudes of vibration.

5http://www.colibrys.com
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4.4 Experimental results

Until the bridge is taken into operation (in autumn 2010), the only trains which
will pass the bridge at Hörnefors are freight trains, transporting materials for the
construction of the track. These trains may carry either ballast, sleepers or rails
and travel at speeds below 40 km/h. Low accelerations are expected from these
trains. The best one can do with this experimental material, in terms of estimating
eigenfrequencies, is to study averaged normalized power spectral densities6 (ANPSD)
which can give some indications on where the eigenfrequencies may be found. Only
two signal have been measured in which the free vibrations are clear enough to
give an estimate of the damping ratio of the mode which is dominating the free
vibrations. These results will be presented in section 4.4.1. The soil pressure cells
however, may give some interesting results even for these low train speeds. Data
gathered from the soil pressure cells will be used to validate more elaborate models of
the bridge in the future. A secondary aim with the soil pressure cells was to study the
long-term effects of daily and seasonal variation in temperature on the soil pressure
distribution on the side walls. However, after a thunderstorm during the summer

6See for example Wenzel and Pichler (2005)

Figure 4.14: One of the workers laying the last hand on the compaction of the em-
bankment against the instrumented side wall.
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Figure 4.15: Measured soil pressure variations and accelerations during the passage
of an unknown freight train.
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Figure 4.16: Measured soil pressure variations and accelerations during the passage
of a single locomotive.
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of 2009, three of five soil pressure cells were severely disturbed. It is the authors
hope that the laboratory personnel will be able to reconnect these transducers so
that at least the dynamic variation in the soil pressure can be monitored also in
the future. Nevertheless, a few interesting signals have been measured during 2009
and some of this material will be shortly discussed in section 4.4.2. During one
of many visits at the bridge for maintenance, the laboratory personnel placed an
extra vertical accelerometer on one of the frame side walls. The accelerometer was
placed as close to the foundation as possible, approximately 1.5m above the road
top surface underneath the bridge. During this day, no trains passed the bridge, but
there was some road traffic which managed to excite the bridge with accelerations
in the order of 0.1m/s2. These results, which do indicate that the foundations are
excited vertically, are presented in section 4.4.3.

4.4.1 Eigenfrequencies and damping

It should be immediately stated that the present estimates of eigenfrequencies and
damping ratios are very rough. This is mainly due to the low amplitudes of bridge
accelerations which have been measured so far. Furthermore, it is not possible to
identify the modes of vibration at this stage, since we cannot estimate the mode
shapes with only two accelerometers. An indication on the mode type can be ob-
tained by noting whether a certain frequency is detected by the horizontal and/or
vertical accelerometers. A typical outcome of a passing material transport train is
shown in figure 4.15 and the results obtained during the passage of a single locomo-
tive is shown in figure 4.16. These two signals have the highest acceleration level
and were therefore used to estimate the dynamic properties of the bridge. There
seem to be a clear section of free vibrations, but when filtered, it becomes obvious
that the free vibrations are composed of several modes of vibration. This is also
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Figure 4.17: The averaged normalized power spectral density of 10 train passages
(free vibrations) over the brideg at Hörnefors.
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reflected by the ANPSD of ten different train passages from which only the free
vibrations were taken. These are shown in figures 4.17 and 4.18. However, in the
two measurements analyzed here, there is a clear dominance of frequencies around
31-33Hz. The freight train is moving backwards, so that the locomotive passes the
bridge at the end. There are several such passages, but in most cases, the vertical
accelerations did not exceed 0.3m/s2 for the freight trains. The estimated eigen-
frequencies and damping ratios are shown in table 4.1. The eigenfrequencies were
estimated simply by looking at the fourier transforms of the signals. The damping
ratios ξ were estimated using the logarithmic decrement

ξ =
loge(vn/vm)

2π(m− n)
(4.2)

where vn and vm are the amplitudes at cycle n and m. It should be noted that the
data logger used (HBM7, Spider8) has a 24-bit resolution in amplitude (approxi-
mately 1.5 · 10−3m/s2). Thus, many of the damping ratio estimates given here are
based on filtered signals with amplitudes in the order of the quantization error which
is approximately εq = 7.5 · 10−4m/s2. The damping of the modes around 31-33Hz
is somewhat lower than that ascribed by the design code, but would probably be
somewhat higher if the maximum acceleration was closer to the maximum design
acceleration (3.5m/s2). The tendency is quite similar to that obtained for the theo-
retical model (see figure 4.10 and section 5.1); the first modes of vibration have quite
high damping ratios and the ones which dominates the free vibrations have damping
ratios lower than 2%. The free vibrations of the two studied signals, filtered with a
band-pass filter8 with cut-off frequencies 31.5 and 32.5Hz were surprisingly similar,
when truncated so that they start at the same amplitude (figures 4.19 and 4.20).

7http://www.hbm.com
8A third order Butterworth filter.
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Figure 4.18: An averaged normalized power spectral density plot of 10 train passages
(free vibrations) over the bridge at Hörnefors.
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Figure 4.19: Free vibrations (vertical acceleration) of the mode at 32Hz after the
passage of the freight train (see also figure 4.15).
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Figure 4.20: Free vibrations (vertical acceleration) of the mode at 32Hz after the
passage of the single locomotive (see also figure 4.16).
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The decay is obviously not exponential. Instead, a more appropriate description is a
bi-linear decay, where the linearity indicates that a friction type of damping mech-
anism is present. In this (and similar cases for other frequencies) the logarithmic
decrement was taken over the discontinuity of (or sharp change in) the envelope,
to get a better approximation of a viscously damped mode. The signal generated
by the single locomotive in figure 4.20 has a slight increase in the amplitude after
approximately 2 s. This behavior appears to be more pronounced in other modes of
vibration and is believed to be caused by the vibrations of the embankment after
the train has left the bridge. In such cases, it may affect the measured amplitudes
and thereby destroy the free vibrations.

Table 4.1: Experimental eigenfrequencies and damping ratios of the bridge at Hörne-
fors. Please note that there is no correspondence between values in this
table (except perhaps for the first at 7.1Hz and last frequencies at 32Hz
which were found on both signals).

single locomotive

vertical acceleration
frequency (Hz) 7.1 8.5 11 17 22 28.5 32
damping ratio (%) 2.9 4.3 7.3 4.0 2.0 3.0 1.1
horizontal acceleration

frequency (Hz) 5.4 6.7 7.1 22 26.5 31 32
damping ratio (%) 7.1 2.2 2.6 1.3 1.3 1.4 1.7

freight train

vertical acceleration
frequency (Hz) 7.1 9.2 18 20.5 26.5 30.5 32
damping ratio (%) 4.2 3.5 2.4 3.4 1.4 4.0 1.4
horizontal acceleration

frequency (Hz) 2.2 3.5 6.7 7.1 26.7 31 32
damping ratio (%) 5.0 4.7 1.8 1.4 0.8 1.1 1.0

4.4.2 Soil pressure cells

The results obtained from the soil pressure cells do not follow the author’s intuition.
It would seem reasonable to assume that the pressure distribution varies from higher
values at the top of the side wall to lower values towards the bottom of the side wall.
Instead, as can be seen in figures 4.15 and 4.16, the pressure distribution does not
follow any clear pattern. Generally, the pressure measured from the pressure cell
in the middle give the highest values of the pressure cells on the north side wall.
Also, the pressure on the south wall is approximately twice as high as that on the
north wall. The two soil pressure cells at the top of the north wall however, do
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give an intuitive picture of the variation in the pressure distribution; the redundant
pressure cell which is closer to the rail gives somewhat larger pressures than the
one along the center line. Prior to the decision of actually attempting to perform
this type of measurements on the bridge, the author and the supervisor of this
project had several discussions with geotechnical specialists. The outcome of these
discussions were all the same: there is a certain risk for various arching effects when
one tries to create an appropriate environment for a set of soil pressure cells behind
a backfill. Some of these aspects are also described in the book by Dunnicliff (1988).
Furthermore, it is surprising that the measured variation in soil pressure caused by
a passing train with axle weights of approximately 20 tons does not exceed 10kPa.
If half the axle weight is assumed to be transferred by one sleeper and the vertical
stress is assumed to be redistributed as 1:1, the vertical stress at a depth of 1m is
approximately 100 kN/8m2=12.5 kPa. The horizontal stress can then be estimated
by the well known expression σh = K0σv = (1 − sinφ)σv, where φ is the friction
angle of the backfill and the pressure can be estimated by p = 1/3(1+2(1−sinφ))σv.
However, these calculations are quite rough, and the result probably depends much
on the compaction of the material if not on other aspects, unknown to the author,
but they do indicate that the measured pressures are in the right order of magnitude.

Possible explanations for the apparently erroneous behavior of the measured soil
pressures are

- Arching effects within the embankment, caused by the stiffness difference be-
tween the fine material close to the soil pressure cells and the rest of the
back-fill

- Some form of bridging effect of the track superstructure which may act as if
supported by the embankment if it is stiffer at some distance from the backfill
and the bridge side wall

Obviously, this type of measurements need to be planned already at the design
stage of a new bridge, so that further precautions can be taken (suggestions on
improvements are discussed in section 6.2.2).

4.4.3 Vertical response in the frame side walls

This section describes the experimental results obtained during the 15:th of Septem-
ber, 2009. On this day, the laboratory personnel were performing some maintenance
work in the instrumented bridge and while being in place, they installed an extra
accelerometer to measure the vertical acceleration on the northern side wall, at a
height of 1.5m above the ground surface. This means that the accelerometer is
placed approximately 3m above the pile cap. A typical outcome is shown in figure
4.21. The variation in soil pressure is very small (in the order of 10Pa), but all three
accelerometers do give responses which could be analyzed after some band-pass fil-
tering of the raw data. The frequency content is quite similar to that obtained with
passing trains. However, the reoccurrence of the same frequencies is more frequent
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with this weaker excitation. The reader should take special notice of the peak at
approximately 2.8Hz in figure 4.22, as this mode could not be detected from train
passages, but is clearly a longitudinal mode since only the longitudinal accelerom-
eter shows a peak there. The theoretical model produced by ELU Konsult has a
rigid body mode with almost purely horizontal motion at 2.8Hz. It is very difficult
to determine whether the decay of the signals truly belong to the free vibrations
and hence, it was also very difficult to estimate the damping ratios of the different
modal components of figure 4.22. Nevertheless, it is quite clear that the foundations
are flexible.
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Figure 4.21: Typical measured response due to random road traffic under the instru-
mented bridge at Hörnefors.
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Figure 4.22: The frequency content of the accelerations shown in figure 4.21.

4.4.4 Comparison between measured ANPSD and theoretical
modes

Even though the available experimental data is not sufficient for a reliable estimation
of the mode shapes associated with the identified frequencies, some resemblance
between the measurements and the three dimensional model created by ELU Konsult
can be seen. The two permanent accelerometers can give a rough picture of the
nature of the mode shapes and this must of course be compared with the theoretical
model which was used to check the design of the bridge at Hörnefors for dynamic
loads. Figure 4.23 shows the ANPSD of figure 4.17, with the theoretical modes due
to ELU Konsult. Some of these modes can be roughly identified by assuming that
the modal (theoretical) displacements in the degrees of freedom of the acclerometers
can be related to the measured accelerations. This is of course very rough, since
a small displacement can be associated with a large acceleration, but nevertheless,
some interesting observations have been made. In the range of frequencies between
0-30Hz, the theoretical model predicts 24 modes of vibration. Of these 24 modes,
eight have been fairly well matched with the ANPSD, as can be seen in figure
4.23. These theoretical mode shapes are shown in figures A.1, A.2 and 4.5. In the
following, all reference to a mode refers to the theoretical modes. Mode 4 (figure
A.1) is an antisymmetric, longitudinal mode and is also seen in the ANPSD of both
the accelerometers. The next candidate, mode 10 (figure A.1), is a pure vertical
mode at 8.7Hz, which appears to match a measured, purely vertical mode at 8.2Hz.
Mode 11 (figure A.1) is a vertical mode with large displacements at the foundations.
Theoretically, this mode is found at 10.9Hz, which is very close to a peak which has
been detected by both accelerometers at 10.6Hz. At 12.5 and 13.2Hz, the theoretical
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due to ELU Konsult.
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model predicts two modes (figure A.2) with mainly vertical displacements, and they
seem to match two small peaks in the ANPSD of the vertical accelerometer. In the
range of frequencies between 15 and 20Hz, a number of peaks appear in the ANPSD,
which can not be related to the theoretical model, except perhaps for a symmetric,
vertical bending mode at 16.3Hz (figure A.2). However, two of the modes which
were shown to give rise to large vertical bridge deck accelerations in the dynamic
analysis of this bridge (see section 4.1 and figure 4.5) can be seen as candidates for
the observed modes at approximately 20Hz and 25Hz. This indicates that these
theoretical modes do exist in reality and should thus also be included in the dynamic
analysis. However, without a full instrumentation, preferably with known inputs,
no definite conclusions can be drawn.
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Chapter 5

Theoretical results

In this section, the main theoretical findings of the analysis procedures proposed
in chapters 2 and 3 will be described. In section 5.1, general results in terms of
modal properties, displacements and accelerations will be presented for the various
assumptions regarding the soil-structure interaction of the foundations. From these
results, it may be concluded that theoretically, the dynamic soil structure interaction
may have a substantial part in the overall damping of portal frame railway bridges.
The train-bridge resonance has been studied using various assumptions for the soil-
structure interface and the results of this study are presented in section 5.2.

5.1 Modal properties

This study has been limited to the modes of vibration with frequencies in the range 0-
30Hz. No more than five modes of vibration exist in the two-dimensional idealization
used in this study. Table 5.1 shows the eigenfrequencies and modal damping ratios
of these modes of vibration, computed assuming that the elastic modulus may be
taken as multiples of the characteristic bulk modulus Ek = 50MPa a Poisson’s ratio
of 0.25 and a soil density of 2000 kg/m3. The soil material damping ratio was chosen
as either 2% or 5%. The structural damping was chosen so as to produce a modal
damping ratio in the first vertical bending mode, equal to that prescribed by the
design code (1.8%) Banverket (2008), CEN (2008). These values are printed with
bold letters in table 5.1. The mode shapes of the modes of vibration presented in
table 5.1 are shown in appendix B.

5.2 Train-bridge resonance

As have been explained earlier, the computational cost of computing transient re-
sponses of systems with frequency dependent parameters is equivalent to that asso-
ciated with direct integration. In the present study, a total number of 660 degrees
of freedom were needed to obtain a proper description of the dynamic behavior for
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Table 5.1: Theoretical eigenfrequencies fn and modal damping ratios ξn computed
using the two dimensional model of the bridge at Hörnefors with shallow
foundations.
D: soil material damping ratio
E: soil modulus of elasticity
ξ: structural damping ratio (modal, added to each mode of vibration)

D = 0.02

E = 50MPa E = 100MPa E = 150MPa
ξ = 0% ξ = 0% ξ = 0.8% ξ = 0% ξ = 1.1%

fn ξn fn ξn fn ξn fn ξn fn ξn

mode n (Hz) (%) (Hz) (%) (Hz) (%) (Hz) (%) (Hz) (%)

1 3.4 6.4 4.6 1.7 4.6 2.6 5.2 0.9 5.2 2.1
2 5.1 12.0 8.1 4.1 8.1 4.9 9.8 2.1 9.8 3.2
3 - - 9.9 5.2 9.9 6.0 12.3 2.9 12.1 4.1
4 - - 15.6 6.2 15.6 6.9 19.4 3.7 19.4 4.8
5 20.5 4.5 21.4 1.0 21.4 1.8 22.1 0.8 22.1 1.8

D = 0.05

E = 50MPa E = 100MPa E = 150MPa
ξ = 0% ξ = 0% ξ = 0.6% ξ = 0% ξ = 0.9%

fn ξn fn ξn fn ξn fn ξn fn ξn

mode n (Hz) (%) (Hz) (%) (Hz) (%) (Hz) (%) (Hz) (%)

1 3.4 8.1 4.6 2.2 4.6 2.3 5.2 1.1 5.2 2.1
2 5.0 15.0 8.1 5.2 8.1 5.2 9.8 2.7 9.8 3.5
3 - - 9.9 6.5 9.8 6.5 12.3 3.6 12.1 4.6
4 - - 15.6 7.8 15.4 7.9 19.4 4.6 19.3 5.5
5 20.4 4.6 21.4 1.3 21.5 1.8 22.1 0.9 22.1 1.8

a sampling frequency of 60Hz. Most of these degrees of freedom were needed to
model the load system in an appropriate manner and the total time for computing
the bridge response for all HSLM-A trains was approximately 60 hours on an Intel
Quad Core with 8GB ram memory. The train-bridge resonance study was therefore
based on the response of the clamped model, assuming that the simplest form of
boundary conditions would be the consultants first choice, since no guidance for
choosing stiffness values for dynamic analysis is given by the design code. There-
fore, all HSLM-A trains were run over the clamped bridge and it was found that
the HSLM-A2 train gave the largest vertical acceleration. Thereafter, the HSLM-A2
train was used to study the influence of different boundary condition alternatives.
These results are shown in figure 5.1 and figures 5.2 and 5.3 show the maximum ver-
tical displacement and acceleration of the HSLM-A2 train, respectively, as function
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of the distance along the bridge deck. From figure 5.1, it is quite obvious that the
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Figure 5.1: Maximum vertical bridge deck acceleration as function of (HSLM-A2)
train speed for the two dimensional model of the bridge at Hörnefors.

clamped boundary conditions may underestimate the maximum vertical acceleration
grossly. Furthermore, as the soil elastic modulus increases, the static and SSI cases
tend towards the same solution. Considering the dynamic stiffness functions shown
in figures 1.1 and 4.9, this results appears to be correct as the stiffness is almost
constant in the frequency band 0-30Hz (for Esoil=100MPa and 150MPa) and the
damping decreases with the elastic modulus of the soil. However, for Esoil=50MPa,
the static stiffness is conservative, as compared with the SSI model. The location of
the maximum response is quite well balanced over the length of the bridge deck, as
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Figure 5.2: Maximum vertical bridge deck displacement (for the HSLM-A2 load at
speeds 100-350 km/h) as function of the distance along the bridge deck
for the two dimensional model of the bridge at Hörnefors.
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Figure 5.3: Maximum vertical bridge deck acceleration (for the HSLM-A2 load at
speeds 100-350 km/h) as function of the distance along the bridge deck
for the two dimensional model of the bridge at Hörnefors.
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can be seen in figures 5.2 and 5.3. For the vertical displacements, the maximum is
always obtained at midspan, but for the vertical acceleration, it is slightly translated
towards the first quarter point.
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Chapter 6

Discussion

In this chapter, the results of the work on soil-structure interaction in railway bridges
will be discussed and some general conclusions will be summarized.

6.1 Soil-structure interaction - modeling issues

Within the scope of this thesis, a portal frame bridge and its soil-structure interac-
tion at the foundations have been studied. It may be argued that the soil-structure
interaction of this bridge type is unnecessarily complicated and that one should in-
stead begin with simpler systems. Only qualitative results have been produced so
far and the main reason for this is of course the fact that all forms of soil-structure
interaction meet in this bridge type. Nevertheless, some indications on what may
be expected from further work within the field have been given and it is the authors
firm belief that there is much to be gained form a deepened understanding of the
phenomena related to dynamic soil-structure interaction. However, the author feels
obliged to say that the work performed within the area of dynamic soil-structure
interaction this far within this project, has mainly raised further questions. Nev-
ertheless, some experience in modeling foundations and analyzing structures taking
dynamic soil-structure interaction into account have been gained.

6.1.1 Modeling of foundations

In the following, a few comments regarding the difficulties which were met in the
analysis work of this project and the, to the author’s opinion, aspects which have
been neglected will be given. The main issues in modeling the soil-structure interface
can be summarized as follows:

- A large number of degrees of freedom (in the order of 106) are necessary to
model a general foundation including embedment in the soil

- Lack of experimental data for the soil material parameters make such analysis
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uncertain

- Validation of models of the soil-foundation interface

The computational expenses involved in this type of analysis are certainly not an
important issue on the academic level, but may be difficult to handle for a con-
sultancy agency within the field of civil engineering. Methods (e.g the cross-hole
method) able to measure the soil shear modulus in layered soils are well known
to the geotechnical engineering community and should thus not constitute a severe
difficulty, though it does induce an increase in the cost of the geotechnical survey.
Validating models of the soil-structure interface can, in the authors opinion, not be
done with less than direct measurements of these quantities on real foundations.
This must of course be done prior to the construction of the bridge and is therefore
probably quite difficult to do in commercial bridge construction projects. The rea-
son for this is that after driving a pile group, the soil needs some time to regain its
strength, which is reduced by the driving of the piles.

As have been described in section 2.4.1, the linear elastic theory does not fully
meet the experiments performed on shallow foundations. This is mainly due to the
uncertainties regarding the soil stratification in large scale experiments and to the
non-linear behavior of the soil materials. The uncertainties regarding the soil strat-
ification can be relieved by using cross-hole measurements, but the influence of the
soil material non-linearities must be studied carefully. To the author’s knowledge,
there are two effects which arise as consequences of the soil material non-linearities:

1. The dynamic stiffness functions become dependent on the load amplitude if
the soil strains exceed ∼ 10−4

2. The interface between the foundation (plates and piles) becomes dependent
on the loading history

The load dependency of the dynamic stiffness functions can only be handled in full
three dimensional models of the bridge and the surrounding soil. This is mainly
an academic problem, but may become relevant in assessment and upgrading of
existing railway bridges. Another interesting aspect of this is that since the soil
material damping ratio increases with increasing strain, the overall damping should
also increase. An increased understanding of this behavior could thus give useful
knowledge regarding train-bridge resonance.

To evaluate the influence of the contact conditions between structural elements
(piles, plates and abutments, for example), and the surrounding soil, more elaborate
modeling than that performed here is obviously needed. Such simulations must of
course also be validated by experimental work, which again, would probably be
rather expensive. One example of how important the contact conditions between
soil and structure was given by Novak (1987) (see also figure 2.8), who performed
experiments on down-scaled single piles and pile groups. He found that by adjusting
the soil modulus to account for its variation with the confining stress and by releasing
the top part of the pile from the surrounding soil in his theoretical model of a
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single pile, he could perfectly match the measured response. Another example,
which was pointed out also by Richart Jr. and Whitman (1967), is that since the
foundation plate of a shallow foundation often is much stiffer than the soil, the stress
distribution underneath the plate should be similar to that underneath a rigid plate.
Theoretically, the stress along the edges of a rigid plate tends towards infinity, and
it is therefore reasonable to believe that the soil plasticizes along the edge and is
more compacted there than under the center of the plate. Thereby, the contact
area between the plate and the soil is reduced. Similar plastic deformations may
occur at the top of abutments and the side walls of portal frame bridges. Here,
deformations caused by temperature variations (and maybe also braking forces)
may lead to large enough deformations to induce plastic deformations of the top
layers of the embankment. This long-term effect could, apart from settlements in
the embankment, cause a loss of contact between the structure and the soil.

6.1.2 Soil radiation and material damping

The perhaps most interesting result of this work is that a certain amount of the
structural modal damping can be ascribed to soil radiation and material damping.
Apart from shedding some light on this damping source, these results also clarify
that choosing a lower value for the soil elastic moduli may not be conservative in
the case of dynamic soil structure interaction. However, more work should be done
regarding adjustment of structural damping ratios which include several damping
contributions, to account for the inclusion of discrete dampers such as the dashpots
of the SSI-elements defined in section 3.1.5. As can be seen in table 5.1, the assump-
tion that the structural modal damping contributions from different sources may be
added together (section 3.4.1) is not met by the theoretical results. Nevertheless,
it is quite clear that the structural modes of vibration which involve the founda-
tions, have comparatively high modal damping ratios. This result could probably
be used to devise a dashpot (or an extra modal damping ratio term for the modes
which involve the foundations) for use in design calculations where the flexibility
of the foundations is included, without resorting to an analysis including frequency
dependent parameters. Of course, there is still much work to do in validating the
theoretical model including dynamic SSI against experimental work so that reliable
quantitative results can be obtained. Only then can definite design recommenda-
tions be given.

A very interesting idea presented by Veletsos and Verbic̆ (1973) introduces argu-
ments which gives the analyst the possibility to include the mass of the foundation
plate in the dynamic stiffness functions. Their proposal is based on the fact that
each component of the dynamic stiffness function of a foundation may be treated as
a linear, damped oscillator with frequency dependent parameters. By eliminating
the stiffness term, they describe each component of the dynamic stiffness matrix
in terms of the static stiffness (ω = 0) and a frequency dependent damping term.
Thus, the additional mass which should accompany the static stiffness can be com-
puted, given that the dynamic stiffness functions are known. This could give an
approach to choosing an appropriate additional soil mass, which together with the
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static stiffness of the foundation and adjustments of the modal damping ratios of the
structure would approximate the dynamic soil-structure interaction in way which is
directly applicable in a spectral decomposition method.

6.1.3 Integration of the equations of motion in the Fourier
domain

As have been shown in figure 3.7, the integration scheme based on the Fourier
transform may very well be used to integrate the equations of motion of the class of
problems treated here. However, it is computationally more expensive than direct
integration methods in the time domain and it can not be used if material (or ge-
ometric) non-linearities are present in the structural model. This is of course only
of academic interest, but could nevertheless yield efficient modeling strategies for
modeling of ballast and more complicated train models (rigid body systems). For
analyzes with HSLM loads or other parametric studies on the load system on sys-
tems of the type presented in this thesis, the method proposed by Adhikari (2002)
(see section 3.2) could be generalized to handle the present case and thus, the com-
putational work would resemble that of the traditional spectral decomposition. The
main issue in doing so is that one must be able to determine whether all the eigen-
values within the sought range have actually been found. This is further discussed
in section 7.1.

6.2 Soil-structure interaction - Experimental issues

6.2.1 System identification

The analysis of the dynamic measurements from the bridge at Hörnefors must be
considered as very rough. This is mainly due to the very sparse grid of accelerometers
which were used. In order to clarify which mode a certain frequency belong to,
a much finer grid is necessary. Nevertheless, the obtained results did give useful
indications on the nature of some of the modes of vibration, and with only 2-3
accelerometers, a better instrumentation is probably not achievable. A few of the
theoretical modes of vibration computed (by ELU Konsult) during the design of the
bridge at Hörnefors, could be identified with some confidence. However, it would
be desirable to have a reliable estimates of the mode shapes so that the quality of
the modeling can be established without doubt. Naturally, this information can also
help us to identify which phenomena are responsible for the observed discrepancies.
To the author’s knowledge, we have two possibilities:

1. Operational modal analysis, which enables us to identify modes of vibration
and the eigenfrequencies and damping ratios associated to them. This type of
analysis requires a fine grid of sensors (accelerometers or geophones) and gives
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information about the dynamic properties of the bridge at low amplitudes of
vibration.

2. Measurements of frequency response functions, which requires a known input
force and can give information not only at low amplitudes of vibration, but
also at amplitudes relevant for the loads under normal operating conditions,
i.e. during a train passage.

In the author’s opinion, these two methods should be combined using method (1)
as a basis which can be directly compared with our linear models and provide us
with information on how we should instrument in order to successfully apply the
method (2). There are however some issues regarding the artificial excitation of the
bridge which is necessary for method (2). Furthermore, in applying method (1),
measurements using different sensor locations can be combined in a single analysis,
so that one can use a smaller number of sensors than the number of sensor locations.
Relevant areas of research regarding these issues are further discussed in sections
7.2 and 7.4.

6.2.2 Soil pressure measurements

The experiences from instrumenting the portal frame bridge studied in this thesis
(chapter 4) with soil pressure cells have led to two important conclusions. First
of all, it is not very rational to place the pressure cells directly on the frame side
wall. It is very difficult to achieve a proper compaction of the backfill and after
the backfill has been placed, there is no way to exchange a malfunctioning pressure
cell. After a thunderstorm in 2009, three of five soil pressure cells were damaged
and the investment would have been completely useless if it was not for the cun-
ningness of our laboratory personnel. They managed to restore two of them but
since they have been completely off-line for some time, the continuity of the long-
term measurements have been broken. Nevertheless, we can continue measuring the
dynamic variation in soil pressure during train passages. To handle the risk of dam-
ages due to thunderstorms, optic fibre sensors and cables could be used in future
instrumentations of this kind. Ultimately, the structure should be prepared for this
type of measurements already at the design stage. Then, holes could be made in the
side wall so that the pressure cells can be reached also after the compaction of the
back-fill. Furthermore, it should be possible to apply a layer of cell-foam, latex or
some similar material to the side walls which would distribute the soil pressure and
ascertain that a pressure cell can be removed and replaced without disturbing the
soil stress distribution too much. Thereby, the entrepreneur can apply the backfill
using the standard procedures and materials without taking the instrumentation
into consideration and the experimental results should become more reliable.
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6.3 Concluding remarks

In this section, a summary of the conclusions which may be drawn form the presented
work is given. The experimental work performed this far have shown that

- It is most likely that the foundations of portal frame bridges are not fixed
during the passage of a train, since they do not even stay still during the
passage of road traffic under the bridge

- The inclusion of the pile group flexibility gives a quite good agreement with
the measured frequencies in the frequency band 0-15Hz. However, some fre-
quencies which can be observed in the experimental results (around 7Hz for
example), appear not to have any counterpart in the theoretical model.

- The theoretical modes which seem to cause the large additional vertical accel-
erations in the three dimensional model with flexible supports, appear to exist
also in reality

- There are indications on the damping ratios of the lower frequency modes,
which theoretically, have large displacements at the foundations, are substan-
tially higher than those corresponding to modes with higher frequencies

Theoretically, the dynamic design calculations produced by ELU Konsult show that,
apart from the discrepancies in maximum vertical acceleration, large differences in
the distribution of bending moments appear, depending on whether the analysis is
static or dynamic. Furthermore, a comparison of the results of the two dimensional
model with those of ELU Konsult, clearly shows that the two dimensional model is
not appropriate, since it cannot describe the modes of vibration which induces large
vertical bridge deck accelerations. Nevertheless, the work with the two-dimensional
model have given

- A methodology for the development of three dimensional models including
dynamic soil-structure interaction, assuming that the soil may be treated as a
linear elastic material

- Indications that a considerable part, in the order 1%, of the total modal damp-
ing of the bridge may have its origin in soil material and radiation damping

Furthermore, the two dimensional analysis indicates that

- Clamped boundary conditions are non-conservative, as compared with flexible
boundary conditions, when checking the vertical bridge deck acceleration

- The soil modulus of elasticity should not be underestimated if dynamic soil-
structure interaction is assumed
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- The contribution to the structural modal damping ratio from the dynamic
stiffness functions of the foundations is approximately 1(0.8)% for a soil elastic
modulus of 100(150)MPa.

- The contribution to the structural modal damping ratio from the dynamic
stiffness functions decreases with an increasing soil elastic modulus

- The soil modulus of elasticity appears not to be very important if static soil-
structure interaction is assumed. However, the maximum vertical bridge deck
acceleration appears to decrease when the soil elastic modulus is increased

No more precise conclusions can be drawn from the two dimensional model, since it
most likely that it does not include all the relevant modes of vibration.
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Chapter 7

Future research

The author have found many interesting aspects of the dynamic soil-structure inter-
action of railway bridges during the work with this thesis. Some should, according
to the author, be considered as prerequisites for further research within the field.
Others are merely side-tracks which could increase our understanding of the dy-
namic behavior of railway bridges and bring us closer to reliable simulations of the
entire train-track-bridge-soil system. In the following, the authors suggestions on
relevant research topics for the nearest future will be presented.

7.1 Impulse response functions

If we can resolve the issues (see sections 3.3 and 6.1.3) regarding determining all
the eigenvalues, within a given range, of the non-linear eigenvalue problem associ-
ated with the equations of motion with frequency dependent parameters (equation
(3.2)), the computations of dynamic responses presented within this thesis could
be performed with roughly the same computational work as for traditional spectral
decomposition. Thus, for commercial applications involving frequency dependent
parameters, the non-linear eigenvalue problem is an important subject. This prob-
lem does not only appear in the present context, but in all linear systems with
non-proportional damping. Therefore, this method of analysis could also become
relevant in situations where damping is introduced in the form of discrete dampers.
If, in the assessment of the dynamic behavior of an existing railway bridge, the
damping is found to be unsatisfactory with respect to allowing higher train speeds,
the application of discrete damping systems may be one possible solution to the
problem. The author have found the work of Jung et al. (2008) to be an interesting
candidate for a method which can determine the number of eigenvalues, within a
certain range of frequencies, of a non-linear eigenvalue problem. Their approach is
developed for the quadratic eigenvalue problem, but should be directly applicable
to other forms of non-linear problems, given that the frequency dependency of the
system matrices is sufficiently smooth.
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7.2 Non-linear system identification procedures

In trying to describe the discrepancies between experiments and theoretical analyzes,
non-linearities emanating from soil-structure interaction, material non-linearities in
concrete and contact conditions in structural bearings and in the interfaces between
different materials (i.e. soil-concrete and steel-concrete) should be considered. Small
non-linearities may affect the dynamic properties of a structure, primarily in two
ways

1. The stiffness of a given mode of vibration varies in time

2. The damping ratio varies in time

Most experimental analysis techniques are based on the assumption that the studied
signal is a realization of a stochastic process, generated by a stationary system. Both
of these assumptions are invalidated by non-linear effects and it is the author’s belief
that some of the uncertainties that we have our analysis of experimental data may be
resolved by improving our knowledge about these effects and adjusting our structural
identification techniques to include this knowledge. Thus, the main issue here lies in
determining which of the above mentioned phenomena are relevant. In the following,
arguments for assuming soil-structure interaction as one relevant candidate will be
given.

Rebelo et al. (2008) made some very interesting observations on ballasted, single
span, concrete girder bridges. They showed, by experimental methods based on free
vibrations, that the eigenfrequency of certain modes of vibration decreased with
the amplitude of vibration. Furthermore, they found that the corresponding modal
damping ratio increased with increasing amplitude of vibration. This behavior is
similar to that of soil materials under cyclic loads, but also to the behavior of cracked
concrete subjected to cyclic bending Neild (2001). Thus, the non-linear behavior
of ballasted railway bridges can be ascribed to either soil-structure interaction or
the opening and closure of concrete cracks. A less likely, but yet possible source of
non-linearities is the damping caused by movements in structural bearings. Rebelo
et al. (2008) used a method in which a window function is applied over a certain
part of the signal, and then translated with a certain time step. At each time step,
the eigenfrequency and the modal damping ratio can be estimated, for example
by fitting a linear oscillator to the windowed signal. The Division of Structural
Design and Bridges at KTH has quite much experimental data and therefore, a
Master’s thesis project Lorieux (2008) was started to try to validate the results of
Rebelo et al. (2008) on a completely different bridge structure. The data used by
Lorieux (2008) was taken from a 36m single span composite bridge carrying one
ballasted track. Essentially the same method of analysis as that used by Rebelo
et al. (2008) was used and some of the results are shown in figures 7.1 and 7.2.
The term maximum vertical acceleration refers to the maximum acceleration of the
windowed signals. These results are preliminary but give a clear indication that
during vibrations of higher amplitudes, the damping may be more than twice the
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value recommended by Banverket (2008) and CEN (2008) (which for this bridge
would give a modal damping ratio of 0.5%). Thus, in the case of resonant loading,
this phenomenon may lead to a much reduced resonant amplitude and therefore,
the soil-structure interaction phenomena related to ballasted tracks, embankments
and foundations, should be given some attention. This is important not only with
respect to assessment of existing bridges, but also for decision makers dealing with
issues regarding new high-speed railway systems. In the author’s opinion, the subject
should be approached from two different directions

1. Theoretical analysis of ballast-bridge interaction

2. Development of system identification procedures for non-linear oscillators

A three dimensional theoretical model based on the non-linear material models (or
perhaps other constitutive relations, derived from discrete lattices, such as that
developed by Suiker (2002)) described in section 2.2.4 could probably give some
guidance on whether the observed behavior can be accounted for by the ballast
alone or if also the foundations and abutments give a considerable contribution.
The accuracy in the experimental damping ratio estimates obtained by application
of a linear oscillator is questionable and must somehow be validated against a more
detailed model. An alternative to the system identification procedure described
here, is the wavelet transform approach proposed by Ta and Lardiès (2006). In this
approach, a weakly non-linear oscillator is fitted to the continuous wavelet transform
of free vibration data. In order to apply it to railway bridges however, a model for the
non-linear oscillator which captures the relevant aspects of the modes of vibration
of the railway bridge must be developed. The possible benefits from having fitted a
non-linear oscillator to the whole time series is that the damping ratio in each cycle
may be more accurately estimated. Either way, two different methods to estimate
the momentary damping ratio would be desirable.

7.3 Abutments

The influence of the embankment on the dynamic behavior of railway bridges is per-
haps the most complicated task both from a theoretical and an experimental point
of view. The main issues lie in the soil material parameters of the embankment and
in the compaction of the embankment against the abutment and its retaining walls.
The soil material parameters could of course be measured and a system to moni-
tor the development of these parameters in which the bore holes are reused could
probably be devised. From a theoretical point of view however, the compaction of
the embankment towards the abutment seem to constitute a formidable task. In
order to obtain a correct state of stress in the embankment, so that the soil pressure
against the abutment is properly modeled, some modeling tricks may be needed.
Muir Wood and Nash (2000) used finite differences with a Mohr-Coloumb material
model to model a bridge with integrated abutments subjected to temperature loads.
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The backfill-abutment interface was modeled with friction. They modeled the com-
paction of the embankment step by step by first assigning a very low density to
the backfill and then increased the density in one layer at the time and applied a
pressure on the layer to simulate the compaction work. Letting the model attain
equilibrium in each such step, a soil pressure distribution including the effect of the
compaction of the backfill was obtained. Their results seem promising and it should
be possible to use such a step prior to a dynamic analysis using the finite element
method. However, Muir Wood and Nash (2000) compared the result between an
embankment consisting of rock and an embankment consisting of soil. In the latter
case, the soil pressure distribution at rest was very similar to the hydrostatic soil
pressure distribution, indicating that there may be some significant simplifications
for most railway bridges.

7.4 Artificial excitation of railway bridges

The theoretical analysis of this thesis indicate that the modes of vibration which
have large movements at the foundations also have very high modal damping ratios
as compared with the recommendations of the design codes (Banverket (2008), CEN
(2008)). From the sparse experimental results available at the time being, it is not
possible to determine whether these damping ratios are realistic or not. At the time
being, the author places his hopes to the more extensive measurement project which
will be started when the bridge is taken into traffic during fall 2010.

It would, however, be desirable to measure frequency response functions instead
of the free vibrations. In the author’s opinion, this is the only way we can answer
questions regarding the existence and properties of specific modes. In order to do so,
the input force must be known, and to the author’s knowledge, the only way to obtain
this information is by using hydraulic cylinders with load cells to excite the structure.
This equipment is available at the laboratory of the Division of Structural Design and
Bridges at KTH, but several problems need to be resolved before artificial excitation
procedures can be applied on real structures. An important issue in this matter
is that one would have to attach the hydraulic cylinder to the bridge somehow.
Naturally, this demands that allowance is given (from the bridge owner) to mount a
certain number of bolts at a given set of locations. Ideally, such experiments should
be prepared for already at the design stage. Either way, the gain of performing
this type of experiments is two-fold. First of all, the experiments can be repeated,
thus enabling validation of the results and monitoring of the dynamic properties in
the long-term. Secondly, the amplitude dependency of the dynamic properties can
most likely be more accurately determined than by using linear theories on different
portions of the free vibrations.
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7.5 Direct measurement of dynamic stiffness func-
tions

As described in section 2.4.2, some effort have been given to validate the theoret-
ical models of shallow foundations against experiments. However, the analysis of
the experimental results have forced the analysts to use certain tricks to achieve
a better agreement between theory and experiment. If we could devise a method
by which the dynamic stiffness functions are measured prior to the construction of
the substructure, two useful purposes could be achieved. Given that the material
properties of the soil is determined (e.g. using the cross-hole method), the system-
atic measurement of dynamic stiffness functions would not only give a basis for the
validation of theoretical foundation models for dynamic analysis, but also more ac-
curate estimates of the static stiffness values. There is one major drawback in this
proposal however; it takes some time for the soil (especially for clays) to establish
its new configuration after the foundation is built and therefore, the construction
of the bridge would have to be continued only after some time. Also, the long-term
variation in the properties of the foundations may be affected by the bridge and the
loads acting on it. This is particularly relevant for pile groups, where the contact
between the top portion of the pile and the soil is lost due to plastic deformations
of the soil. An alternative could of course be to construct a number of typical
foundations, solely for the purpose of measuring their dynamic stiffness functions.
However, the costs involved in such a project seem unnecessarily high, given that
bridges are continuously being constructed, and one would still not be able to study
the previously mentioned long-term effects. Thus, with a little bit of planning, such
experiments could probably just as well be performed on real construction sites.
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Appendix A

Modes of vibration - 3D model

This appendix holds figures of some of the mode shapes in the frequency range
0-30Hz, computed by ELU Konsult AB, for the bridge at Hörnefors.
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Figure A.1: Modes 4, 10 and 11, according to the computations of ELU Konsult AB.



Figure A.2: Modes 13-15, according to the computations of ELU Konsult AB.





Appendix B

Modes of vibration - 2D model

This appendix holds figures of the mode shapes in the frequency range 0-30Hz,
computed using the two dimensional model of the bridge at Hörnefors as described
in section 4.2.1.
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Figure B.1: The two modes of vibration of the two dimensional model with clamped
boundary conditions.
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APPENDIX B. MODES OF VIBRATION - 2D MODEL

mode 1, fn = 3.7, ξ = 0.018 mode 1, fn = 3.4, ξ = 0.064

mode 2, fn = 6.0, ξ = 0.018 mode 2, fn = 5.1, ξ = 0.12

mode 3, fn = 7.5, ξ = 0.018

mode 4, fn = 14.4, ξ = 0.018

mode 5, fn = 21.3, ξ = 0.018 mode 5, fn = 20.5, ξ = 0.045

Figure B.2: Modes 1-5 of the two dimensional model with Esoil=50MPa. The left
column shows the static modes and the right column the SSI modes.
The real and imaginary parts of the mode shapes are plotted with solid
and dashed lines, respectively. Modes 3 and 4 of the SSI model could not
be found using the static or clamped modes as guess values in Newton’s
method (see section 3.3).
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mode 1, fn = 4.7, ξ = 0.019 mode 1, fn = 4.6, ξ = 0.026

mode 2, fn = 8.3, ξ = 0.018 mode 2, fn = 8.1, ξ = 0.049

mode 3, fn = 10.2, ξ = 0.018 mode 3, fn = 9.9, ξ = 0.060

mode 4, fn = 17.3, ξ = 0.018 mode 4, fn = 15.6, ξ = 0.069

mode 5, fn = 21.7, ξ = 0.018 mode 5, fn = 21.4, ξ = 0.018

Figure B.3: Modes 1-5 of the two dimensional model with Esoil=100MPa. The left
column shows the static modes and the right column the SSI modes.
The real and imaginary parts of the mode shapes are plotted with solid
and dashed lines, respectively.
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APPENDIX B. MODES OF VIBRATION - 2D MODEL

mode 1, fn = 5.2, ξ = 0.021 mode 1, fn = 5.2, ξ = 0.021

mode 2, fn = 9.9, ξ = 0.018 mode 2, fn = 9.8, ξ = 0.032

mode 3, fn = 12.2, ξ = 0.019 mode 3, fn = 12.1, ξ = 0.041

mode 4, fn = 19.9, ξ = 0.017 mode 4, fn = 19.4, ξ = 0.048

mode 5, fn = 22.2, ξ = 0.018 mode 5, fn = 22.1, ξ = 0.018

Figure B.4: Modes 1-5 of the two dimensional model with Esoil=150MPa. The left
column shows the static modes and the right column the SSI modes.
The real and imaginary parts of the mode shapes are plotted with solid
and dashed lines, respectively.

116



List of Bulletins from the Department of Structural Engineering,  
The Royal Institute of Technology, Stockholm 

TRITA-BKN. Bulletin 
 
Pacoste, C., On the Application of Catastrophe Theory to Stability Analyses of Elastic Structures. 

Doctoral Thesis, 1993. Bulletin 1. 

Stenmark, A-K., Dämpning av 13 m lång stålbalk "Ullevibalken". Utprovning av dämpmassor och 
fastsättning av motbalk samt experimentell bestämning av modformer och förlustfaktorer. 
Vibration tests of full-scale steel girder to determine optimum passive control. 
Licentiatavhandling, 1993. Bulletin 2. 

Silfwerbrand, J., Renovering av asfaltgolv med cementbundna plastmodifierade avjämningsmassor. 
1993. Bulletin 3. 

Norlin, B., Two-Layered Composite Beams with Nonlinear Connectors and Geometry - Tests and 
Theory. Doctoral Thesis, 1993. Bulletin 4. 

Habtezion, T., On the Behaviour of Equilibrium Near Critical States.  
Licentiate Thesis, 1993. Bulletin 5. 

Krus, J., Hållfasthet hos frostnedbruten betong. Licentiatavhandling, 1993. Bulletin 6. 

Wiberg, U., Material Characterization and Defect Detection by Quantitative Ultrasonics. Doctoral 
Thesis, 1993. Bulletin 7. 

Lidström, T., Finite Element Modelling Supported by Object Oriented Methods. Licentiate Thesis, 
1993. Bulletin 8. 

Hallgren, M., Flexural and Shear Capacity of Reinforced High Strength Concrete Beams without 
Stirrups. Licentiate Thesis, 1994. Bulletin 9. 

Krus, J., Betongbalkars lastkapacitet efter miljöbelastning. 1994. Bulletin 10. 

Sandahl, P., Analysis Sensitivity for Wind-related Fatigue in Lattice Structures. Licentiate Thesis, 
1994. Bulletin 11. 

Sanne, L., Information Transfer Analysis and Modelling of the Structural Steel Construction Process. 
Licentiate Thesis, 1994. Bulletin 12. 

Zhitao, H., Influence of Web Buckling on Fatigue Life of Thin-Walled Columns. Doctoral Thesis, 
1994. Bulletin 13. 

Kjörling, M., Dynamic response of railway track components. Measurements during train passage and 
dynamic laboratory loading. Licentiate Thesis, 1995. Bulletin 14. 

Yang, L., On Analysis Methods for Reinforced Concrete Structures.  
Doctoral Thesis, 1995. Bulletin 15. 



Petersson, Ö., Svensk metod för dimensionering av betongvägar.  
Licentiatavhandling, 1996. Bulletin 16. 

Lidström, T., Computational Methods for Finite Element Instability Analyses. Doctoral Thesis, 1996. 
Bulletin 17. 

Krus, J., Environment- and Function-induced Degradation of Concrete Structures. Doctoral Thesis, 
1996. Bulletin 18. 

Editor, Silfwerbrand, J., Structural Loadings in the 21st Century. Sven Sahlin Workshop, June 1996. 
Proceedings. Bulletin 19. 

Ansell, A., Frequency Dependent Matrices for Dynamic Analysis of Frame Type Structures. Licentiate 
Thesis, 1996. Bulletin 20. 

Troive, S., Optimering av åtgärder för ökad livslängd hos infrastrukturkonstruktioner. 
Licentiatavhandling, 1996. Bulletin 21. 

Karoumi, R., Dynamic Response of Cable-Stayed Bridges Subjected to Moving Vehicles. Licentiate 
Thesis, 1996. Bulletin 22. 

Hallgren, M., Punching Shear Capacity of Reinforced High Strength Concrete Slabs. Doctoral Thesis, 
1996. Bulletin 23. 

Hellgren, M., Strength of Bolt-Channel and Screw-Groove Joints in Aluminium Extrusions. Licentiate 
Thesis, 1996. Bulletin 24. 

Yagi, T., Wind-induced Instabilities of Structures. Doctoral Thesis, 1997. Bulletin 25. 

Eriksson, A., and Sandberg, G., (editors), Engineering Structures and Extreme Events. Proceedings 
from a symposium, May 1997. Bulletin 26. 

Paulsson, J., Effects of Repairs on the Remaining Life of Concrete Bridge Decks. Licentiate Thesis, 
1997. Bulletin 27. 

Olsson, A., Object-oriented finite element algorithms.  
Licentiate Thesis, 1997. Bulletin 28. 

Yunhua, L., On Shear Locking in Finite Elements.  
Licentiate Thesis, 1997. Bulletin 29. 

Ekman, M., Sprickor i betongkonstruktioner och dess inverkan på beständigheten. Licentiate Thesis, 
1997. Bulletin 30. 

Karawajczyk, E., Finite Element Approach to the Mechanics of Track-Deck Systems. Licentiate 
Thesis, 1997. Bulletin 31. 

Fransson, H., Rotation Capacity of Reinforced High Strength Concrete Beams. Licentiate Thesis, 
1997. Bulletin 32. 

Edlund, S., Arbitrary Thin-Walled Cross Sections. Theory and Computer Implementation. Licentiate 
Thesis, 1997. Bulletin 33. 



Forsell, K., Dynamic analyses of static instability phenomena.  
Licentiate Thesis, 1997. Bulletin 34. 

Ikäheimonen, J., Construction Loads on Shores and Stability of Horizontal Formworks. Doctoral 
Thesis, 1997. Bulletin 35. 

Racutanu, G., Konstbyggnaders reella livslängd.  
Licentiatavhandling, 1997. Bulletin 36. 

Appelqvist, I., Sammanbyggnad. Datastrukturer och utveckling av ett IT-stöd för byggprocessen. 
Licentiatavhandling, 1997. Bulletin 37. 

Alavizadeh-Farhang, A., Plain and Steel Fibre Reinforced Concrete Beams Subjected to Combined 
Mechanical and Thermal Loading.  
Licentiate Thesis, 1998. Bulletin 38. 

Eriksson, A. and Pacoste, C., (editors), Proceedings of the NSCM-11: Nordic Seminar on 
Computational Mechanics, October 1998. Bulletin 39. 

Luo, Y., On some Finite Element Formulations in Structural Mechanics.  
Doctoral Thesis, 1998. Bulletin 40. 

Troive, S., Structural LCC Design of Concrete Bridges.  
Doctoral Thesis, 1998. Bulletin 41. 

Tärno, I., Effects of Contour Ellipticity upon Structural Behaviour of Hyparform Suspended Roofs. 
Licentiate Thesis, 1998. Bulletin 42. 

Hassanzadeh, G., Betongplattor på pelare. Förstärkningsmetoder och dimensioneringsmetoder för 
plattor med icke vidhäftande spännarmering.  
Licentiatavhandling, 1998. Bulletin 43. 

Karoumi, R., Response of Cable-Stayed and Suspension Bridges to Moving Vehicles. Analysis 
methods and practical modeling techniques.  
Doctoral Thesis, 1998. Bulletin 44. 

Johnson, R., Progression of the Dynamic Properties of Large Suspension Bridges during Construction 
- A Case Study of the Höga Kusten Bridge.  
Licentiate Thesis, 1999. Bulletin 45. 

Tibert, G., Numerical Analyses of Cable Roof Structures.  
Licentiate Thesis, 1999. Bulletin 46. 

Ahlenius, E., Explosionslaster och infrastrukturkonstruktioner - Risker, värderingar och kostnader. 
Licentiatavhandling, 1999. Bulletin 47. 

Battini, J-M., Plastic instability of plane frames using a co-rotational approach. Licentiate Thesis, 
1999. Bulletin 48. 

Ay, L., Using Steel Fiber Reinforced High Performance Concrete in the Industrialization of Bridge 
Structures. Licentiate Thesis, 1999. Bulletin 49. 



Paulsson-Tralla, J., Service Life of Repaired Concrete Bridge Decks.  
Doctoral Thesis, 1999. Bulletin 50. 

Billberg, P., Some rheology aspects on fine mortar part of concrete.  
Licentiate Thesis, 1999. Bulletin 51. 

Ansell, A., Dynamically Loaded Rock Reinforcement.  
Doctoral Thesis, 1999. Bulletin 52. 

Forsell, K., Instability analyses of structures under dynamic loads.  
Doctoral Thesis, 2000. Bulletin 53. 

Edlund, S., Buckling of T-Section Beam-Columns in Aluminium with or without Transverse Welds. 
Doctoral Thesis, 2000. Bulletin 54. 

Löfsjögård, M., Functional Properties of Concrete Roads − General Interrelationships and Studies on 
Pavement Brightness and Sawcutting Times for Joints.  
Licentiate Thesis, 2000. Bulletin 55. 

Nilsson, U., Load bearing capacity of steel fibre reinforced shotcrete linings.  
Licentiate Thesis, 2000. Bulletin 56. 

Silfwerbrand, J. and Hassanzadeh, G., (editors), International Workshop on Punching Shear Capacity 
of RC Slabs − Proceedings. Dedicated to Professor Sven Kinnunen. Stockholm June 7-9, 2000. 
Bulletin 57. 

Wiberg, A., Strengthening and repair of structural concrete with advanced, cementitious composites. 
Licentiate Thesis, 2000. Bulletin 58. 

Racutanu, G., The Real Service Life of Swedish Road Bridges - A case study.  
Doctoral Thesis, 2000. Bulletin 59. 

Alavizadeh-Farhang, A., Concrete Structures Subjected to Combined Mechanical and Thermal 
Loading. Doctoral Thesis, 2000. Bulletin 60. 

Wäppling, M., Behaviour of Concrete Block Pavements - Field Tests and Surveys. Licentiate Thesis, 
2000. Bulletin 61. 

Getachew, A., Trafiklaster på broar. Analys av insamlade och Monte Carlo genererade fordonsdata. 
Licentiatavhandling, 2000. Bulletin 62. 

James, G., Raising Allowable Axle Loads on Railway Bridges using Simulation and Field Data. 
Licentiate Thesis, 2001. Bulletin 63. 

Karawajczyk, E., Finite Elements Simulations of Integral Bridge Behaviour.  
Doctoral Thesis, 2001. Bulletin 64. 

Thöyrä, T., Strength of Slotted Steel Studs. Licentiate Thesis, 2001. Bulletin 65. 

Tranvik, P., Dynamic Behaviour under Wind Loading of a 90 m Steel Chimney. Licentiate Thesis, 
2001. Bulletin 66. 



Ullman, R., Buckling of Aluminium Girders with Corrugated Webs.  
Licentiate Thesis, 2002. Bulletin 67. 

Getachew, A., Traffic Load Effects on Bridges. Statistical Analysis of Collected and Monte Carlo 
Simulated Vehicle Data. Doctoral Thesis, 2003. Bulletin 68. 

Quilligan, M., Bridge Weigh-in-Motion. Development of a 2-D Multi-Vehicle Algorithm. Licentiate 
Thesis, 2003. Bulletin 69. 

James, G., Analysis of Traffic Load Effects on Railway Bridges.  
Doctoral Thesis 2003. Bulletin 70. 

Nilsson, U., Structural behaviour of fibre reinforced sprayed concrete anchored in rock. Doctoral 
Thesis 2003. Bulletin 71. 

Wiberg, A., Strengthening of Concrete Beams Using Cementitious Carbon Fibre Composites. 
Doctoral Thesis 2003. Bulletin 72. 

Löfsjögård, M., Functional Properties of Concrete Roads – Development of an Optimisation Model 
and Studies on Road Lighting Design and Joint Performance. Doctoral Thesis 2003. Bulletin 73. 

Bayoglu-Flener, E., Soil-Structure Interaction for Integral Bridges and Culverts. Licentiate Thesis 
2004. Bulletin 74. 

Lutfi, A., Steel Fibrous Cement Based Composites. Part one: Material and mechanical properties. Part 
two: Behaviour in the anchorage zones of prestressed bridges. Doctoral Thesis 2004. Bulletin 75. 

Johansson, U., Fatigue Tests and Analysis of Reinforced Concrete Bridge Deck Models. Licentiate 
Thesis 2004. Bulletin 76. 

Roth, T., Langzeitverhalten von Spannstählen in Betonkonstruktionen.  
Licentitate Thesis 2004. Bulletin 77. 

Hedebratt, J., Integrerad projektering och produktion av industrigolv – Metoder för att förbättra 
kvaliteten. Licentiatavhandling 2004. Bulletin 78. 

Österberg, E., Revealing of age-related deterioration of prestressed reinforced concrete containments 
in nuclear power plants – Requirements and NDT methods. Licentiate Thesis 2004. Bulletin 79. 

Broms, C.E., Concrete flat slabs and footings New design method for punching and detailing for 
ductility. Doctoral Thesis 2005. Bulletin 80. 

Wiberg, J., Bridge Monitoring to Allow for Reliable Dynamic FE Modelling - A Case Study of the 
New Årsta Railway Bridge. Licentiate Thesis 2006. Bulletin 81. 

Mattsson, H-Å., Funktionsentreprenad Brounderhåll – En pilotstudie i Uppsala län. Licentiate Thesis 
2006. Bulletin 82. 

Masanja, D. P, Foam concrete as a structural material.  
Doctoral Thesis 2006. Bulletin 83. 



Johansson, A., Impregnation of Concrete Structures – Transportation and Fixation of Moisture in 
Water Repellent Treated Concrete. Licentiate Thesis 2006. Bulletin 84. 

Billberg, P., Form Pressure Generated by Self-Compacting Concrete – Influence of Thixotropy and 
Structural Behaviour at Rest. Doctoral Thesis 2006. Bulletin 85. 

Enckell, M., Structural Health Monitoring using Modern Sensor Technology – Long-term Monitoring 
of the New Årsta Railway Bridge.  
Licentiate Thesis 2006. Bulletin 86. 

Söderqvist, J., Design of Concrete Pavements – Design Criteria for Plain and Lean Concrete. 
Licentiate Thesis 2006. Bulletin 87. 

Malm, R., Shear cracks in concrete structures subjected to in-plane stresses.  
Licentiate Thesis 2006. Bulletin 88. 

Skoglund, P., Chloride Transport and Reinforcement Corrosion in the Vicinity of the Transition Zone 
between Substrate and Repair Concrete.  
Licentiate Thesis 2006. Bulletin 89. 

Liljencrantz, A., Monitoring railway traffic loads using Bridge Weight-in-Motion. Licentiate Thesis 
2007. Bulletin 90. 

Stenbeck, T., Promoting Innovation in Transportation Infrastructure Maintenance – Incentives, 
Contracting and Performance-Based Specifications.  
Doctoral Thesis 2007. Bulletin 91. 

Magnusson, J.,  Structural Concrete Elements Subjected to Air Blast Loading. Licentiate Thesis 2007. 
Bulletin 92. 

Pettersson, L., G., Full Scale Tests and Structural Evaluation of Soil Steel Flexible Culverts with low 
Height of Cover. Doctoral Thesis 2007. Bulletin 93. 

Westerberg, B., Time-dependent effects in the analysis and design of slender concrete compression 
members. Doctoral Thesis 2008. Bulletin 94. 

Mattsson, H-Å., Integrated Bridge Maintenance. Evaluation of a pilot project and future perspectives. 
Doctoral Thesis 2008. Bulletin 95. 

Andersson, A., Utmattningsanalys av järnvägsbroar. En fallstudie av stålbroarna mellan Stockholm 
Central och Söder Mälarstrand, baserat på teoretiska analyser och töjningsmätningar. 
Licentiatuppsats 2009. Bulletin 96. 

Malm, R., Predicting shear type crack initiation and growth in concrete with non-linear finite element 
method. Doctoral Thesis 2009. Bulletin 97.   

Bayoglu Flener, E., Static and dynamic behavior of soil-steel composite bridges obtained by field 
testing. Doctoral Thesis 2009. Bulletin 98. 

Gram, A., Numerical modeling of self-compacting concrete flow: Discrete and continuous approach. 
Licenciate Thesis 2009. Bulletin 99. 



Wiberg, J., Railway bridge response to passing trains. Measurements and FE model updating. 
Doctoral Thesis 2009. Bulletin 100.  

Ngoma, A., Characterization and consolidation of historical lime mortars in cultural heritage buildings 
and associated structures in east Africa. Doctoral Thesis 2009. Bulletin 101. 

The bulletins enumerated above, with the exception for those which are out of print, may be purchased 
from:  
 
The Department of Civil and Architectural Engineering 
The Royal Institute of Technology 
SE-100 44 Stockholm 
Sweden 
 
The department also publishes other series. For full information, see our homepage 
http://www.byv.kth.se 
 

http://www.byv.kth.se/

	Bulletins.pdf
	List of Bulletins from the Department of Structural Engineering, The Royal Institute of Technology, Stockholm


