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Abstract 

A new concept for the structural system for tall buildings, called the “Tubed Mega Frame”, has 

been developed by Tyréns AB. The structure consists of several hollow reinforced concrete 

columns at the perimeter of the building and at certain levels, the columns are tied together with 

perimeter walls. Together they carry all the vertical and lateral loads. A purpose of the new 

concept is to eliminate the core in the center of the building which allows utilizing more floor 

spacing compared with other skyscrapers. This kind of structure has never been examined 

before and thus never been designed for such a large building. In this thesis the vertical hollow 

concrete columns are designed according to the American concrete design code, ACI 318. A 

literature study on reinforced concrete columns has been investigated, where the goal was to 

identify the most critical design aspects for columns in high rise structures, especially utilizing 

high strength concrete. 

Since this kind of structure never has been designed before, an evaluation of the ACI 318 has 

been performed to check if it is possible to design the hollow reinforced columns in the Tubed 

Mega Frame according to this design code.  

The loads and forces used for the design were extracted from a global finite element model in 

ETABS of a concept prototype of 800 meter.  The design process consisted of design calculations 

according to the ACI 318, a buckling analysis in SAP2000 and a non-linear FE-analysis in ATENA.  

For the buckling analysis in SAP2000 the lower region of the building was isolated between two 

main perimeter walls. The model was modified several times to analyze how sensitive the 

structure was to buckling, with regard to different wall thicknesses, cracked cross-sections, 

openings in the columns and the dependency of intermediate perimeter walls.  

The non-linear analysis in ATENA focused on a single hollow column between two perimeter 

walls in the lower regions of the building. Two models were created, one with a full wall 

thickness and one with a reduced wall thickness where the ultimate capacity and failure 

behavior of the columns were investigated.  

The ultimate capacity of the sections designed by hand calculations and analyzed in ATENA were 

found to be brittle failure modes. To achieve a more ductile failure, an alternative reinforcement 

geometry with confining reinforcement has been proposed.  

The results from the design shows that the structure is redundant against buckling, even with 

reduced bending stiffness and without intermediate perimeter walls. From the analysis in 

ATENA, the results demonstrated that the columns are capable of carrying all the ultimate loads 

even if the wall thickness is reduced by 50%, and that it is possible to use the ACI 318 to design 

the reinforced concrete columns. However, an unexpected brittle failure occurred in the flanges 

of the column corners in the tensile region were shear lag may affect the behavior and caused 

the premature failure. A deductive conclusion has been drawn which states that proper 

confinement will be critical to achieve a ductile failure behavior even in the tensile region, which 

will require further studies in order to fully understand the behavior. 

Even though the results show that it was possible to reduce the cross-sectional thickness of the 

columns, more studies have to be performed to evaluate if the global structure fulfills the 

requirements with the decrease in column wall thickness.  
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Sammanfattning  

Ett nytt strukturellt koncept för skyskrapor har utvecklats av Tyréns AB, "Tubed Mega Frame", 

där strukturen består av flera ihåliga armerade betongpelare i utkanten som hålls samman med 

omslutande tvärväggar, och tillsammans bär de alla vertikala och laterala laster. Denna typ av 

konstruktion har aldrig analyserats eller utformats tidigare. I detta examensarbete är de 

vertikala ihåliga betongpelarna dimensionerade enligt den amerikanske byggnormen, ACI 318 

och de kritiska aspekterna med att utforma ett höghus i höghållfast betong med ihåliga pelare 

undersökts. 

Eftersom denna typ av konstruktion aldrig tidigare utformats, har en utvärdering av ACI 318 

genomförts för att kontrollera om det är möjligt att dimensionera de ihåliga vertikala pelarna i 

Tubed Mega Frame enligt denna norm. 

De laster och krafter som används för dimensioneringen extraherades ur en global finit 

elementmodell för en konceptbyggnad på 800 meter i ETABS. Den dimensionerande processen 

bestod av dimensioneringsberäkningar enligt ACI 318, en knäckningsanalys i SAP2000 och en 

icke-linjär FEM-analys i ATENA. 

För knäckningsanalysen i SAP2000 isolerades en sektion i den nedre regionen av byggnaden, 

mellan två omslutande tvärväggar. Modellen ändrades flera gånger för att analysera hur känslig 

konstruktionen var med hänsyn till knäckning, och de ändringar som gjordes var: minskning av 

väggtjocklekar, reducering för spruckna tvärsnitt, öppningar i pelarna samt de omslutande 

mellanliggande tvärväggarnas inverkan på knäckningen av konstruktionen. 

Den icke-linjära analysen i ATENA fokuserade på en pelare mellan två omslutande tvärväggar i 

den lägre regionen av byggnaden. Två modeller skapades, en med en full väggtjocklek och en 

med en reducerad väggtjocklek för att analysera brottbeteendet och verifiera den 

handberäknade kapaciteten enligt ACI 318. 

De brottmoder som påträffades för tvärsnittsverifikationen i ATENA var spröda och 

karakteriserades med krossning av betongen, och för att uppnå ett mer segt brott härleddes en 

alternativ armeringsgeometri med sammanhållande armeringsbyglar i de mest kritiska 

regionerna av pelarna. 

Resultaten visade att konstruktionen är robust mot knäckning, även med minskad böjstyvhet 

och utan mellanliggande omslutande tvärväggar. Av analysen i ATENA visade resultaten att 

pelarna är kapabla att bära alla de kritiska lasterna även om väggtjockleken reduceras med 50 % 

och att det är möjligt att använda ACI 318 som norm för dimensionering av pelarna i Tubed 

Mega Frame. Dock inträffade ett oväntat sprött brott i den dragna flänsen i nedre regionen av 

pelaren, framförallt koncentrerat till hörnen. Anledningen till det spröda brottet har utvärderats 

och analyserats där hypotesen är att flänsskjuvning i kombination med höga 

spänningskoncentrationerna i hörnen orsakar det lokala brottbeteendet i flänsen. Slutsatsen 

som baseras på hypotesen är att sammanhållande armeringsbyglar skulle vara avgörande för att 

uppnå ett segt brottbeteende även för den dragna flänsen.  

Även om resultaten visade att det var möjligt att reducera tvärsnittstjockleken för pelarna, krävs 

mer studier för att utvärdera om den globala konstruktionen uppfyller kraven för en minskning 

av pelarnas väggtjocklekar.  
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Notations 

Latin capital letters 

Ab Area of a reinforcement bar 

Ae Effective confined area 

Acc Concrete core area within the center-lines of the hoop 

Aef Effective concrete area 

Ag Gross cross section area 

Av Area of shear reinforcement 

As Reinforcement area (tension) 

A’s  Reinforcement area (compression) 

Ast Longitudinal reinforcement area  

E Young’s modulus 

Ec Young´s modulus (concrete) 

Ecm Secant value for Young´s modulus of concrete 

Es Young´s modulus (steel) 

Gf Fracture energy 

Gf0 Initial fracture energy depending on aggregate size 

H Horizontal force  

I Moment of inertia 

Ig Gross moment of inertia 

M Bending moment 

Mu Ultimate bending moment 

N Normal force 

Nu Ultimate normal force 

V Shear force 

Vn Nominal shear force 

VRd Shear capacity 

Vu Ultimate shear force  
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P Axial force  

P0 Nominal axial force 

Pcr Critical buckling load 

Pu Ultimate axial force 

T Torsion force 

Tn Nominal shear force 

Tu Ultimate torsion force 

 

Latin lower case letters 

b Width of cross section 

bc Distance between centerlines of enclosing hoops (width) 

bw Width of web 

cc Clear concrete cover 

d Distance from top compressive fiber to center of reinforcement 

db Diameter of reinforcement bar 

dc Distance between centerlines of enclosing hoops (thickness) 

dt Diameter of torsion reinforcement 

dv Diameter of shear reinforcement 

e Eccentricity  

f’c Concrete stress 

f’cc Enhanced compressive strength of concrete 

fcc Confined concrete compressive strength 

fcd Design value for concrete strength 

fck Characteristic compressive strength of concrete 

fcm Mean compressive strength of concrete 

fcm0 Initial tensile strength 

fl  Confining stress 

f’l Effective confining stress 
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fs Steel stress (tension) 

f’s Steel stress (compression)   

ft Tensile strength of concrete 

fy Yield strength of steel 

fyk Characteristic yield strength of steel 

fyt=fywd Yield strength of transverse steel, ACI/MC2010 

h Height of cross section 

k Boundary coefficient  

ke Confinement effectiveness coefficient  

l0 Buckling length 

ls,max Length over which slip between concrete and steel occurs 

lu Unsupported length 

pcp Circumference of cross section in torsion 

s Reinforcement spacing 

s’ Effective distance between transverse reinforcement 

sc Crack spacing 

stv Distance between transverse reinforcement 

t Wall thickness of columns 

wd Plastic deformation 

wf Crack width 

wi Effective distance between longitudinal reinforcement 

ws Width of splitting cracks 

x Distance to neutral axis 

 

Greek letters 

β Numerical approximation factor, estimating cracks in direction of the plane  

βdns Coefficient considering creep effects from sustained loads 

δs Magnified displacement 
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Δl Lateral displacement 

Δz Distance between transverse reinforcement 

ε Strain 

εc Concrete strain 

εcp Plastic strain of concrete 

εcu Ultimate concrete strain 

εs Steel strain 

εsu Ultimate steel strain 

εy Yield strain of steel 

θp Crack inclination 

ν Poisson ratio 

ρ Reinforcement ratio 

σ Stress 

σc Concrete stress 

σs Steel stress   

𝜏 Shear stress 

ϕ Strength reduction factor, ACI 318 

Ø Reinforcement diameter  
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1 Introduction 

1.1 Tubed Mega frame 
An innovative concept design of skyscrapers is being developed by Tyréns AB in Stockholm and 

in collaboration with PLP Architecture in London. The project consists of the development of a 

new structural system for high-rise buildings that is named “The Tubed Mega Frame” and a new 

transportation system for high-rise buildings called the “Articulated Funiculator”. 

 

Figure 1-1 – Prototype building of the Tubed Mega Frame, 800 meter (King & Severin, 2014) 

The Tubed Mega Frame does not have a structural central core like most other high-rise 

buildings in today’s society, instead it has several mega columns at the perimeter of the building. 

These hollow mega columns carry all the loads and they also house the installations, pipes, stairs 

and they could house the Articulated Funiculator, which enables free floor plan configurations 

(King & Severin, 2014).  
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Figure 1-2 – Prototype rendition of the Articulated Funiculator (King & Severin, 2014) 

1.2 Background and problem description 
In the last decades, the use of high strength concrete (HSC) in high-rise structures has become 

increasingly popular since it has the ability to withstand high axial loads and because of the high 

stiffness properties. The component materials in high strength concrete are similar with 

ordinary concrete, but there are some essential differences related to the preparation process. 

The differences consist in the content of powder, water cement ratio (w/c), usage of 

superplasticizers and the number of cast operations, (Onet, 2009). For a normal concrete, the 

weakest part of the concrete is the cement paste. This results in that the compressive strength of 

the concrete is limited by the strength of the cement paste. The cement paste is mainly 

dependent of the water cement ratio or the water cement + additives ratio (w/b), and when the 

w/b is lowered, the strength of the cement paste increases. This result in a cement paste which 

strength is equal to or exceed the strength of the aggregates. In other words, the HSC is both 

dependent of the w/b as well as the composition of the aggregate, i.e. aggregate material and 

maximum aggregate size (Nylinder, 1998). 

The high stiffness properties of HSC (between 60 and 120 MPa) depend on the increased 

compressive strength and Young’s modulus of elasticity (up to 50 Gpa) compared to ordinary 

concrete, which leads to reduced dimensions of structural members, self-weight and material 

usage. Construction labor and constructability is also more effective since the HSC is often self-

compacting and no vibration work is needed. The ultimate phase of high strength concrete is 

characterized by a more brittle failure mode due to the high stiffness of the material (Nylinder, 

1998). Since the relative new use of HSC, there is still limited research of HSC members which 

restricts utilizing the full strength for characteristic design values (fib, 2010). 

In the Tube Mega Frame, reinforced hollow columns using HSC are intended to be used for the 

main structural system. The columns should be able to resist high axial forces due to self-weight, 

large moments and lateral loads due to wind and seismic loads. The columns in a high-rise 

structure should provide a ductile behavior and the Tubed Mega Frame uses columns which are 

arranged in the perimeter of the building which is why the columns will become the most 

important structural member to ensure the safety and stability of the system. The experimental 
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database of tested reinforced concrete hollow columns with HSC is limited. Full scale testing of 

large columns is often expensive and complicated where an understanding of the failure 

behavior of the columns is important in order to ensure a ductile behavior and the safety of the 

system. Because of the limited testing, numerical models of large columns become increasingly 

important to study the behavior of large columns with regard of stability and failure behavior. In 

the Tubed Mega Frame, the buckling behavior and stability of the structure is critical since there 

is no stabilizing core which is commonly utilized in today’s design of skyscrapers. That is why a 

numerical analyze is required in order to understand the full behavior of the stability of the 

system. A detailed numerical nonlinear analysis is also required in order to gain understanding 

of the failure behavior of high strength concrete which will be utilized in the Tubed Mega Frame 

(King & Severin, 2014). 

When using a hollow column instead of a solid column, the shear flow becomes closer to a thin-

walled tube and little investigation has been done for evaluating the shear strength for such 

members (Shin, et al., 2013). In the ACI 318-11, there is no specific shear formula for hollow 

reinforced columns, which are based on empiric formulas from testing of solid sections 

consisting of normal strength concrete. The shear resisting mechanism in the ACI is based on the 

area from the webs where full scale testing of hollow columns has shown to be more dependent 

on the gross cross section of the column, especially in large cross sections. In design of columns 

in high-rise structures, the amount of ductility is significant in order to prevent a brittle failure 

of the column when subjected to large lateral forces and the ACI does not specifically define a 

ductility factor. Several other research groups have addressed this issue and formulated shear 

formulas based on the ductility factor in order be able to calculate the full response and 

preferred failure mode of the column when failing (Priestley, et al., 2002). A research group has 

recently developed a shear strength formula, specifically designed for ductile hollow rectangular 

reinforced concrete sections which take into account the gross cross section of the hollow 

section when calculating the shear strength of the section (Shin, et al., 2013). 

1.3 Aim and scope 
The main aim of the study is to propose a design of the reinforced concrete hollow mega 

columns in the Tubed Mega Frame of an 800 meter concept building located in China. A finite 

element model of the whole concept building was already developed by Tyréns AB in ETABS 

(ETABS 2013 Nonlinear 64-bit, Version 13.1.3, Build 1065, Computers and Structures, Inc., 

2013), and should be used to extract ultimate loads from different load cases. Three different 

sections of the building were isolated and designed according to the ACI 318-11 with the aid of 

the Model Code 2010.  

A linear buckling analysis in the finite element (FE) program, SAP2000 (SAP2000 Advanced, 

Version 16.1.0, Structural Analysis Program, Computers and Structures, Inc., 2014) will 

thereafter be performed for one of the chosen sections, which should be modeled between two 

of the main structural perimeter walls. A virtual test specimen will be isolated between two 

perimeter walls and evaluated in a nonlinear FE analysis in ATENA 3D (ATENA 3D, Version 

4.3.1.7242, Cervenka Consulting), with regard to its ultimate capacity and with regard of the 

interaction between shear forces due to wind forces and axial forces due to self-weight and 

overturning moment.  

A secondary object was to study the structural behavior of tall and slender vertical tubes in 

order to locate the most critical design aspects for reinforced concrete columns in high-rise 
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structures, which also involved studying seismic effects. A design should thereafter be proposed 

for the most critical section with regard of confinement of the concrete column in order to 

provide sufficient ductility when failing.  

1.4 Limitations 
In the study on the concept building, no seismic loads are present and will not be evaluated in 

the numerical FE-analysis. No time-dependent effects such as creep and shrinkage were 

regarded in the numerical analysis, which was also limited to ultimate limit design loads on the 

structure. The geometry of the structural elements has been limited to straight walls and the 

tapered sections between stories 1-40 have not been analyzed. In the global analysis, no P-delta 

effects are included in the extracted loads from ETABS which have been limited to the local 

analysis. 

All design calculations have been made according to the ACI 318 as the main standard and 

MC2010 as a complementary design tool. The reason for this choice was that the market for 

high-rise buildings is mostly located in the US and in China, and the ACI 318 is more similar to 

the Chinese code than the Eurocode (King & Severin, 2014).   

All equations are valid and presented in SI-units and the metric system. 

1.5 Outline of thesis 
The first part of the thesis is a literature study on reinforced concrete columns, which focuses on 

columns in structures that are subjected to large lateral and axial loads. The chapter should 

provide an insight into what critical design aspects needs to be considered for high-rise 

structures, such as the prototype building where failure modes of large reinforced columns have 

been studied. Furthermore, the confinement of reinforced columns has been studied and a 

numerical evaluation of the confinement for a hollow reinforced concrete column has been 

summarized, which should give an understanding of confinement effect in hollow columns. 

Chapter three and four explains the design formulas in the ACI 318 and Model Code 2010 that 

has been used in the proposed design of the reinforced concrete columns. The chapter with the 

design equations in Model Code has proposed design equations for the confinement stress which 

is valid for HSC. An innovative shear strength formula is also presented from the Model Code 

2010 which is derived from a physical model, while the shear formulas in the ACI 318 are 

empirical. 

Chapter five explains the general theory behind FEM and what problems that may be 

encountered in a FE analysis. Furthermore, are the FEM programs ETABS and SAP2000 

explained and what type of element and theory that is implemented in those programs. In a 

separate section the theory of fracture mechanics is explained, which is implemented in the 

ATENA material models, followed by a section of the theory behind ATENA. 

Chapter six describes the full methodology for each different analysis and design for the concept 

building. The ETABS section describes the sectional forces that have been extracted from the 

global model in the ultimate design phase. The buckling analysis in SAP2000 is then described 

for both buckling of one column and for the whole system. The hand calculation section for the 

design of the hollow reinforced concrete columns according to ACI 318-11 with regard of 

torsion, shear, bending moment and axial force for the three different sections (Figure 6-1) is 

presented, followed by a study on confinement of a chosen section within the building. The 
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ATENA section describes which section that has been isolated for a detailed nonlinear analysis 

which should verify the hand calculated design according to ACI 318-11. 

Chapter seven presents the result from the buckling analysis for all the columns, the results from 

the hand calculations, a drawing of the reinforcement detailing of three different sections as well 

as the results from the numerical analysis in ATENA. 

The last chapters discuss the results from the hand calculations and the numerical analysis in 

SAP2000 and ATENA. The conclusions of the thesis and suggestions for further research are also 

presented.  
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2 Literature study of reinforced concrete 

columns 
In design of reinforced concrete columns subjected to large lateral forces, the governing failure 

mode should ensure a ductile behavior and a controlled damage propagation of the reinforced 

concrete section, (Subramanian, 2011). The columns in a moment resisting frame should 

develop these ductile sections at the end of the column, which are defined as plastic hinges in the 

literature and are characterized by closer spacing of transverse reinforcement and different 

reinforcement configurations, Figure 2-1. 

 

Figure 2-1 – Dense reinforcement consisting of Perimeter hoops, cross-ties enclosing the hollow 
section and distributed longitudinal reinforcement along the perimeter the section (Papanikolaou 
& Kappos, 2009) 

The shear flow in hollow columns is different from that in a solid section and is more close to a 

thin-walled tube section. The shear stress is acting as a parabolic in the webs where the 

maximum stress occurs in the middle part of the webs and in the ends of the flanges, Figure 2-2 

(Leckie & Dal Bello, 2009).  

 

Figure 2-2 – Shear distribution in hollow boxed section (Hartsuijker & Welleman, 2007) 
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When using a hollow section instead of a solid section, the hollow core section enables to 

maintain a good strength/mass and stiffness/mass relationship, because it is maintaining a high 

moment of inertia while reducing its mass, (Qiang, et al., 2013). The use of less mass is beneficial 

in seismic design of high-rise concrete structures since the large movements in the lateral 

direction will cause large second order effects (Model Code, 2010). 

Reinforcement detailing in hollow sections are more complicated than solid sections, correct 

spacing and constructability of these sections need to be properly considered and crucial to 

ensure a ductile behavior of the structure if extreme loads are applied such as strong 

earthquakes, (Subramanian, 2011). Especially important is the arrangement of reinforcement 

within the plastic hinge region where the transverse reinforcement should be designed to avoid 

shear failure, splitting failure in anchorage zones, prevent buckling of longitudinal bars and to 

effectively confine the concrete in order to ensure a ductile behavior when failing, (Paultre & 

Légeron, 2008). 

2.1 Lateral loads acting on high rise structures 
The moment distribution from a fixed column subjected to a lateral force from wind or lateral 

seismic loads are denoted as a double curvature moment distribution. The shear span ratio, 

h/2d is further defined as the length of the column the width of the column, which is derived 

from the moment that arises due to the lateral load, Figure 2-3. The shear span ratio is used 

when comparing different columns in order to estimate the type of failure behavior that could be 

expected, (Krolicki, et al., 2011). The most critical regions of the columns in high-rise structures 

will therefore occur either at the top of the column or at the base. 

 

Figure 2-3 – Fixed column with double curvature moment, induced by a shear force (Krolicki, et al., 
2011) 
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2.1.1 Wind loads 

When designing for wind loads that are acting on high-rise structures, the final design will 

generally require a wind tunnel test in order to determine the response of the structure due to 

wind.  

 

Figure 2-4 – Wind tunnel test of a skyscraper (Freedom Tower, NY) in a dense city environment 
(Cadalyst Staff, 2007) 

The design codes have simplified approaches that do take into account some critical aspects 

such as mean wind velocity, topography conditions, natural frequency of the structure, and the 

geometric shape of the building. The magnitude of the wind load will vary with the height of the 

building and is denoted as the gradient height, Figure 2-5. There is a limit on how much the wind 

speed is increased and at a certain height, the wind speed will remain constant where the limit 

height varies dependent on which code is used. The shape of the gradient curve depends on the 

roughness of the ground which is affected by the surrounding landscape in which the building is 

constructed where different exposure classes correspond to different topology (Zhang, 2014). 

 

Figure 2-5 – Gradient wind curve dependent on different expose classes (Zhang, 2014)  



2 Literature study of reinforced concrete columns 

10 
 

2.1.2 Earthquakes 

In design of high-rise structures subjected to earthquakes of different magnitudes, a 

performance based design approach is commonly used. This approach is used to predict the 

behavior of the structure at different magnitudes and maintaining a serviceability of the 

structure during smaller earthquakes and preventing the structure to collapse during strong 

earthquakes. In the past decades, the buildings were only designed to withstand a total collapse 

of the structure in the case of a strong earthquake (Miranda, 2010). How the structural member 

in a tall building should withstand and perform during a seismic event is therefore based on the 

different magnitudes and occurrences of earthquakes. 

Table 2-1 – Earthquake levels and associated performance objectives suggested by the 1999 SEAOC 
document 

 

In the ASCE 7-05 code, there are two different occurrences that are used when designing for 

earthquakes, the serviceability of frequent earthquakes and a maximum magnitude of an 

earthquake that is defined as “extremely rare” with a recurrence interval of 2475 years (Naeim, 

2010).  

Generally there is a weak beam/strong column relation, which means that the plastic hinges of 

the system should form in the beams before they form in the columns. If the columns in a 

structural system would be designed such that no plastic hinges occur at the column base, it 

would lead to a very conservative design. Therefore a certain number of plastic hinges should 

develop in the structure during an earthquake event at given locations. A preferred failure mode 

would be to allow mixed column-beam plastic hinging in the system, which would ensure a 

controlled sway mode of the structure, Figure 2-6. 

 

Figure 2-6 Sway-frame structure with mixed plastic hinging between beam and columns (Priestley, 
2007) 
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Design of high-rise structures has to ensure that plastic hinges does not form in the top and 

bottom of the columns at the same time, which would lead to a collapse of the structure, Figure 

2-7 (Priestley, 2007).  

 

Figure 2-7 – Plastic hinges forming simultaneously in both columns ends (Priestley, 2007) 

Plastic hinges are ideal for representing non-linear responses when modeling earthquakes 

where the column remains elastic between its plastic hinges (Aydınoglu & Önem, 2010). Within 

the plastic hinge zone, there are special requirements for reinforcement ratios and spacing for 

the transverse reinforcement to ensure the desired ductile failure mode of the section (Qiang, et 

al., 2013). 

2.2 P-delta effects 
The P-delta effect is also known as the 2nd order effect in other literature. P-delta effects arise 

when a column (or a structure) is axially loaded, either by its own weight or by an applied load, 

and a lateral displacement that is implemented from a horizontal load or an eccentricity of the 

axial load. Due to the lateral displacement, the axial load will get an eccentricity and hence an 

additional moment will arise. The so-called second-order moment will contribute to an 

additional displacement, a “2nd displacement”. This is most important in tall structures such as 

high-rise buildings and tall slender structures that are subjected to lateral loads and therefore 

lateral displacements. P-delta effects often occur when there are imperfections in the structures, 

sway in multi-story buildings, cracking of the structure and when large lateral loads are present, 

which induce additional moments and deflections, Figure 2-8 (Abell & Kalny, 2013). 

 

Figure 2-8 – a) Frame subjected to lateral forces only, b) Frame subjected to lateral force and 
vertical forces inducing P-delta effects, (MxCAD, 2013) 
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In order to analyze a structural element subjected to P-delta effects, the first order bending 

moment is multiplied with an amplification factor so that the total displacements will contribute 

the 2nd order effects.  

In analysis the P-delta effect is solved with an iterative procedure, where the displacements is 

calculated in several steps until the additional moments are so small that they will not result in 

any further displacements. This iterative process is non-linear since the displacements will 

increase exponentially. Due to this, the P-delta effect is also known as geometric nonlinearity, 

(Abell & Kalny, 2013).  

2.3 Confined reinforced concrete columns 
When a reinforced concrete column is subjected to compression forces, the concrete will 

transfer forces in its lateral direction due to the Poisson effect. The Poisson effect is the 

volumetric expansion of concrete and when the expansion is restrained by transverse 

reinforcement in the perimeter, the concrete core will be confined, Figure 2-9 (Razvi & 

Saatcioglu, 1999).  

 

Figure 2-9 - (Papanikolaou & Kappos, 2009) 

When the concrete expansion is restrained, tensile pressure is applied in the parameter 

reinforcement which will create an inward radial pressure acting on the concrete core and thus 

effectively confining the concrete (Papanikolaou & Kappos, 2009) (Ranzo & Priestley, 2000). 

When the concrete is degraded in an unconfined section, the Poisson ratio will increase from 0.2 

to 0.5 due to the increased cracking and crushing of the material. Depending on the confinement 

effectiveness of the section, the lateral expansion that is restrained will increase the ductility and 

thus enhancing the concrete strength of the section since the damage propagation is prevented 

due to the confining effect (Imran & Pantazopoulou, 2001) (Model Code, 2010). 

The inward radial pressure created by the confining action will develop an arching effect 

between the transverse reinforcement layer as well as within the section, Figure 2-10 (Paultre & 

Légeron, 2008).  
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Figure 2-10 – Confined concrete within a cross-section (Paultre & Légeron, 2008) 

In the confinement models prior of 1988, there were limited possibilities of calculating the 

enhanced stress-strain relationship due to the confining action. In 1988, Mander introduced a 

more sophisticated confinement model that accounts for the arching effect and distribution of 

cross-ties, which enables to calculate an effective confining stress (Razvi & Saatcioglu, 1999). 

The formulas derived since 1988 have been modified to capture the more brittle behavior of 

high strength concrete. Because full scale testing of high strength concrete columns are lacking, 

it has limited further development.  

When designing a reinforced concrete column in high-rise structures, how well the section is 

confined will affect what type of failure mode that would be expected of the column. The spacing 

of the cross-ties is one key feature in effectively confining a section where a closer spacing of the 

cross-ties evens the stress distribution which will limit the deformation of the encircling hoop. 

This also limits the tensile pressure added on the perimeter, Figure 2-11 (Razvi & Saatcioglu, 

1999) 

 

Figure 2-11 Confining stress distribution with different hoop arrangements (Razvi & Saatcioglu, 
1999)  
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Limiting the deformation of the perimeter reinforcement of the enclosing hoop is especially 

important since the high compression may lead to spalling of the concrete cover, Section 2.4.2. 

Testing of full-scale confined members subjected with high axial loads has concluded that a 

closer spacing of cross-ties and longitudinal bars will enhance the confining action and reduce 

the risk of spalling (Mander, et al., 1988). 

When designing hollow sections, the confined concrete section becomes more like a closed 

boxed wall section where an encircling hoop in each separate wall with intermediate cross-ties 

confine the concrete. The theory of the stress-strain relationship will therefore become the same 

for a solid column except that each wall acts as a separate confining section (Mander, et al., 

1988). 

2.3.1 Manders confinement model of rectangular section 

In the confinement model that Mander et al. proposed in 1988, the maximum stress in the 

confined regions of the section is determined from the maximum strain when the cross-ties 

fracture, which takes into account the strain-hardening behavior of the steel when it is yielding. 

This criterion has been derived by (Mander, et al., 1988) which is an energy balance between the 

confined strain increase in the concrete and the maximum yield strength in cross-ties, Figure 

2-12 (Paultre & Légeron, 2008). 

 

Figure 2-12 – Stress and strain distribution for unconfined and confined concrete (Paultre & 
Légeron, 2008) 

The arching effect shown in Figure 2-13 creates an effective confined section which may be 

estimated by using a second-degree parabola with an initial inclination of 45°. The most 

inefficient confining section occurs at the mid-span between the transverse reinforcement, 

Figure 2-13. As the section is subjected to a higher axial loads, the compressive stress will 

become greater and therefore higher amounts of confining reinforcement is needed to achieve a 

ductile behavior when failing. From the transverse reinforcement arrangement and effective 

confining area, an enhanced stress-strain relationship may be derived and expressed as the 

confinement effectiveness coefficient, ke that is varying with the effective confined area Ae and 

the concrete core area within the center-lines of the hoop Acc, Equation 2-1, Figure 2-13 (Mander, 

et al., 1988).  

   
  

   
      (2-1) 
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When calculating the effective confinement coefficient for rectangular sections that is confined 

with cross-ties, the effective confined area in between the transverse reinforcement may be 

calculated by, Equation 2-2. 

      
   

 

 
    

  

   
    

  

   
    (2-2) 

wi
2/6 in Equation 2-2 is the effective confining area which takes into account the arching effect 

between the longitudinal reinforcement, s’/dc and s’/bc  is the effective area in between the 

transverse reinforcement (Figure 2-13). 

 

Figure 2-13 – Confined section in plan and elevation view (Mander, et al., 1988) 

When the effective confining coefficient is found, the lateral confining stress of the concrete is 

calculated as the total area of transverse reinforcement, As divided by the vertical area of 

confined concrete. The confining stress may be evaluated in either X or Y Equation 2-3 and 2-4. 

The effective confining stress is then found by multiplying ke with fl in either X or Y direction, 

Equation 2-5.  

    
   

   
        (2-3) 

    
   

   
        (2-4) 

  
           (2-5) 

Since the confining action is acting in two principal directions within the section together with a 

compressive force, a tri-axial state in the concrete will be introduced within the confined 

sections. This will increase the capacity of the concrete section if it is performed correctly. In 

order to calculate the enhanced compressive strength of concrete, a general solution for the 

multi-axial failure criterion that is laterally confined in two directions have been derived for 

circular members confined by hoops, Equation 2-6. The derived formula agrees well with test 

data with tri-axially loaded cylinders.  

   
                  √  

       

   
  

   

   
   (2-6) 
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2.3.2 Numerical modeling of confined sections 

In order to numerically evaluate a confined section, which should be able to capture the tri-axial 

behavior of concrete when loaded with compressive forces. A research group has developed an 

enhanced constitutive relationship for confined concrete, were the material model account for 

the plastic properties of concrete when it is degraded. Such concrete properties are crushing 

under high compressive forces and cracking due to tensile forces. The numerical constitute 

material model was developed for ATENA, which is a FE-program that enables to capture the 

nonlinear behavior of concrete due to cracking. The material model was especially developed for 

large compressive forces in bridge piers and high-rise structures, and is valid for concrete 

strength classes up to 120 MPa, which enables a higher deformation capacity for concrete under 

tri-axial compression (Papanikolaou & Kappos, 2009). 

2.3.2.1 Numerical evaluation of confinement in hollow section 

The numerical material model developed by Papanikolaou and Kappos have been evaluated on 

different hollow rectangular sections with different transverse reinforcement ratios, types and 

arrangements where a centric axial force was applied to the whole section until ultimate failure 

occured.  

 

Figure 2-14 – ¼ of model reinforced hollow section in ATENA, modeled with solid brick elements 
with 1 meter height and a total of 6000 solid elements for the whole model (Papanikolaou & 
Kappos, 2009) 

Furthermore, different wall thicknesses with normal and high strength concrete were tested. 

The aim of the parametric study was to evaluate the different arrangements of transverse 

reinforcement and to conclude the most convenient configuration with regard of enhanced 

strength, ductility, constructability and economical aspects.  
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Figure 2-15 - Confinement effectiveness analysis of rectangular hollow section (Papanikolaou & 
Kappos, 2009) 

The conclusions from the numerical analysis on the confining effect on hollow columns are that 

the use of thicker walls was beneficial in order for the arching effect to fully develop with the 

same reinforcing ratios. Using more closely spaced cross ties with smaller diameter instead of 

larger bars that are more sparsely spaced is preferable due to the more effectively confined area. 

The results also showed that high strength concrete has a decreased confinement effect 

compared to normal strength concrete with the same reinforcement ratios, which other research 

also has implied. This is since the yield strength of the cross ties has shown to relate to the 

compressive strength of concrete where the ratio will decrease when using HSC. 

The failure criteria of a confined section states that the capacity of the section depends on the 

progressive yielding of cross-ties instead of a brittle failure mode of crushing of the concrete. 

The ultimate fracture was therefore dependent on the ultimate fracture strength of the cross-ties 

which was concluded in the numerical analyze, Figure 2-16. 

 

Figure 2-16 – Fracture load capacity for a confined section with cross-ties of high and low grade 
steel (Papanikolaou & Kappos, 2009) 
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Furthermore, different types of reinforcement layouts were studied, either with overlapping 

hoops or with cross-ties in between the hoops. The section with cross-ties with a diameter of 10 

mm confining the section is shown in Figure 2-17, with a perimeter hoop diameter of 14 mm in 

the long direction and 20 mm in the short.  

 

Figure 2-17 – Alignment of confining reinforcement with perimeter hoops and transverse links 
(Papanikolaou & Kappos, 2009) 

The other arrangement was using overlapping hoops that would enhance the strength but would 

lead to increased construction costs and more complicated reinforcement arrangements, Figure 

2-18. The overlapping hoops have three different sizes of the bars (Ø20, Ø14 and Ø10) confining 

the section. The larger of the hoop sizes encircles the whole wall section while the smaller 

overlap each other in different configurations. The cross sectional dimensions of the hollow 

columns were 7.3 meters long and 3.5 meters in the width. The thickness of the sections was 74 

cm and a concrete cover of 50 mm was provided in all models.  

 

Figure 2-18 – Alignment of confining reinforcement with perimeter and overlapping hoops 
(Papanikolaou & Kappos, 2009) 
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When comparing the differences between using overlapping hoops and transverse links, the 

increase in capacity by using overlapping hoops could not be justified due to more complex 

casting situations, Figure 2-19. 

 

Figure 2-19 – Ultimate capacity curves of different transverse reinforcement arrangements 
(Papanikolaou & Kappos, 2009) 

An interesting observation of the cross section with transverse cross-ties was that the parameter 

of the encircling parameter hoop could not withstand the lateral expansion of the concrete, 

which indicated a brittle failure that is circled in Figure 2-19 above.  

 

Figure 2-20 – Tensile strains in transverse reinforcement due to confinement effect of cross-ties 
(Papanikolaou & Kappos, 2009) 

To further evaluate the behavior in order to prevent a brittle failure, different sizes of perimeter 

hoops were tested while keeping all other parameters constant, which indeed provided a more 

ductile behavior when the steel grade was increased, Figure 2-21. The conclusion was therefore 

that the perimeter of the hoop affects the capacity of the section and with a diameter of 22 mm, a 

progressive yielding of the cross-ties could be maintained. 



2 Literature study of reinforced concrete columns 

20 
 

 

Figure 2-21 - Ultimate capacity curves of different perimeter reinforcement dimensions 
(Papanikolaou & Kappos, 2009) 

2.4 Failure modes 
Fracture is one of the most important concepts in structural engineering. Basically, fracture can 

be described as one single body that is being separated into pieces by an imposed stress. There 

are principally two different fracture modes, ductile and brittle. The main difference between 

the two modes is the amount of plastic deformation that the material endures before fracture 

occurs. Ductile materials such as steel undergo larger plastic deformations while brittle 

materials such as concrete show no or little plastic deformations before fracture occurs, Figure 

2-22.  

 

Figure 2-22 – Stress-strain relationship for brittle and ductile materials (Class Connection, 2014) 

In concrete, initiation and propagation of cracks are vital to in order to determine the type of 

fracture and how the crack propagates through the material gives a good insight into the mode 

of fracture. In ductile materials, the crack propagates slowly and contributes to large plastic 

deformations. Usually the crack will not extend without an increase in stress. When there is a 

brittle fracture, cracks spread very rapidly with no or little plastic deformations. The cracks will 

continue to propagate and grow once they are initiated in a brittle material. Another important 

characteristic of crack propagation is how the crack is advancing through the material. In HSC, 

cracks tend to propagate through the aggregates due to the high compression forces which cause 
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a more brittle failure compared to regular strength grades when the crack travels around the 

aggregate stones which will lead to a more ductile behavior (Bailey, 1997). 

 
Figure 2-23 – Failure propagation of rapture to crack initiation in concrete regarding tensile 
capacity (Malm, 2014) 

For several reasons, a ductile fracture behavior is preferred in design. This is because brittle 

failures occur very rapidly, which can lead to catastrophically consequences without any 

warning. Ductile materials plastically deform slowly and the problem can be corrected before 

the structure collapses. Because of the larger plastic deformations, more strain energy is needed 

to cause a ductile fracture, which will lead to a more forgiving failure (Bailey, 1997).  

2.4.1 Flexural shear cracking 

When a column in a moment resisting frame is subjected to high lateral loads in a seismic event 

or high wind loads, a preferred failure mode would be controlled flexural crack failure. The 

flexural cracks are initiated from the base of the column face propagated along the height of the 

column, Figure 2-24. The transverse reinforcement in the cracked regions transfers the shear 

force and resists the cracks from widening. 

 

Figure 2-24 – Flexural crack propagation of reinforced hollow section subjected to seismic action. 
Crack spacing limited to every transverse reinforcing bar (Priestley, et al., 2002) 
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The inclination of the crack angle has been seen to be initiated at 45° and decline towards 30° as 

yielding of reinforcement is progressing. The inclination also depends on the ratio between 

transverse and longitudinal reinforcement.  

 

Figure 2-25 - Flexural shear cracking angle propagation in reinforced concrete column (Krolicki, et 
al., 2011) 

The flexural cracks are initiated in the tensile region and when they reach the compressive zone, 

they are closed by the compressive forces. For columns with low shear span ratios, h/d<2 in 

Figure 2-3, the flexural cracks could propagate thorough the width of the column from corner to 

corner and would could cause a premature diagonal tension failure.  

 

Figure 2-26 – Flexural cracks propagating along the height of the section in a cyclic experimental 
test on hollow columns (Priestley, et al., 2002) 
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2.4.2 Spalling of concrete cover and longitudinal reinforcement buckling 

A pure shear failure in a column could be initiated by spalling of the concrete cover due to the 

tensile forces applied by the confined concrete. Spalling of concrete cover is most critical 

between the transverse reinforcement where the concrete is the most ineffectively confined, 

Section 2.3 (Qiang, et al., 2013). 

 

Figure 2-27 – Spalling of concrete cover in a cyclic experimental test on hollow columns due to 
continued damage propagation (Priestley, et al., 2002) 

If the face of the concrete spall off, the longitudinal bars between the transverse reinforcement 

would be exposed and thus susceptible to buckling, which would result in a brittle failure, Figure 

2-28 (Masukawa, et al., 2000).  

In a hollow column, if the section is not properly confined, the inside face of the column could 

implode due to high levels of axial strain. It is therefore important to have lateral reinforcement 

along the inside face of the column as well, (Ranzo & Priestley, 2000). 

 

Figure 2-28 – Progress of failure at compressive flanges of a reinforced concrete member with 
hollow section (Masukawa, et al., 2000) 

Therefore, in ULS design of compressive members with a confined section, the columns should 

not fail if the concrete face spall off. This is prevented by proper spacing of transverse 

reinforcement, minimum requirements on lateral confining pressure and that the longitudinal 

reinforcement is properly tied together by cross-ties (fib, 2010).  
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2.4.3 Splitting failure 

Splitting is generally a local problem, caused by bond-slip between the longitudinal 

reinforcement and concrete when subjected to tensile forces, Figure 2-29. 

 

Figure 2-29 – Splitting progress of the section where splitting cracks have formed in a) and finally 
propagated in c) (Engström, et al., 2000) 

The ribbed reinforcement bars resist the applied tension stress in the concrete, where a splitting 

failure is initiated by micro-cracks forming around the ribs of the reinforcing bar. As the slip of 

the longitudinal reinforcement bar is continued, the cracks between the ribs of the longitudinal 

bars will also continue to propagate until the cracks have formed across the whole section and 

the final rapture will occur (fib, 2010). 

 

Figure 2-30 – Shear force, τ s  along an reinforcement bar resisting tension forces, σs in the 
concrete (Engström, et al., 2000) 

In columns, the slip failure is generally at the ends of the anchorage zones around the ribbed 

reinforcing bars. The splitting failure surface will occur along the face of the concrete cover and 

is influenced by the confining action of the column in order to prevent splitting. The confining 

reinforcement will prevent the longitudinal bars from slipping and cracks to propagate between 

the ribbed bars up to a certain amount of confinement, until the failure is governed by pull-out 

failure.  
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Figure 2-31 – Bond-stress relationship of ribbed reinforcement bar in confined and confined 
section (fib, 2010) 

Pull out failure is when the stresses become too large and the ribs cannot resist the tension 

stresses, which will lead to a continued slip until final failure occurs. The longitudinal bars could 

fracture the end of the concrete section (Engström, et al., 2000).  

2.4.4 Web crushing 

If high compression forces are present, diagonal web crushing may occur in hollow columns. The 

web crushing is dependent on the inclination of the diagonal compressive struts. The diagonal 

web crushing is also dependent on the center of gravity of the section where a deeper section 

will increase the capacity in order to resist web crushing (Priestley, et al., 2002)

 

Figure 2-32 – Ultimate failure from web crushing in a reinforced hollow section. Diagonal 
compression strut field is illustrated by the lines (Priestley, et al., 2002) 
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2.5 Shear strength of ductile columns 
In design for brittle structural elements, an overestimation of the design strength should be used 

in order to ensure a ductile behavior when failing. The design of columns becomes especially 

critical in high-rise structures when high strength concrete is used, because it has a more brittle 

behavior (Barrera, et al., 2012).  

When a column is subjected to cyclic loading during an earthquake event, the shear strength of 

the concrete column will decrease as cracks propagate when the lateral loads increase. Lateral 

forces act with a drag and pull effect when they are applied in different directions, which will 

lead to widening of the cracks because the aggregate interlocking is reduced, Figure 2-33. With 

continued cyclic loading, the aggregates that are pulled apart during one cycle will be crushed 

when the crack closes, which reduce the shear capacity even more where the cracks are formed. 

Such cracking will continue and degrade the concrete strength, which in seismic engineering is 

approximated by the displacement ductility factor, µ. Different values of the displacement 

ductility factor will estimate the behavior of which failure mode that will occur when the 

ultimate capacity is reached, were low values of the ductility factor accounts for a brittle 

behavior and a high factor accounts for the opposite, (Krolicki, et al., 2011). 

 

Figure 2-33 – Ultimate failure in seismic actions on a reinforced hollow section where shear lag 
cause the damage to be concentrated to the corners of the section (Zhang, et al., 2012) 

2.5.1 Flexural vs Shear strength 

In order to ensure a ductile behavior, the shear capacity should be greater than the flexural 

capacity of the section for all types of loading situations, (Krolicki, et al., 2011). Therefore when 

the column starts to fail, it should be controlled in steps, where flexural cracking first occurs at 

low ductility factors and spalling of the concrete cover occurs first when the damage 

propagation has continued (Priestley, et al., 2002). 

In order to fully ensure a ductile behavior and a flexural-shear response of a column, it is 

important to both be able to calculate the flexural shear strength and the pure shear strength of 

the structural member depend on the ductility of the section. The flexural shear strength is 
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calculated by a moment-curvature analysis, where the reinforcement in the plastic hinge region 

should be able to reach its yield strength. The amount of ductility that could be provided by the 

plastic hinge depends on how well the section is confined where an enhanced confined strain is 

dependent on the yield strength of the cross-ties. Therefore it is important to be able to calculate 

the enhanced strain due to the confinement action, which is explained in Section 4.3.1. From the 

stress-strain relationship of the plastic hinge, the total moment capacity of the plastic hinge is 

calculated and the flexural strength is determined (Priestley, et al., 2002).  

The pure shear strength of a section is generally calculated with empirical relationships based 

on testing of columns. In the ACI, the ductility factor is not part of the equation and it is therefore 

not possible to calculate the degradation of the shear capacity as the cyclic loading is continued. 

A shear strength model called USCD developed by Priestley et al., accurately predicts the shear 

strength for columns that are subjected to cyclic loading which are based on physical mechanics 

and not empirical relations. The USCD shear model allows to calculate the shear strength, Vstr 

depending on the shear capacity of the concrete and the shear span ratio, Vc the shear truss 

mechanism based on the cracking angle, Vs and the axial compression component, Vp (Krolicki, et 

al., 2011).  

                 (2-7) 

 

Figure 2-34 – Pure flexural response (left), Optimal design curve (middle), Pre-emptive shear 
failure before yield strength is reached (right) (Krolicki, et al., 2011) 
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3 Reinforced concrete design according to ACI-

318 
The ACI 318 is the American building standard for concrete, and its full name is “Building Code 

Requirements for Structural Concrete (ACI 318-08 or ACI 318-11 for the 2011 issue) and 

Commentary”. It covers the materials, design and construction of structural concrete used in 

buildings and where applicable in non-building structures. It consists of a code part with 

minimum requirements for design and construction of structural concrete members and a 

commentary part that describes how and why the equations and coefficients were chosen. 

Structural members should be designed for its required strength, U for the factored load from 

different load cases, Equation 3.1. The factored load should therefore be less than the design 

strength, which is dependent on the nominal strength for any structural member within a 

structure. 

                                         (3-1) 

In the ACI, the nominal capacity of each member is calculated and multiplied with a strength 

reduction factor   < 1. The strength reduction factor depends of four different parameters that 

allow for inaccuracies of the design formulas, probability of material variations and dimensions, 

consider the ductility requirement and it also takes into account the importance of the structural 

member in the structure, i.e. the consequences the structural member will cause if failure occurs. 

For compression-controlled members when concrete undergo crushing, the value of   is the 

most conservative of 0.65 and may be interpolated up to 0.9 for tension-controlled sections 

when the reinforcement fails (ACI Committee 318, 2008/2011). 

3.1 Design of slender columns 
The buckling theory of columns used in ACI 318-08 is based on the idealized Euler buckling 

theory of compressive members. Assumptions about the member and loading are that the axial 

force is concentrically applied and that the member is considered to be free of imperfections 

(perfectly straight). Further assumptions are that the theory obeys Hooke’s law and the Euler-

Bernoulli bending theory, which states that plane sections of a member should remain plane 

when deformed (Hartsuijker & Welleman, 2007). 

 

Figure 3-1 – Different buckling length dependent on boundary condition 
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Slenderness effects in compression members according to 10.10 in ACI-318 have to be 

considered if a member is unsupported in the lateral direction between the supports, Equation 

3-2. The unsupported length, lu between supports are multiplied with a factor, k, which takes 

into account the boundary conditions of the member. In a sway frame, the value is always 

greater than 1 and for a symmetrical loaded system, k is equal to 1.3 (ACI Ch 10, R10.10). The 

value of, r which is the radius of gyration of the member, can be taken as 0.25 times the width in 

the direction of bending that is considered.  

    

 
        (3-2) 

When designing for slenderness effects, appropriate estimations about the stiffness, EI should be 

considered in order to capture cracking and creep effects of the member. Such effects could be 

considered by using the simplified Equation 3-3 below. βdns in Equation 3-3 takes into 

consideration the creep effect from sustained loads and may be assumed as 0.6 in design. 

However, a more accurate way of doing is by calculating an effective moment of inertia that 

depends on the moment and the axial load that is acting on the section, Equation 3-4. In 

Equation 3-4, P0 is the nominal axial load according to Equation 3-5, which corresponds to the 

maximum compression strength of the concrete section. It is also allowed to use 0.70*Ig for the 

effective moment of inertia for columns but could overestimate the second order displacements 

with about 20-25%.  
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3.1.1 Moment magnification procedure in sway columns 

If the slenderness effect should be taken into account, this could be done by adding the P-delta 

effects by using the moment magnification procedure. This could be done by summing all of the 

axial loads acting on the columns in a sway system divided by the theoretically calculated critical 

buckling load and calculating the magnified displacement due to P-delta effects. 
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3.2 Interaction diagram 
When a column or pier is subjected to a moment and an axial load, it has to be designed with the 

aid of an interaction diagram according to the ACI 318. In an interaction diagram the strain in 

the maximum compressive fiber is assumed to be equal to the maximum usable strain of 

concrete, εcu=0.003. The strain relationship between the strain in the reinforcement and the 

concrete is assumed to be directly proportional to the distance from the neutral axis. 

Furthermore, the tensile strength of the concrete should be neglected when performing axial 

and flexural calculations of reinforced concrete when dealing with interaction diagrams.  
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The interaction diagram display the relationship between axial load, Pn and moment, Mn for a 

given reinforcement amount, As. The moment is given by the relationship Pn·e=Mn. This is useful 

since even if there is no moment present, the axial load is never in practice centric. This is 

because there are always imperfections in the structure and columns are never perfectly 

straight, which results in a moment that corresponds to the axial load times an eccentricity. The 

interaction diagram will then display all different capacity combinations of axial loads and 

moments for a given reinforcement ratio. If the ultimate loads are within the interaction curve 

then there is enough reinforcement and the section will not fail with the current loads. Most 

often it is desirable to design the cross-section so that the ultimate loads are within the tension-

controlled section of the interaction diagram, which will provide a ductile failure, Figure 3-2. 

This can be achieved by letting the reinforcement strain εs>εy=εcu, which implicate that the steel 

reinforcement will yield before the concrete reaches its compressive strength. However, in large 

columns this can be difficult to achieve because of the large axial forces that are present, which 

will give a compression-controlled failure. Due to this it can be wise to have some safety margins 

to the compression-controlled surface of the interaction diagram, since this kind of failure is 

very abrupt and can cause a collapse of the structure (Ansell, et al., 2012).  

   

Figure 3-2 - General interaction diagram, (Al-Nuaimi, et al., 2010) 

The concrete stress distribution is approximated to be uniformly rectangular and with a 

magnitude of 0.85fc’, which should be distributed over a portion of the compressive zone that is 

equal to a=β*X. Where X is the distance from the top compressive fiber to the neutral axis and β 

is a reduction factor for X depending on the concrete class, Figure 3-3. 

 

Figure 3-3 - Reinforced concrete column strains and stresses, (Al-Ansari & Senouci, 1999) 
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In the figure above, di is the distance from top compressive fiber to reinforcement layer, i and 

the different strains, εi and stresses, fi corresponds to the strains and stresses in the 

reinforcement at various values on Xi when the concrete strain is εcu=0.003.  

The dimensioning nominal axial load  Pi cannot exceed  Pmax, where  Pmax is calculated with 

Equation 3-8:  

ϕ          ϕ[       
           ]  (3-8) 

To find the different values for  Pi and  Mi for a given reinforcement area, two equilibrium 

equations have to be solved; one for the internal and external forces and one for the moment 

around the plastic centroid, Equation 3-9 and 3-10.  

A principle example of how the equilibrium equations are written is shown in Equation 3-9 and 

3-10, where Ast’ and Ast are the area of the compressed and tensioned reinforcement and fs’ and 

fs are the stress in the compressed and tensioned reinforcement, Figure 3-4. 
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Figure 3-4 - Double reinforced cross-section that shows the annotations used in the equilibrium 
equations (Civil Engineer, 2013) 

These equilibrium equations will only result in one value on  Pi and  Mi respectively for a given 

eccentricity. To get a complete interaction diagram both the position of the neutral axis, Xi, and 

the eccentricity has to be altered. Then the diagram will display a certain  Pi and  Mi for all 

various eccentricities. At  Pmax the eccentricity is equal to zero, which is the maximum value 

along the vertical axis, and  Pn=0 gives the maximum moment the section can carry at an 

eccentricity that goes towards infinity (Al-Ansari & Senouci, 1999).  
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3.3 Shear design of concrete members 
The shear strength model in the ACI is based on testing data of solid sections where empirical 

shear strength formulas are derived to calculate the shear capacity of the concrete members. 

In the ACI there are two components Vs and Vc that are derived to represent the total shear 

capacity of the section, where Vc is the concrete contribution and Vs is the shear reinforcement 

capacity, Equation 3-11 (ACI Committee 318, 2008/2011).  

               (3-11) 

   
      

   
     (3-12) 

See equation (3-14) or (3-15) for calculation of Vc 

The four main resisting actions of the reinforced concrete section are shown in Figure 3-5. The 

shear reinforcement contribution, Vs, is based on the steel truss mechanism that resists the 

shear loads. The concrete resisting mechanism, Vc include the aggregate interlocking along the 

shear crack, Vay the dowel action of the longitudinal reinforcement restraining the concrete, Vd 

and the shear contribution from the concrete in the compressive region, Vcz, (Krolicki, et al., 

2011). 

 

Figure 3-5 – Shear resisting mechanism in a reinforced concrete beam (Krolicki, et al., 2011) 

The shear capacity contributing from the concrete in compression members may be calculated 

in several ways depending on the loading condition. An upper boundary equation shown as Eq. 

(3-14) in Figure 3-6, calculate the maximum shear load which may be used if Equation 3-14. It 

generates negative values for the bending moment present in the section due to high 

compression forces present. 

        
      

 
    (3-13) 
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   (3-14) 

It is also allowed to use a simplified design formula, Eq. (3-15) in Figure 3-6, which provides 

lower bound results for the shear strength. 

        √      √  
  

    
   (3-15) 
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Figure 3-6 – The dotted lines represents calculated shear strength using different equations, 
equation 3-14 for upper bound and 3-15 for conservative results (ACI Committee 318, 2008/2011) 

3.4 Torsion in concrete members 
In design for torsion according to ACI 318, the thin-walled tube analogy is used where the shear 

flow is assumed to vary with constant stress along the perimeter of the section, Figure 3-7.  

 

Figure 3-7 - Shear flow in thin walled tube (ACI Committee 318, 2008/2011) 

Thus, the shear stress due to torsion may be evaluated at any point along the perimeter 

according to Equation 3-16, where A0 is the gross area enclosing the shear flow including which 

includes the hole in hollow sections. τ in Equation 3-16 is the resulting torsion action on the 

section and t is the assumed thickness of the tube, Figure 3-8.  

 

Figure 3-8 Area enclosed by shear path (ACI Committee 318, 2008/2011) 

𝜏  
 

    
      (3-16) 
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When shear and torsion stresses are present in a section, the stresses will superposition at a 

certain point of the section. Generally, the point where the stresses are added will also be the 

most critical region and design should consider both shear and torsion at the same time, Figure 

3-9.  

 

Figure 3-9 – Shear stress distribution in hollow section from torsion and shear forces, where the 
forces at A act in the same direction and generate the maximum transverse forces  (ACI Committee 
318, 2008/2011) 

When the section is cracked due to torsion stresses, the capacity of the section will mainly 

depend on the longitudinal reinforcement, compression diagonals and closed stirrups, Figure 

3-10.  

 

Figure 3-10 – Cracked section due to torsion forces (ACI Committee 318, 2008/2011) 

When closed stirrups are used, the enclosed area within the stirrups are designed to resist the 

torsion moment, since the surrounding concrete are considered to be ineffective and may have 

already spalled of. The corner of the section is especially vulnerable to spalling when subjected 

to high torsion moments and special attention to detailing of reinforcement and anchorage 

length at the corners should therefore be made, Figure 3-11.  

 

Figure 3-11 – Spalling mechanism due to high torsion forces (ACI Committee 318, 2008/2011) 
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There are minimum requirements of the reinforcement when torsion reinforcement is required 

by the analysis. In design of high-strength concrete members, tests have shown that there is a 

need to increase the minimum reinforcement ratios in order to prevent brittle shear failures 

which are taken into account in design. 

3.5 Detailing of reinforcement 

3.5.1 Shear reinforcement 

In compression members, all longitudinal bars should be enclosed within stirrups in order to 

prevent local failures such as buckling of longitudinal bars. The maximum distance between 

transverse reinforcement should be according to Equation 3-17 where d is the distance from the 

maximum compressive fiber to the center of the most tensioned reinforcement bar.  

       (
 

 
           )     (3-17) 

The spacing between ties within the section should be less than 6 in (152.4 mm) clear on each 

side of the longitudinal bar and the spacing in between the stirrups may not be greater than 6 in, 

Figure 3-12. 

 

Figure 3-12 – Maximum clear spacing for longitudinal reinforcement before links or stirrups 
should be provided (ACI Committee 318, 2008/2011) 

Minimum shear reinforcement is required in order to prevent brittle shear failures, which is 

dependent on the concrete grade. A higher minimum reinforcement is required for high strength 

concrete, since such concrete has more brittle behavior, Equation 3-18.  

            √  
   

   
   (3-18) 

3.5.2 Torsion reinforcement 

Torsion reinforcement should be provided in a section that does not fulfill certain requirements 

according to Equation 3-19 with a present axial or tensile force.  

          √   
   
 

   
√  

  

       √   
   (3-19) 

In the sections that require torsion reinforcement, the ultimate capacity of the section should 

fulfill Equation 3-20, where A0 could be defined as 0,85*Aoh. Aoh is the area enclosed by stirrups, 

Figure 3-13. The angle of the cracks is taken into account by cot(θ), and may be taken as 45 

degrees for non-prestressed members. 

   
        

   
   θ    (3-20) 
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Figure 3-13 – Enclosed area within stirrups (ACI Committee 318, 2008/2011) 

Another requirement that consider both the shear stress and torsional stress acting at the same 

time should fulfill Equation 3-21 for hollow members. Equation 3-21 does not depend on the 

torsion or shear reinforcement but is used in order to limit cracking and to prevent crushing of 

the concrete. 

  

   
 

    

      
    

  

   
     √       (3-21) 

There are also minimum requirements for torsional reinforcement for both the shear 

reinforcement and for the longitudinal reinforcement where torsion of a section exceeds 

Equation 3-22. Av is the area of two legs of stirrups, At is the cross section area of one stirrup leg, 

Acp may be taken as the gross sectional area for hollow sections and ph is the length of the 

resisting stirrup leg.  

              √   
     

   
 

         

   
   (3-22) 

The spacing requirements for torsion reinforcement should not be greater than ph/8 or 305 mm. 

The torsion reinforcement should also be placed with a spacing that is at least (bt+d) in the 

vertical direction on the column. 

3.5.3 Longitudinal reinforcement 

When analyzing compression members it is permitted to utilize the compression reinforcement 

in conjunction with tensile reinforcement to increase the strength of the flexural member.  

Minimum reinforcement area for flexural members shall not be taken less than, Equation 3-23:  

            
√  

  
      

   

  
        (3-23) 

But for compression members the longitudinal reinforcement area should not be taken less than 

0.01Ag or more than 0.08Ag, where Ag is the gross cross-sectional area.  Even if it is a compressed 

member, the reinforcement is necessary to provide resistance to bending, even though the 

computations do not show that bending exists. This is because bending moments can arise due 

to imperfections in the structure or if the structure is experiencing lateral displacements and 

side-sway. The reinforcement also helps reducing the effects of creep and shrinkage of the 

concrete when the structure is subjected to large compressive loads. According to the ACI 318-

11 (10.9.1), tests have shown that creep and shrinkage tend to transfer loads from the concrete 

to the reinforcement, this increases the stress in the compressive reinforcement, and that this 

increase is greater as the ratio of reinforcement decreases. That is why the lower limit is set to 

1% of the cross-section gross area Ag. The maximum ratio can be considered as a practical 
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maximum in terms of economy and constructability according to the (ACI Committee 318, 

2008/2011). 

Regarding the spacing of longitudinal reinforcement it is important that the spacing is not too 

large, because otherwise cracks may appear between the reinforcement bars, especially when 

the yield strength of the steel is high. Crack widths are proportional to steel stresses, and that 

the significant variables reflecting crack widths were found to be the thickness of the concrete 

cover and the spacing of the reinforcement. It is also known that several bars at moderate 

spacing are more effective in controlling cracking than a few larger ones of equivalent area (ACI 

Committee 318, 2008/2011). With regard to cracking of the concrete the maximum longitudinal 

bar spacing is specified by the empirical Equation 3-24:  

      (
   

  
)             (

   

  
)   (3-24) 

Where fs can be simplified with Equation 3-25: 
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4 Design according to MC2010 
The Model Code for concrete structures has been developed in the past decades by CEB (Comité 

Euro-international du Béton) and FIB (Féderation internationale de la Précontrainte), where 

both organizations aim at developing an international guideline for future design codes (fib, 

2010). The idea is to combine practical experience and research of material behavior in order to 

provide safe and durable design methods. A focus area since the previous version MC90, has 

been to develop adequate design formulas for use of high-strength concrete in design up 

concrete compressive strength of 120 MPa (Model Code, 2010). 

4.1 Safety formats 
There are different types of safety formats that are stated in the MC2010, which uses different 

approaches in order to evaluate the safety of a structure or structural member where three of 

these analysis methods are presented below.  

Probabilistic approach, is based on statistic test data where a safety factor, β is found which 

accounts for deviations. This approach is best suited for evaluating existing structures and not 

when designing new structures since the lack of statistic data. 

Global safety factor, use the mean material strength, Rm divided by two safety factors in order to 

calculate the design strength, Rd. The safety factor 𝛾r* takes into account material strength 

uncertainties and 𝛾Rd accounts for levels of model uncertainties where 1.1 may be used for 

conservative use.  

Estimated coefficient of variation, (ECOV) is a method that verifies a nonlinear analysis and is 

developed by Cervenka & Jendele in 2013. The method states that both a model with 

characteristic and mean values for material properties should be analyzed in order to 

approximate a safety factor. The difference between both results gives the safety factor which is 

multiplied with a factor accounting for model uncertainties similar to the global safety factor.  

   
  

  
    

     (4-1) 

4.2 Compressive strength 
The design value for the compressive strength is expressed in Equation 4-2, where αcc=1.0 for 

regular design purposes. The factor depends on irregular loading situations of the applied load 

when the concrete is hardening, the common practice is that variable loads are applied well after 

28 days and there is therefore no need for reductions (Model Code, 2010). The partial safety 

factor in design accounts for deviations in material properties of concrete and is set to 1.5 in 

design of concrete structures.  

    
      

  
     (4-2) 

The mean value of the concrete strength may be calculated for any strength class according to 

Equation 4-3: 

                 (4-3) 
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4.3 Stress-strain relationship 
The stress-strain relationship for uniaxial loaded concrete may be expressed as a parabolic 

relationship, which is expressed in Equation 4-4 and 4-5. Where εc2 is the first compression 

strain at maximum strength and εcu2 is the ultimate strain, Figure 4-1. For high strength concrete, 

the ultimate strain and maximum strain is the same due to the brittle behavior of HSC. 

      [  (  
  

   
)
 
]                (4-4) 

And 

                         (4-5) 

 

Figure 4-1 - Parabolic stress and strain relationship in concrete (fib, 2010) 

4.3.1 Confinement strength increase 

The Model Code allows increase of the uniaxial compressive strength and the critical strains of 

the concrete member due to the confining effect of concrete. The formulas derived follow the 

same theory derived by Mander et al. in 1988, where the effective confining stress is expressed 

as an arching effect between the longitudinal and transverse reinforcement, Figure 4-2. The 

enhanced concrete strength is calculated by Equation 4-6, where  2 is the effective lateral 

compressive stress due to the confining effect. ωc in Equation 4-10 is the lateral confinement 

stress in the concrete in Y- respective Z-direction. 
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Figure 4-2 – Reinforced concrete column where longitudinal reinforcement is enclosed by cross-
ties and stirrups (fib, 2010) 
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The enhanced confined concrete stress and strain may be inserted into Equation 4-9 instead of 

the original material parameters in the equation. 

4.4 Shear strength according to MC2010 
The shear strength formulas introduced in the Model Code 2010 are based on mechanical 

properties of the section compared to the empirical design equations stated in other codes. 

Empirical formulas are equations that are calibrated with test data in order to derive the design 

equations. The formulas introduced in the Model Code are several approximation methods 

derived from a physical model to calculate the shear capacity of different sections.  

Similar to the ACI-318, there is a limit of how much of the concrete compressive strength that 

may be utilized in design for shear with high strength concrete, because the lack of test data. 

4.4.1 Shear strength of concrete 

The shear strength of concrete may be calculated according to Equation 4-11. The shear strength 

is calculated along the web of the section with an effective length, z which may be calculated as 

0.9*d where d is the distance between the extreme compression fiber and the centroid of the 
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reinforcing bar in tension, Figure 4-3. The shear strength is also dependent on the strain, εx in 

the longitudinal reinforcing bar. When calculating kv with Equation 4-12, z should be inserted in 

mm. The factor kdg depends on the size of the aggregates. When using high strength concrete, the 

aggregate interlocking may not be utilized since the shear plane may pass through aggregates 

and thus the interlocking effect is diminished. Thus, when using concrete grades above 70 MPa, 

kdg should be taken as 2 instead of 1, which will lower the capacity of the concrete section. 
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       (4-11) 

 

Figure 4-3 – Concrete section subjected to shear, bending moment and axial force 
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4.4.2 Shear reinforcement 

If transverse reinforcement is required by analysis, the total shear capacity, VRd of the section 

should be calculated according to Equation 4-14. The total shear resistance should be taken less 

VRd,max according to Equation 4-15. The value of kv in Equation 4-12 above takes into account the 

brittle behavior of high strength concrete and the influence of the strain rate in the webs is 

depending on εx. The design resistance for the stirrups is calculated according to Equation 4-16 

if the stirrups are placed with zero inclination.  

                   (4-14) 

          
   

  
              (4-15) 

      
   

  
             (4-16) 

If the minimum reinforcement ratio in Equation 4-17 is not fulfilled, the section should be 

designed as a member without shear reinforcement. 

       
√   

   
    (4-17) 

There are three different methods when calculating the shear capacity for members with shear 

reinforcement in the Model Code 2010. The three approximation methods are based on different 

theories in order to calculate the inclination of the stress field, θ and to approximate the strain, 

εx in the longitudinal reinforcement. The third approximation is based on a simplified approach 
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of the modified compression field theory, which is a numerical method developed by Vechio and 

Collins in 1986 in order to approximate shear cracks in concrete (Cervenka & Jendele, 2013). 

The inclination of the cracks is computed by Equation 4-18. When determining the concrete 

strength when inclined cracks are present, kv should instead be calculated with Equation 4-19. 

                    (4-18) 
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4.5 Design of compression members 
For large columns subjected to compressive forces, there is a possibility to only take 200 mm of 

each side of the cross-section into account when determining the minimum reinforcement ratio, 

Figure 4-4. The longitudinal reinforcement should be distributed within this area and have a 

diameter of at least 8 mm. The bar diameter of the stirrups must be at least 1/3 of thickest 

longitudinal bars. 

 

Figure 4-4 – Effective area for calculating distribution of longitudinal reinforcement for 
rectangular hollow column (fib, 2010) 

If the reinforcement in the compression zone reaches the yield strength in the ultimate design 

stage, every second longitudinal bar should be enclosed by hooks or stirrups. The minimum 

distance between transverse reinforcement is limited to 300mm or 15Øsl.min, where Øsl,min is the 

minimum diameter of each longitudinal reinforcement bar (Model Code, 2010). 

4.6 Design of bond strength 
Design in this section considers high strength concrete of well confined sections. In the 

serviceability limit state, considerations have to ensure that transverse crack growth is 

restricted. It is therefore important that a proper reinforcement detailing is made and that bond 

strength between the ribbed reinforcement and concrete is strong enough to restrain transverse 

cracks from growing. In the ultimate limit state design, proper bond strength prevents splitting 

of concrete cover, anchorage slipping and prevents pull-out failure (Model Code, 2010). 

4.6.1 Minimum detailing requirements 

For concrete grade C60 and higher, there are special requirements for minimum transverse 

reinforcement to prevent brittle failure at laps and anchorages zones of confined sections. Figure 

4-5 shows a section that is confined by links of stirrups or cross-ties where the Aleg is the cross 

section area of one leg of a confinement bar and Ab is the cross section area of a longitudinal bar.  
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Figure 4-5 – Part of a confined section (fib, 2010) 

Equation 4-20 should be satisfied in order to prevent spalling and splitting failures of the section 

where nt is the number of legs confining the section for straight transverse reinforcement. 

Regarding the longitudinal bars, nb is the number of bars and the value for αt should vary 

between 0.5-1 for longitudinal reinforcement with a bar diameter less than 25 mm and 50 mm 

and be interpolated for sizes in-between (Model Code, 2010). 

                   (4-20) 
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5 Finite Element Method 

5.1 General FE-theory 
In a finite element analysis, elements are idealized in order to represent the behavior of a certain 

structure. The structure being analyzed is divided into elements with material properties and 

certain geometry. The geometry of the elements depends on which type of elements that are 

used. Generally, the structure may be divided into rectangular and triangular elements with a 

certain number of nodes in order to represent the behavior of the structure. The nodes of the 

elements have a certain degrees of freedom (DOF), which allows rotation and displacement in 

any wanted direction. A 2D bar element with two nodes could represent a steel rod with two 

DOF, where rotation and displacement perpendicular to the bar axis is prohibited. This means 

the bar is only allowed to displace in its own plane and forces may only vary within its own 

direction, Figure 5-1 (Hartsuijker & Welleman, 2007).  

 

Figure 5-1 – Bar element (Hartsuijker & Welleman, 2007) 

The displacements [d] within this element may be computed according to Equation 5-1, where 

[k] represents the stiffness of the structure and the force [f] that is applied at the node.  

[ ]  [ ]  [ ]    (5-1) 

The choice of element type depends on what type of structure, component or material that 

should be represented. In general, any type of geometric shape may be modeled with the tetra 

elements and it allows for a great variety of imposed loads such as heat transfer, dynamic loads 

and nonlinear material models. In FE-analysis it is also possible to simulate nonlinear fracture 

mechanics. The brick elements can be used to model any rectangular geometry and the 

computational time may be decreased when using this kind of elements.  

5.1.1 Convergence requirements 

Elements should numerically be able to display a constant state of strain if the mesh is done finer 

and finer. The element should therefore be able to converge against exact displacements, 

stresses and strains as the mesh becomes smaller. In order to verify that this is true for an 

element, the element should be able to pass a “Patch test”. When performing a patch test, the 

element should have a distorted geometry and should converge when the mesh is done finer. 

Another feature that the element should be able to comprehend is rigid body motion without 

producing strain, this means that the element should be able to be moved free without resisting 

the movement. The element should also be compatible with adjacent elements with strains and 

stresses at the connecting joints.  
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5.1.2 Element types 

When using FEM software there are several different types of elements that can be used when 

modeling geometry. The most common types of elements are; truss-, beam-, shell- and solid 

elements. The truss element only has three DOF at each node, i.e. only translations and no 

bending in each node. Both the beam- and the shell element have six DOF at each node and can 

interpret both translations and bending at the nodes. The solid element can only represent 

translations at each node, i.e. it has only three DOF.  

In structural analysis there are different element classes that have these different properties, in 

Figure 5-2 some examples of the different element classes are presented (Malm, 2014). 

 

Figure 5-2 – Different types of elements used in finite element computations (Malm, 2014) 

Each element can have a different amount of nodes and integration points. Displacements and 

rotations are calculated at the nodes of the element. Based on the displacements, the strain in 

the element can be calculated at the integration points, also known as Gauss points, of each 

element. Based on the strain, the corresponding stresses are calculated at the integration points. 

In 4-noded and 8-noded elements, the number of integration points depends on the type of 

integration, it can either be a full integration or a reduced integration. In Figure 5-3 the 

integration points for a 4-noded and 8-noded element are show with full integration and 

reduced integration respectively for both element types.  

 

Figure 5-3 – Definition of node numbers and integration points for 4-noded and 8-noded elements 
with full and reduced integration (Malm, 2014) 
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The advantage of using reduced integration is that the computational time decreases, since there 

are fewer points that have to be calculated. However, a reduced integration may introduce 

errors, which can have a critical outcome for the analysis. The main risk is that locking may 

occur in the element, this can happen when a reduced 4-noded element is used for a bending 

governing problem. Because when one side of the element shrink and the other side expand with 

the same amount, the reduced integration point in the center will be unchanged and the stress 

and strain in that point will be zero. The same phenomenon can occur for the 8-noded element 

for some deformations, one example of this is illustrated in Figure 5-4. These deformation 

modes that cause no strain and stress in the center of the element is called hourglass modes 

(Malm, 2014). 

 

Figure 5-4 - Hourglass modes for 4-noded and 8-noded elements (Malm, 2014) 

5.2 Isoparametric elements 
The use of isoparametric element types that are implemented in finite element software allows 

the geometry of the element to have a curved shape and be non-rectangular (Cook, et al., 2002). 

In the numerical operation with isoparametric elements, a shape function is used in order to 

compute a mapped element, which represents the geometrical shape of the element, Figure 5-5.  

 

Figure 5-5 – Mapped coordinates for 4-node element (Cook, et al., 2002) 

The transformation between the geometrical coordinates and the mapped coordinates ξ and η, 

are computed with use of a Jacobian matrix that transform the coordinates to the mapped 

element used in the calculations of the strain-displacement matrix, [B]. The strain displacement 

matrix is thereafter used to compute the stiffness matrix, [K] of the system by integrating [B] 

with regard of the mapped coordinates and the Jacobian transformation matrix, Equation 5-2. 

[ ]  ∬[ ] [ ][ ]    (5-2) 
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Depending on how many nodes an element has determines the degrees of freedom that may be 

represented and also determines the interpolation order. The interpolation order determines 

how the element may represent certain types of problems. A quadratic element with eight or 

nine nodes allows a polynomial second-degree solution in the shape function, which allows the 

element to represent a curved shape of the element, Figure 5-6.  

 

Figure 5-6 – Curved shape functions of a 9-node Lagrange element (Cook, et al., 2002) 

Since the element allows a curved shape of a second-degree solution, a quadratic element is well 

suited to represent bending problems. An element with nine nodes (Q9) is generally called a 

Lagrange element, and an element with eight nodes (Q8) is called a serendipity element. When 

comparing the quadratic element types to linear elements with only four nodes, if subjected to 

bending, the four node element will not be able to represent the deformed shape since the 

middle node is not present. The element will therefore only be able to represent a linear 

solution, which will introduce shear forces that are “false” at the nodes. This behavior is called 

shear locking, which is the biggest limitation with the use of linear elements such as the 4-noded 

element, Figure 5-7. 

 

Figure 5-7 – Bending of element (a) which may not be interpreted in the in 4-node element (b) that 
could introduce shear locking (Cook, et al., 2002)  

Within an element, Gauss points are defined in order to solve the system for unknowns in the 

matrix operation. Depending on what element type that is used, the number of gauss points will 

vary in order to provide the “exact” solution if the element would be undistorted. The exact 

solution will only be an approximation since the stress-strain matrix, [B] depend on the shape 

function of the mapped coordinates. Only if the element is undistorted by any regularity, the 

exact solution is found. The solution that would provide the most exact solution is called “Full 

integration”. For a Q9 element, the full integration will be using nine Gauss points (3x3) and for 

the Q8 element, it would only require four gauss points (2x2) in order to provide the full 

integration scheme, Figure 5-8.  
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Figure 5-8 – 2x2 Gauss point in (a) and 3x3 Gauss points in (b) (Cook, et al., 2002) 

When stresses are computed in a FE analysis, the stresses are evaluated at the gauss points. 

Often the stresses are displayed on the surface of the element where the nodes are localized 

which requires the stresses from the gauss points to be extrapolated to the nodal points. 

5.3 SAP2000 and ETABS 
Computers and Structures Inc. (CSi) have developed several coupled programs for FE analyzes 

and for performing design calculations for a range of different structures. ETABS is specifically 

developed for analyzing buildings and is ideal for modeling high-rise structures since wind 

loading and earthquake loads are predefined according to the different building codes. SAP2000 

allows modeling more general structures where it is possible to perform linear and nonlinear 

buckling analysis. In both ETABS and SAP2000 it is possible to consider geometrical 

nonlinearities due to P-delta effects (CSi, 2013). 

5.3.1 Linear static analysis 

During a linear analysis, the material properties such as the stiffness remain constant. The result 

is direct proportional to the linear solution of Equation 5-3, where K is the stiffness matrix, u is 

the displacement at each nodal point and r is the resulting force acting on each node (CSi, 2013). 

          (5-3) 

5.3.2 Shell elements 

The basic shell elements in ETABS and SAP2000 are 4-noded, isoparametric quadrilateral shell 

elements that are evaluated by 2x2 gauss point integration and the stresses are extrapolated to 

the nodes of the element, Figure 5-9. Each node has six degrees of freedom and the full shell 

behavior allows analyzing out-of-plane behavior (CSi, 2013). 
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Figure 5-9 – Four node shell which uses 2x2 gauss points (CSi, 2013) 

Either a thin plate element using Kirchhoff’s plate bending theory or a thick plate element using 

Mindlin’s plate theory can be used in the analysis. The Kirchhoff plate theory neglects transverse 

shearing deformations, which may be included in the Mindlin plate theory. Generally, a thick 

plate is recommended to use in SAP2000, even when shear stresses are low since the behavior of 

the thick plate is more accurate. The thick plate is although more sensitive to mesh-distortion 

and could inhibit an “over-stiff” behavior due to shear locking (CSi, 2013). 

In ETABS it is possible to couple shell elements in order to create a wall section provide 

resultant forces for the whole coupled section. These coupled walls are denoted as “piers” and 

are ideal to provide sectional forces for design (CSi, 2013). 

5.3.3 Buckling analysis in SAP2000 

When performing a linear buckling analysis in SAP2000, the total applied load case is solved in 

order to find the critical load that will cause failure. The load that will cause failure of the 

structure is also called buckling loads, which will give rise to several buckling modes that may be 

evaluated for each individual structural element. The first buckling mode found will be the most 

critical for the individual element. 

When finding the solution for each buckling failure mode, an eigenvalue analysis is solved for a 

given set of load cases according to Equation 5-4, where K is the stiffness matrix and G(r) is the 

geometric deformation due to P-delta effects, which is dependent on the applied load vector, r 

(CSi, 2013). 

[        ]         (5-4) 

The eigenvalue,   is the buckling factor, which is multiplied with the applied axial load in order 

to find the critical buckling load. The buckling factor may be interpreted as a measure of safety 

of the system where an eigenvalue lower than one will cause the system to buckle with the 

current loads. Any number of eigenvalues may be solved for the system which will generate 

different modes of buckling for the system, and it is recommend in SAP2000 to solve at least six 

buckling modes since the lower modes may have similar buckling factors and they can all be 
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critical. Initial deformations may be added to the buckling analysis by adding an initial P-delta 

effect, which is solved separately for that load case.  

The limitation of a linear buckling analysis is that nonlinear behavior such as cracking of 

concrete and yielding of reinforcement cannot be included, which may cause an over-prediction 

of the buckling strength and the failure modes. It is although possible to reduce the bending 

stiffness of the element in order to simulate cracking (CSi, 2013). 

From a linear buckling case, it is not possible to evaluate stresses, displacements and reaction 

forces why a non-linear approach is preferable in order to fully understand the failure behavior 

of the structural element. The linear buckling modes will although provide a good understanding 

of the behavior of the structure when ultimately loaded (Kalny & Napier, 2014).  

5.4 Fracture mechanics in concrete 
In a non-linear analysis of concrete, when the ultimate strain is reached, the material will enter a 

degradation phase and the material will be able to sustain some energy and continue to deform 

until the final failure occurs, Figure 5-10. When the tensile strain at the tensile strength is 

reached, the material will start to crack and when the compressive strain at the compressive 

strength is reached, crushing of the concrete section will begin. The degradation phase of the 

material is called a softening behavior of concrete, which may be calculated as a linear process 

or with energy assumptions of fracture energy models (Leckie & Dal Bello, 2009). 

 

Figure 5-10 – Uniaxial behavior of concrete within tensile and compression region (Model Code, 
2010) 

When concrete is subjected to stress in several directions at the same time, the capacity curve 

will change depending on the loading situation. If the concrete is subjected to compression in 

two directions, the concrete strength may be enhanced since and approximated to 1.2 times the 

uniaxial compression strength due to the biaxial stress, Figure 5-11. 
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Figure 5-11 – Biaxial behavior of concrete within tensile and compression region (Model Code, 
2010) 

Fracture mechanics in engineering is used to model and utilize the strength of an element that is 

cracked. In brittle materials with low tensile capacity such as concrete, the crack sizes and 

direction of the cracks that causes the failure are hard to predict since the cracks are relatively 

small. The method used is therefore based on statistical methods, which uses the amount of 

energy needed for a crack to propagate (Leckie & Dal Bello, 2009). 

An isotropic damage propagation of the element reduces the effective area as the crack is 

growing. When the material is considered as fully damaged, the effective area will be zero. A 

simple constitutive relationship in order to account for this behavior is to assume each fiber of 

the element as linear elastic until fracture when the damage propagation will be D=1 and the 

material model will be completely damaged and not be able to carry any further stresses, Figure 

5-12. When the stress field reaches D=0, the nominal stress will be considered to act on the 

whole section, Equation 5-5 (Hofstetter & Meschke, 2011). 

 

Figure 5-12 – Continuous damage propagation of crack element (Hofstetter & Meschke, 2011) 

              (5-5) 
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5.4.1 Fracture energy 

The formation of a new crack is called crack initiation and the amount of energy, Gf, which is 

required to fully open a crack, is called fracture energy, Figure 5-13. The fracture energy 

depends on the tensile capacity of the member, the crack width and the shape of the softening 

behavior in the concrete (Leckie & Dal Bello, 2009). 

There are currently two approaches used in numerical models when calculating crack 

propagation, the smeared crack approach and the discrete crack model, see Figure 5-13. In the 

discrete crack model, a crack is formed between the interfaces of two elements. When the crack 

is formed, the boundary conditions of the element change, which will require modifying the 

meshing of the element at the crack-tip in the crack initiation stage. In the smeared crack 

approach, a crack band within a length of the concrete element is propagated and modeled as 

isotropic stiffness degradation in the stiffness matrix (fib, 2010) (Hofstetter & Meschke, 2011).  

 

Figure 5-13 – Definition of different crack formulations for finite elements and definition of 
fracture energy (Model Code, 2010) 

5.4.2 Smeared crack models 

Smeared crack models use the fracture energy to compute the total strain required in order to 

compute the critical crack width. In one-dimensional crack models, the strain composes of two 

different relations, the elastic strain εe, which is derived from Hooke’s law and the additional 

strain due to crack initiation εc, Equation 5-6. Before the tensile capacity is reached within the 

linear elastic domain, no deformations will occur and the crack growth will return to zero strain. 

When the tensile capacity of the section is reached, micro cracks will develop until the critical 

cracking width is reached and the section no longer can carry tensile forces in the cracked region 

(Hofstetter & Meschke, 2011). 

            (5-6) 

The smeared crack model then uses the strain εc to calculate the propagation of the crack until 

the critical crack width, wc is found, Figure 5-13. The crack at any point may be evaluated as the 

strains times the crack band width, Lt in the element, Equation 5-7.  

           (5-7) 
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There are two different types of crack models, a fixed crack model and a rotating cracking model. 

The fixed crack model locks the direction of the crack in the crack initiation phase and the crack 

is formed in that direction. There is a possibility for cracks to form in the direction of the plane 

that may be approximated by taking into account a factor β, which correlates with the shear 

modulus G. Using a fixed value of β, could introduce errors since stresses will be able to be 

transferred through the cracks, even though the crack is wide open. Therefore, β should be set to 

a low value, and if a constant value is used that should be approximately 0.01. There is also a 

possibility to vary the value of β, which should decrease to zero as the crack is fully formed. The 

rotating crack model allows the plane of the crack to change direction and is assumed to remain 

perpendicular to the direction of principal strain. This allows new cracks to be initiated that are 

not parallel to the original crack initiation (Hofstetter & Meschke, 2011). 

5.4.3 Concrete plasticity function 

When the concrete has reached its ultimate compressive strain, the plastic deformation of the 

concrete due to crushing may be modeled as a linear degradation with regard of the energy 

dissipation analogous with the fracture energy models of tensile cracking, Figure 5-13. The 

plastic strain may be evaluated in a numerical analysis as a function of the plastic displacement, 

wd and a crack band, Ld within the element, Equation 5-8 (Cervenka & Jendele, 2013). 

      
  

  
     (5-8) 
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5.5 ATENA 

5.5.1 Fracture-Plastic material models 

There is a possibility of using different material models in ATENA, which uses different 

constitutive relationships in order to simulate non-linear fracture mechanics of concrete. The 

fracture-plastic material models in ATENA combine the constitutive relationship for both 

concrete cracking in the tensile region and the plastic behavior of concrete in the compressive 

region. The material models may therefore be used in a range of different loading situations in 

order to simulate cracking, crushing under high confining stresses and crack closure if wanting 

to simulate a cyclic response (Cervenka & Jendele, 2013). When analyzing 3D-finite elements 

with fracture plastic material models, a smeared crack theory is implemented with fixed 

cracking angle. An effective crack band length is approximated and for large elements as for 

shells, when the crack band length is smaller than the actual length of the shell, the crack spacing 

is required to be input manually.  

The fracture-plastic material models use a combined failure criterion in order to represent the 

nonlinear degradation of concrete, Figure 5-14. The softening behavior of concrete in 

compression is evaluated by a hydrostatic failure criterion (Menétrey-William plasticity 

function), which allows simulating tri-axial behavior of concrete and a triangular failure 

criterion (Rankiné fracture surface) in order to evaluate concrete cracking in the tensile region. 

The Rankiné failure surface is approximated as a crack grown in the principal stress direction 

and is evaluated for each individual fracture surface individually (Cervenka & Jendele, 2013). 

The Rankiné and Menetrey-Willliam failure criterions have been modified such as the both 

failure envelopes are coupled and allows the stresses on the failure surface to interfere when 

both the tensile region and the compression region are active. The combination of the two 

failure surfaces in Figure 5-14 will allow simulating a realistic behavior of concrete when 

reaching its failure surface, either due to tensile failure, crushing or a combined fracture process 

as crack closure in a cyclic response. 

 

Figure 5-14 – Failure surface for combined plasticity model used in Fracture plastic constitutive 
concrete material models (Papanikolaou & Kappos, 2009) 

When evaluating the shear strength of concrete and how shear cracks are formed, the Modified 

Compression Field Theory (MCFT) is used. The method approximates the angle of the shear 

cracks, which depend on the aggregate size, compressive strength and maximum crack width at 

the given location. 
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A special fracture-plastic material model (CC3DDnonLinCementitious3) has been developed in 

order to capture the tri-axial behavior of confined concrete where the numerical evaluation is 

presented in Section 2.3.2. The enhanced material model is a development of 

CC3DNonLinCementitious2, but has been modified in order to capture the increased ductility of 

the confined section. Special input parameters for fracture energy, tensile strength, Young’s 

modulus, plastic strain and other material parameters have been suggested for concrete grades 

between 20-120 MPa, which are based on the experimental results from the numerical 

evaluations on the confined concrete sections, Table 5-1. 

Table 5-1 – Table of input parameters for CC3DDnonLinCementitious3 concrete material model 
(Cervenka & Jendele, 2013) 

 

5.5.2 Solution methods 

5.5.2.1 Newton-Raphson (N-R) Method 

The Newton-Raphson method describes a way of generating the force, P versus displacements, u 

curve, whose shape is not known at the outset. The initial displacement is imagined to be equal 

to zero, then a load is applied and the corresponding displacement is searched. The initial 

tangent stiffness, k0 is then derived and a displacement is calculated. But this displacement does 

not correspond to the given load increment, so a new tangent stiffness is derived from the 

current deformation. Then this tangent stiffness spawns a new displacement. This continues 

until the tangent stiffness converges with the load-deformation curve, and then the load is 

increased to P2 and the steps above is repeated until the total load is applied and the 

corresponding deformation is calculated, Figure 5-15. 
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Figure 5-15 – Full Newton-Raphson method (Cervenka & Jendele, 2013) 

5.5.2.2 Modified Newton-Raphson Method 

This method is very similar to the regular Newton-Raphson method, but instead of re-calculating 

the stiffness for each iteration the initial tangent stiffness for each step can be used to iterate the 

deformations, Figure 5-16. This method is often used to save time when the analysis becomes 

very time consuming due to all the stiffness calculations. It usually demands a larger amount of 

iterations than the Full Newton-Raphson Method, but it is still more time effective since the 

stiffness calculations are the ones that are time consuming.  

 

Figure 5-16 – Modified Newton-Raphson method (Cervenka & Jendele, 2013) 

5.5.2.3 Arc-length Method 

Another method that is often used is the Arc-length method. It is a form of the N-R method in 

which, within each new level of external load, iterative increments of load and displacement are 

adjusted in such way that the iterative steps lay on a curve of radius Δl centered at the initial 

point. The method incorporates a way to keep the process from snapping back when the curve 

acquires a negative slope, which the Full N-R method might experience, Figure 5-17 (Cook, et al., 

2002). This method has gained its popularity due to its robustness and computational efficiency, 

which assures good results even in the cases where the traditional N-R methods fail. The 

primary task is to observe the complete load-displacement relationship, rather than applying a 

constant loading increment as it is in the Newton-Raphson method. The stiffness, k, can be kept 

constant for every iteration for each step in the same way as in the modified N-R method or re-

calculated for every iteration as it is done in the Full N-R method (Cervenka & Jendele, 2013).  
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Figure 5-17 – Newton-Raphson method experiencing snap back (right) and Arc-length method 
(left) (Papazafeiropoulos, 2014) 

5.5.3 Ahmad Shell element 

The Ahmad shell element in ATENA may be used in order to model thick as well as thin shell 

elements. The Ahmad shell element uses isoparametric quadrilateral elements in order to 

calculate displacements and create the geometry of the model.  

 

Figure 5-18 – Isoparametric shell element with respective nodes 

The Ahmad shell element uses the same geometry as 20 nodes isoparametric brick elements, 

Figure 5-19. There are different types of Ahmad shell elements that may be used when 

performing an analysis. To avoid problems with shear locking and spurious nodes the Lagrange 

CCAhmadElement33L9 element is recommended. It uses 3x3 gauss integration points which 

have five degrees of freedom in every node, three displacements and two rotations in planes 

normal to the mid-surface of the element and each element has 8 nodes in each plane, one in 

each corner.  
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Figure 5-19 Ahmad element coordinate systems (Cervenka & Jendele, 2013) 

When using shell elements to simulate non-linear effects of concrete cracking and when 

reinforcement is included in the analysis, a layered shell element type is recommended to use. 

The layered shell element allows smeared reinforcement in the layers of the element. The 

smeared reinforced layer is superposed with the existing concrete layers that will allow 

evaluating the stress in the reinforcement layer separately. It is also possible to create discrete 

reinforcement within the element and it may be combined with the smeared reinforcement 

approach. When using shell elements in ATENA, it is recommended to model at least 4-10 layers 

in order to fully capture the bending and transition of forces within the element.  

 

Figure 5-20 – Shell element with smeared reinforcement (Gopinath, et al., 2012) 

5.5.3.1 Model considerations of shell elements 

When modeling connecting shell elements at corners, it is recommended to model the corner 

with a 45° angle in order to avoid problems with numerical errors with the transferred forces in 

those regions, Figure 5-21 (Cervenka & Jendele, 2013). The local coordinates should be oriented 

so that the Z-axis is in the thickness direction of the element.  
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Figure 5-21 – Recommended approach when shell elements are modeled in ATENA (Cervenka & 
Jendele, 2013)  

When creating the FE mesh for a shell macroelement, it is important that the mesh size is not 

greater than the thickness of the macroelement. This is because a shell element is supposed to 

carry bending perpendicular to the thickness and loads within its plane, and if the meshing 

makes a FE element smaller than the macroelement’s thickness the software will misinterpret in 

what direction the element is designed to carry bending. This can cause an over stiff behavior of 

the model. It is always recommended to use full-integration, as mentioned above, to avoid or 

minimize membrane and shear locking. 

When using shell elements, the computational time may be greatly decreased compared to solid 

3D elements. This is because it uses some assumptions and restrictions so that a part of the 

computations is done in a 2D space only (Cervenka & Jendele, 2013). 
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6 The 800 meter prototype building 
The prototype building that has been analyzed is an 800 meter skyscraper that is assumed to be 

constructed in China. The main structural system consists of eight mega tubes that are 

symmetrically placed around the perimeter of the building, Figure 6-1. The columns are 

rectangular shaped are slanted in the base until story 40, then they are continued straight to the 

top of the building. The thickness of the column section is also decreasing as continuing up the 

building. The columns are supported by perimeter walls that function as shear walls that are 

enclosing the perimeter of the building at certain stories, which vary in height throughout the 

building. 

  

Figure 6-1 – Plan and section view of the Tubed Mega Frame 800 m concept building 

The material properties have been kept constant throughout the whole building for the columns 

with a Young’s modulus of 50 GPa and a characteristic compressive strength of 100 MPa. 
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6.1 Structural system 
The design of the structural system is such that when the wind is acting in the X-direction, the 

two columns on the leeward side are resisting the overturning moment around its strong 

bending axis and the intermediate columns that are subjected to a lower wind load are 

positioned in the weak direction of bending. Due to the symmetry of the building, the same will 

happen when the wind is acting in the Y-direction. 

 

Figure 6-2 – Illustration of overturning moment of 800 m concept building 

6.2 Load cases 
The following load cases have been evaluated according to ACI 318-11. The load cases displayed 

are in the ultimate limit state where the loads are factored in order to represent the failure 

loads. The wind loading has been simulated in both X- and Y-axis with both negative and positive 

quantities. 

U=1.4D  (Load case 9-1) 

U=1.2D + 1.6L (Load case 9-2) 

U=1.2D + (1.0L+0.5W) (Load case 9-3) 

U=1.2D+1.0W+1.0L (Load case 9-4) 

Where U=Required strength, D=Dead weight, L=Live load and W=Wind load. 
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6.3 Analysis in ETABS 
Three different sections of the global model have been isolated and analyzed with regard to the 

resulting forces acting on the columns, Figure 6-1. The material parameters of the structure are 

assumed to be linear elastic for the whole structure. 

Because of the symmetry of the structure, the worst loads found in one column will be the same 

in each column of the system according to different load cases. Since the highest sectional forces 

from moments, shear and torsion are found close to the perimeter walls in each section, those 

stories are studied in the cross-sectional analysis.  

6.3.1 Convergence check 

A convergence check has been performed for the different mesh types for the wind load in X-

direction, in order to verify the sectional forces acting at story 44, which is a section in-between 

two perimeter walls. From the convergence study, a 3x3 mesh size (i.e. each macroelement is 

divided into 9 elements) was chosen for extracting the loads, for further analysis read Appendix 

A.  

Table 6-1 – Convergence study for pier forces where the total average is the summation of all 
differences from all of the forces for that mesh type 

Story 44 P [kN] V2 [kN] V3 [kN] T [kNm] M2 [kNm] M3 [kNm] 
Total 

average 

Mesh size 
       2x2 52880,38 37,07 -4025,45 45,29 -22018,13 -679,08   

Delta 1,00 1,58 1,00 0,55 0,88 1,14 1,02 

3x3 52831,81 23,49 -4020,83 82,64 -25076,85 -594,88   

Delta 1,00 1,35 1,00 0,88 0,93 0,97 1,02 

5x5 52686,71 17,37 -4021,85 93,88 -26862,28 -615,90   

Delta 1,00 1,16 1,00 0,60 0,97 1,11 0,97 

10x10 52609,82 15,03 -4018,99 155,57 -27731,34 -552,69   
 

In order to verify the column forces with a hand calculated value, a separate load case with an 

external wind force with constant magnitude of 100 kN was added to all stories in the Figure 

6-3.  



6 The 800 meter prototype building 

64 
 

 

Figure 6-3 – Location of studied shear force 

The total shear force resisted by the columns at story 44 according to Figure 6-3 should be the 

same as the calculated external shear force calculated according to Equation 6-1, where nv 

represents the story number and F1 is the external shear force from wind. Table 6-2 displays the 

theoretical total shear force calculated by Equation 6-1 and the calculated shear force by ETABS 

for all columns at story 44 with three different mesh types. 

                           (6-1) 

Table 6-2 – Mesh convergence for constant wind acting between story 44 and 137 

  2x2 mesh 3x3 mesh  5x5 mesh Theoretical 

Pier V2 [kN] V3  [kN] V2  [kN] V3  [kN] V2  [kN] V3  [kN] VTOT  [kN] 

P1 7,1 -1037,5 3,7 -1037,4 1,8 -1038,8   

P2 -7,1 -1037,5 -3,7 -1037,4 -1,9 -1038,8   

P3 -7,1 -1037,5 1812,7 23,5 -1,9 -1038,8   

P4 7,1 -1037,5 1812,5 -23,4 2,0 -1038,7   

P5 1811,9 22,1 3,8 -1037,3 1811,3 25,6   

P6 1811,8 -22,1 -3,7 -1037,4 1811,1 -25,6   

P7 1811,8 22,1 1812,7 23,5 1811,3 25,7   

P8 1811,8 -22,1 1812,7 -23,6 1811,3 -25,7   

∑ 7247,3 -4150,1 7250,6 -4149,5 7245,0 -4155,1   

∑tot (V2-V3)   11397,4   11400,0   11400,1 11400,0 
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6.4 Buckling analysis in SAP2000 
A linear buckling analysis in SAP2000 has been studied for all of the columns between story 40 

and 57. The study started with only a single column between story 40 and 57, but it was 

complicated to verify if the buckling modes and factors were correct and if the structure 

behaved in a correct manner. Instead, four different models for the whole section were created, 

one without openings, one with openings in the columns, one with openings and without 

intermediate perimeter walls, and a model with reduced bending stiffness, Figure 6-4. The 

buckling analysis also considered second order effects due to geometrical nonlinearities with P-

delta effects, which are explained in the Section 2.2. 

The model with reduced bending stiffness simulated cracked cross-sections and to take the long 

term effects of creep into consideration. This was done with a factored effective stiffness for the 

moment of inertia equal to 0.7Ig (ACI Committee 318, 2008/2011). 

  

Figure 6-4 – The studied section between story 40 and 57, and isolated model from SAP2000; 
a) Model without openings, b) Model with openings, c) Model with openings and without 
intermediate perimeter walls  

 

Figure 6-5 – Plan view of the studied section from SAP2000 
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6.4.1 Convergence study 

A separate verification model was created in order to verify that the numerical solutions of the 

buckling factors. This model was tested with three different mesh sizes. The results from the 

convergence check showed that a mesh size of 2x2 was the most ideal for the model. It had a 

minimum rectangular mesh size equal to the wall thickness, t= 1,25 m that did not violate the 

thickness requirement for shell elements, Figure 6-6. 

 

Figure 6-6 – Convergence check for four different mesh types 

6.4.1.1 Verification of the model 

The buckling factor for the whole section between stories 40-48 with the same axial load at each 

column top was investigated and compared with hand calculations, Figure 6-7. The model was 

pinned at the bottom and had only one story perimeter wall around the top of the section. The 

first buckling mode of the system was compared with hand calculations to verify the critical 

buckling load for a column in a sway system, and the critical buckling length was set to 1.3L 

according to the ACI 318. The buckling factors were 35.1 for the model in SAP2000 and 43.1 

from the hand calculations, Appendix B. 
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Figure 6-7 – Modeled columns between story 40-48 with the same axial force at each column 

Apart from the verification described above, the deformed shapes from the models in ETABS and 

SAP2000 were compared and they displayed a very similar behavior and displacements, Figure 

6-8. 

 

Figure 6-8 – Deformed shape and mesh from; ETABS (left) and SAP2000 (right) 

6.4.2 Assumptions 

Following assumptions and simplifications of the model in SAP2000 was done in comparison to 

the whole building modeled in ETABS. 

 At the top of the section, two perimeter wall stories were modeled with the same height 

(4.5 m), i.e. a total height of 9 m, Figure 6-8. This deviates from the ETABS model where 

one of the stories had a height of 4.5 m and the other one was 6 m, i.e. in the Figure 6-8 

above it had a height of 10.5 m.  

 No initial displacements were modeled. 

 Pinned supports at the columns bottom perimeter, inducing a fixed behavior. 

 No restrains at the top of the model. 

 No intermediate floors were modeled. 
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6.4.3 Boundary conditions 

At the middle of the perimeter wall stories 56-59, the moment inflection position was chosen to 

decide between which stories the section was going to be modeled. This position was at the large 

perimeter wall stories, which was assumed to be at half of the total perimeter wall height, Figure 

6-9. The moment in the columns was derived from the load case 9-4-X, which has an applied 

wind load in the negative X-direction. The boundary conditions in the SAP2000 model was 

modeled with pinned supports around the bottom of the columns.  

 

Figure 6-9 – Moments in the columns from ETABS load case 9-4-X 

6.4.4 Loading 

The wind in the load case 9-4 generated the highest axial loads and bi-axial bending moments, 

and since all of the columns were modeled, the model was independent of which direction the 

wind was evaluated because of the symmetry of the building. Load case 9-4-X was chosen and 

the forces for each pier were extracted from ETABS and applied to each individual column at 

story 55, Appendix A. 

Several different load simulations were applied in order to evaluate the buckling factor with 

different load scenarios. The final model had axial forces that were added as concentric forces 

distributed on null-frames around each column´s centerline circumference at story 55. In all of 

the models, the P-delta effect was evaluated together with different load combinations, e.g. axial 

+ dead, axial + dead with P-delta effects and all loads (lateral and axial) with P-delta effects. The 

bi-axial bending moments were added as four trapezoidal distributed loads at story 55 that 

induced one moment in each direction, Figure 6-10. The moments that were applied to the 

model were supposed to simulate the acting moments from all the sections above the studied 

section from the worst load case, 9-4-X. The shear load was divided into two different loads and 
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added to each column, one constant distributed shear force added at story 55 and a distributed 

trapezoidal shear force that was applied between stories 40-55 in the center of the columns, 

Figure 6-11 and Figure 6-12. The constant shear forces were supposed to simulate the shear 

force that was induced by the wind load on the part of the building above the studied section and 

the trapezoidal shear loads simulated the wind load when moving down the considered section. 

 

 

Figure 6-10 – Added moments: a) M2-moment around weak axis and b) M3-moment around stiff 
axis 

At each column a shear force was added in the negative X-direction as a distributed force on the 

width of the cross-section to simulate the shear that was induced by the wind load on the part of 

the building above the studied section, Figure 6-11.  

 

Figure 6-11 – Model with constant shear force 

For the model with openings the trapezoidal distributed shear force had to be moved from the 

center of the column to a location closer to the perimeter walls, since the load could not be 

applied over the openings due to connection problems at the openings, Figure 6-12. 
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Figure 6-12 - Applied trapezoidal distributed shear force in the model with openings 

The model with openings in the columns was modeled with one opening at each long side of the 

columns and on each floor, i.e. every 4.5 m, Figure 6-13. The openings where created to 

represent the doors for the Articulated Funiculator, the elevator system for the Tubed Mega 

Frame. This model was created to evaluate if openings in the columns had a critical effect on the 

buckling for the section. The openings had the dimensions 1.5x2.25 m, to simulate big elevator- 

and service doors. This model was later modified with a 30% lower bending stiffness to simulate 

that the cross-sections were cracked according to ACI 318. 

  

Figure 6-13 - Section view of the model with openings from a) YZ and b) XZ 

Another model was created that did not have any intermediate perimeter walls, the reason for 

this was to analyze if these smaller perimeter walls were vital to the building’s buckling stability, 

Figure 6-14. The perimeter walls were deleted from the previous model. This model was also 
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modified with a 30% lower bending stiffness, in the same manner as the previous model with 

intermediate perimeter walls. 

 

Figure 6-14 – Model with openings and without intermediate perimeter walls 
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6.5 Cross-sectional analysis by hand calculations 

6.5.1 Design for shear 

The shear capacity of section 40, 79 and 129 was calculated according to ACI-318 (Section 3.3), 

Appendix C. The shear was resisted by the webs in X- and Y-direction and the shear capacity was 

calculated in each direction separately. The shear reinforcement consists of one rectangular 

stirrup cage in each web and the shear resisting mechanism will therefore be four resisting 

stirrup legs in each direction, Figure 6-15. 

 

Figure 6-15 – Effective area that is resisting shear forces in the webs 

The calculated capacity of the section in X and Y-direction was compared to the shear forces 

acting from each load case and was designed for the largest shear forces in each respective 

direction. 

When studying the interaction diagrams, the capacity of the pure shear strength should be 

greater than the flexural shear capacity calculated in order to prevent brittle shear failures. The 

flexural capacity was found by dividing the total height to the inflection point for zero bending 

moment between the perimeter walls. The shear strength of those sections was also found to be 

greater than the flexural capacity for the minimum requirements for shear reinforcement, both 

for the reduced thickness and original thickness of the tubes. 

6.5.2 Design for torsion 

Design for torsion for section 40, 79 and 119 was performed according to ACI-318, Section 3.4, 

Appendix C. The largest torsion forces acting was found closest the perimeter walls from wind in 

9-4-X where the torsion forces acting close to the perimeter wall sections were very large in 

comparison to the torsion forces acting between the perimeter walls, Figure 6-16.  
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Figure 6-16 – Torsion in columns from load case 9-4-X in ETABS; a) view in XZ b) view in YZ 

The factored torsion force extracted from ETABS was found to be higher than the allowed 

requirements for the concrete and design for torsion was performed according to ACI 318, 

Appendix C. The torsion forces should be resisted by closed stirrups and torsion forces should be 

checked in combination with shear forces according to Section 3.4. The load case with the 

highest torsion force was therefore designed with accompanying shear forces for the same load 

case.  

6.5.3 Interaction diagram 

The interaction diagram calculations were performed in Mathcad, Appendix C, and the material 

properties that were used according to Table 6-3:  

Table 6-3 – Material properties 

Es Ec fc fy εcu 

210GPa 50GPa 100MPa 550MPa 0.3% 
 

When creating an interaction diagram there are several parameters that have to be evaluated. 

The resulting diagram plots the maximum combination capacity of an axial load and a moment 

that the cross-section can carry for a given reinforcement ratio and geometry. This depends on 

the location of the neutral axis, which was altered throughout the iterations to simulate how 

much of the cross-section that was cracked.  

To be able to create the interaction diagram, a reinforcement ratio was calculated and derived to 

approximately 0.5% of the gross cross-sectional area, depending on which section that was 

studied, (ACI Committee 318, 2008/2011). A flexural reinforcement ratio of 1% was though 

chosen and evaluated in the cross-sectional analysis and used throughout the calculations, since 

a minimum reinforcement ratio of 1% is required for compression members, (ACI Committee 
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318, 2008/2011). The reinforcement was distributed in four layers in each direction in a pattern 

according to Figure 6-17. The alignment of the reinforcement was derived from minimum and 

maximum spacing requirements of the ACI 318, and it has to be symmetrical since the column 

can be loaded in both the X- and Y-direction and with positive and negative direction.  It was also 

based on the bar diameter db, to be able to fulfill the spacing and ratio requirements. The bar 

diameter was iteratively derived to 25mm for the longitudinal reinforcement. When the 

equilibrium equations were used to calculate the load capacity, only the reinforcement in the 

flanges were utilized, for each studied direction. This results in an underestimation of the cross-

section’s capacity.  

 

Figure 6-17 – Reinforcement alignment for longitudinal reinforcement used for the interaction 
calculations; 74 bars along each line in the webs and 53 bars along each line in the flanges, bar 
diameter 25 mm, spacing 96 mm, reinforcement ratio 1 %, clear cover 75 mm 

The reduction factor, β, that is used to determine the size of the compressive stress block, 

according to section 3.2, was set to 0.65 due to the use of high strength concrete, which is 

defined as concrete with a compressive strength over 55.2 MPa (ACI Committee 318, 

2008/2011). 

During the iteration the following variables were altered due to the variation of the neutral axis: 

compressive stress block size a, steel strain ε, steel stress f, axial load capacity P, moment 

capacity M and the axial load eccentricity e.  

The maximum axial load capacity was calculated with the following formula, according to ACI 

318-08, and with no eccentricity: 

ϕ          ϕ[       
           ]  (6-2) 
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The strength reduction factor,   was calculated to 0.702, since the desired failure mode was 

presumed to be somewhere between compression- and tension controlled (ACI Committee 318, 

2008/2011).  

When all the iterations were done the interaction diagram was plotted together with the 

ultimate axial forces and the corresponding moments from load case 9-4-X. This procedure was 

performed both around the X-axis and the Y-axis for story 40, 79 and 119.  

To evaluate how the dimensions of the column influenced the analysis and the results, the 

thickness, t, of the column wall was altered for the three different sections in both X- and Y-

direction.  

6.5.4 Confinement at story 40 

In order to enhance the ductility and compressive strength of the hollow reinforced concrete 

section, a confinement analysis was performed for the section closest to story 40, Appendix C. 

The confining action was calculated according to Mander’s confining model and compared to the 

results with the enhanced confinement equations in MC2010. 

6.5.4.1 Parametric study on confining effect 

A parametric study of the confining effect of story 40 has been evaluated with several different 

variables. The following different variables where studied in order to evaluate its individual 

influence on the confining effect; 

 Every longitudinal bar enclosed within cross-ties 

 Transverse distance between stirrups reduced to 192 mm 

 Diameter of cross-ties changed to 19 mm and 22 mm 

 Increase yield strength of cross-ties to 500 MPa 

The comparison of the parametric study was done with the original section that have been 

designed according to ACI-318 with regard of shear, bending and axial load, Appendix C. In the 

original reinforcement configuration, every second longitudinal reinforcing bar was tied with a 

cross-tie in order to prevent reinforcement buckling according to MC2010, which is also a 

minimum requirement according to the ACI 318. 

6.5.4.2 Determining well confined section 

In order to classify a section as well confined, there are several minimum requirements that 

need to be fulfilled. The lateral confining pressure of the transverse reinforcement should be 

greater than the minimum requirements of a confined section according to MC2010. In well 

confined sections, there are also requirements in order to prevent splitting according to 

MC2010. The number of cross-ties in the corners was calculated separately since they will be 

confined by cross ties in two-directions which will lead to special detailing and calculation of the 

confining effect in the corner sections. 
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6.6 Analysis in ATENA 
Nonlinear analyses have been performed in ATENA in order to verify the hand-calculated 

capacity of the section and to evaluate the failure behavior of the hollow reinforced concrete 

column. Two different types of analyses have therefore been done; when evaluating the failure 

behavior of the concrete section, mean values for concrete material values have been used in 

order to fully capture the failure modes and representing a “virtual full scale testing”. When 

verifying the hand calculated values for the ultimate capacity, characteristic values for concrete 

have been used and global safety factors were applied to the results, in order to be able to 

compare the results with the hand calculated values. 

The test specimen have been evaluated in both X- and Y-direction with different spacing of 

transverse reinforcement when using mean values and for different thicknesses of the section 

for both mean values and for characteristic values of the concrete properties. 

6.6.1 Test specimen 

A test specimen was isolated from the global analysis model which should capture the behavior 

of the concrete column in-between two the perimeter walls, Figure 6-18. The tested column was 

subjected to different loading situations where the sectional forces were extracted from ETABS 

from different load cases. 

 

Figure 6-18 – Columns in-between perimeter walls from story 40-48 which shows the principal 
bending moment from wind in Y (left figure) and wind from X (in the right figure) 

The test specimen in ATENA was modeled between the inflection point for zero bending 

moment between story 40 and story 46 that occurred in both bending around X and Y at 29.25m 

from the base of the modeled column. The column will therefore act as a cantilever that 

represents the single curvature moment distribution of the column between the zero bending 

inflection point and the base reaction, Figure 6-19.  
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Figure 6-19 – Single curvature moment distribution, induced by a shear force (Krolicki, et al., 
2011) 

 

 

Figure 6-20 – Modeled specimen between inflection points for zero bending moment with global 
coordinates z=+181.3m and z=+217.3m and thickness t=1.25 m (without steel plates) 
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6.6.1.1 Boundary conditions 

The column was fixed in all translations at the bottom of the column (z=0 m, local coordinates), 

Figure 6-21. When bending around the stiff axis, the model was fixed in the X-direction at the top 

(z=36 m, local coordinates) in order to restrain the column against lateral torsion buckling, 

Figure 6-22. 

 

Figure 6-21 – Boundary conditions a) Locked in Z and X, b) Locked in Y (the steel plates have a 
smaller mesh) 

 

Figure 6-22 – Model locked in X, when bending around the stiff X-axis (the steel plates have the 
smaller mesh) 

In order to impose the loads to the ATENA model, steel plates were created with linear solid 

brick elements to be able to evenly transfer the forces into the concrete tube. The steel plate at 

the top of the model consisted of two different plates. The lower steel plate had the same 

geometric shape as the concrete column in order to evenly transfer the loads and to have a full 

bond between the solid elements and shell elements. The other steel plate was 5 meters thick 

and was placed on top of the hollow steel plate in order to be able to evenly distribute the axial 

load to the concrete column through the lower steel plate. At the bottom of the column, a 1 m 

thick steel plate with the same geometric shape as the concrete column was modeled in order to 

transfer the boundary conditions to the column and avoid singularities in the concrete, Figure 

6-23.  
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Figure 6-23 – Load transferring steel plates at the top of the column (left) and at the bottom (right)  

6.6.2 Element type 

Ahmad quadrilateral layered shells were used in order to model the concrete column. The shell 

macroelements was modeled with five concrete layers and four smeared reinforcing layers. Two 

reinforcing layers represented the longitudinal reinforcement at each face and two reinforcing 

layers corresponded to the transverse reinforcement that consisted of stirrups. The steel plates 

at the ends of the column were all modeled with linear solid brick elements.  

6.6.2.1 Smeared reinforcement layer 

The smeared longitudinal reinforcement layers were the same for all of the analysis. The spacing 

between the transverse reinforcement was changed which provided a new smeared 

reinforcement ratio for those models, Table 6-4. 

Table 6-4 – Input values for smeared reinforcement, with original and reduced spacing of the 
transverse reinforcement 

Model stv [mm] sc [mm] ρw [mm2/m] ρl [mm2/m] 

Original t=1,25m 400.0 393.8 958.7 4970.0 

Reduced t=0,625m 192.0 192.0 2557.0 4970.0 
 

The smeared reinforced layers are specified as m2/m and are perpendicular to the bar axis, each 

bar is hence not modeled but rather distributed in one or a number of layers, Figure 6-24. The 

transverse reinforcement was smeared along the total height of the column and the longitudinal 

reinforcement was smeared along the width of each flange/web. 
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Figure 6-24 – Principles for smeared reinforcement alignment 

6.6.2.2 Crack spacing 

When using large shell elements that may have smaller crack spacing than the element size, the 

distance between cracks had to be calculated by hand according to MC2010, Appendix D. The 

flexural cracks in the tension area have been assumed to develop in-between the transverse 

reinforcement layers in the longitudinal direction. This assumption therefore limits the 

maximum crack spacing to the distance between the transverse reinforcement based on the 

experimental research of flexural crack propagation of reinforced hollow columns due to seismic 

action, Figure 2-25. 

The maximum crack spacing, sc was calculated to 2·ls,max, with the help of a tensioned element 

subjected to an increasing axial deformation until cracks start to develop before another crack 

formation is formed, Figure 6-25. 

 

Figure 6-25 – Crack formation between discrete cracks where a discontinuity zone is assumed on 
each side of the crack 

6.6.3 Mesh 

A mesh size of the concrete tubes of 1.25 m has been chosen. The maximum mesh size was 

limited to the thickness of the tubes since shell elements should not be thicker than the length of 

the shell, which corresponded to a total of 280 elements in the model with full thickness. For the 

model with reduced thickness, a mesh convergence was performed in order to ensure that the 

reaction forces had converged where the original mesh size was compared with a reduced mesh 

of maximum size 0.675 m. The mesh convergence gave the same results for the both mesh sizes 

and a mesh of 1.25 m was chosen in order to decrease computational time. 

  



 6 The 800 meter prototype building 

81 
 

6.6.4 Static monotonic pushover analysis 

When analyzing the failure behavior of the test specimen, a monotonic pushover analysis was 

investigated in order to capture the flexural behavior of the column when failing. In the 

pushover analysis, the highest axial load from the load cases for story 40 was first added and 

thereafter the shear load was imposed until final failure of the model. 

 

Figure 6-26 –Load paths for monotonic pushover analysis for around X and Y-axis 

6.6.5 Material model 

The CCementious2 material model was used in order to model the concrete tubes and the mean 

material parameters used in the analysis are given in Table 6-5, Appendix D.  

Table 6-5 

Parameter Suggested value Calibration method and/or reference 

Ec (MPa) 50 000 From ETABS model 

ν 0.2 Adopted from MC2010 

fcm fc + 8 MPa Adopted from MC2010 

ft 2.12∙ln(1+0.1fcm) Adopted from MC2010 

εcp 
εc1-fcm/Ec Adopted from MC2010 

wd (mm) -0,5 Suggested value by Van Mier (1984) 

β 0 According to section 5.4.2 

Gf (MN/m) Gf0(fcm/fcm0)0.7 Adopted from MC90 (CEB, 1993) 

sc (mm) 2∙ls,max Calculated according to MC2010 

 

The material data for the Young’s modulus and the characteristic compressive strength was 

chosen as the same as in the ETABS model, in order to represent the same behavior. The plastic 

strain, εcp in compression is assumed to be the result of the ultimate compression strain 

subtracted with the elastic loading curve, Figure 6-27.  
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Figure 6-27 – Stress and strain diagram displaying the plastic strain (White & Panjabi, 1999) 

The fracture energy was calculated according to MC10 when assuming the smallest aggregate 

size, because the failure surface of high strength may go through the aggregates and therefore 

the particle size should be regarded conservatively (Model Code, 2010). The material model was 

also used without any aggregate interlocking for the same reason. 

6.6.6 Loading 

The axial load was first applied in 40 steps as a concentric load at the top of the column until the 

total axial load corresponding to the load case was reached and then the shear load was applied 

at the top of the column. The shear load was applied as a prescribed horizontal deformation in 

order to accurately be able to evaluate the failure behavior of the column of its ultimate capacity, 

Figure 6-28. 

  

Figure 6-28 – Deformation controlled load added at top of steel plate 

The models were tested for the maximum and minimum ultimate axial force from ETABS, in 

both X- and Y-direction and for two different spacing of transverse reinforcement. 

6.7 Verification of interaction diagram 
Ten different load simulations were evaluated with characteristic concrete material properties 

in order to verify the hand calculated interaction diagram. All of the models used the reduced 

spacing of 192 mm for the transverse reinforcement and with characteristic concrete material 

properties. Both the highest axial load and largest moment acting from ETABS for story 40 was 
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evaluated. Another load situation was also tested in order to evaluate the flexural capacity for 

the reduced section with a thickness t=0,625 m, Figure 6-29.  

 

Figure 6-29 – Load path for interaction calculations in ATENA, the triangular labels indicate the 
location of the ultimate loads extracted from ETABS 

A method according to EN-1992-2, with a safety format for nonlinear analysis for was used in 

order to evaluate the interaction diagram for bending in each direction. The method states that 

the capacity of the section should be calculated with the load history and divided by safety 

factors in order to get the design capacity from the nonlinear analysis. The ultimate failure load 

in ATENA was therefore multiplied by the nominal safety factor,   from the ACI 318-11 where 

the same factor was used for the hand calculations for the interaction diagrams ( =0,702). 

When evaluating the capacity of the section, monitoring points were added at the bottom 

corners of the lower steel plate, in order to measure the total horizontal reaction force. Since the 

column will act with a single bending curvature, the bending moment was evaluated as the 

resulting force at the monitoring points in the lateral loading direction times the distance to 

applied load, Figure 6-19. The resulting bending moment was compared with the hand 

calculated applied load when summing the total load from all of the load steps, Appendix D. 
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6.7.1 Material model 

The characteristic material values that were used in the analysis for interaction calculations are 

displayed in Table 6-6. 

Table 6-6 – Characteristic material properties 

Parameter Suggested value Calibration method and/or reference 

Ec (MPa) 50 000 From ETABS model 

ν 0.2 Adopted from MC2010 

ft 2.12∙ln(1+0.1fck) Adopted from MC2010 

εcp εc1-fck/Ec Adopted from MC2010 

wd (mm) -0,5 Suggested value by Van Mier (1984) 

β 0 According to section 5.4.2 

Gf (MN/m) GF0(fck/fcm0)0.7 Adopted from MC90 (CEB, 1993) 

sc (mm) 192 Assumed to be limited between transverse 
reinforcement 

 

6.7.2 Boundary conditions 

The boundary conditions were the same for the pushover analysis except that the large steel 

plate, at the top of the column, was removed and the axial load was added as a distributed load 

on the hollow steel plate, Figure 6-21 and Figure 6-30. 

6.7.3 Loading 

The design loads from ETABS for bending moment and axial force was added as a distributed 

loads and not as prescribed deformations as in the previous models. The axial load was added as 

a distributed load around the top of the hollow steel plate and the shear load was added on the 

hollow steel plate as a distributed load, Figure 6-30. 

 

Figure 6-30 – Added loads on top steel plate in Y-direction 

The axial load was first applied in 40 steps to the load corresponding to the ultimate load in 

ETABS. The bending moment was then added in several load steps until reaching the load from 

the ultimate load from ETABS. When both of the corresponding loads were applied, both the 

axial load and the bending moment were added simultaneously until the final failure occurred.  
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7 Results 

7.1 SAP2000 
The results from the analysis in SAP2000 showed that the Tube Mega Frame system with all the 

columns would not buckle with the current loads from load case 9-4-X, since the loads had to be 

increased by a factor of 33.51 to make it buckle. The results clearly indicated that the additional 

moments and lateral forces did not make a big difference regarding the buckling factor, nor did 

the P-delta effects contribute much to the buckling of the column system, see Table 7-1.  

Table 7-1 – Buckling factors – All columns without openings 

Output Case Mode Scale Factor Type 

Buckling from axial + dead 1 34,68 In Y-direction 

Buckling from axial + dead 2 37,85 In X-direction 

Buckling from axial + dead 3 65,58 Torsion 

Buckling - P-delta axial+ dead 1 33,67 In Y-direction 

Buckling - P-delta axial+ dead 2 36,84 In X-direction 

Buckling - P-delta axial+ dead 3 64,54 Torsion 

Buckling - P-delta All Loads 1 33,51 In Y-direction 

Buckling - P-delta All Loads 2 36,74 In X-direction 

Buckling - P-delta All Loads 3 61,65 Torsion 
 

 

Figure 7-1 – Buckling shapes for model without openings: A-A) Mode 1, B-B) Mode 2, B-B) Mode 3 

The analyses of the model with openings in the tubes indicated a similar behavior, but with 

slightly lower buckling factors and that neither this system would buckle, since the buckling 

factor was 31.18 for all loads and with P-delta effects, Table 7-2. 
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Table 7-2 – Buckling factors – All columns with openings 

Output Case Mode Scale Factor Type 
Buckling from axial + dead 1 32,41 In Y-direction 
Buckling from axial + dead 2 35,73 In X-direction 
Buckling from axial + dead 3 59,64 Torsion 
Buckling - P-delta axial+ dead 1 31,40 In Y-direction 
Buckling - P-delta axial+ dead 2 34,72 In X-direction 
Buckling - P-delta axial+ dead 3 58,61 Torsion 
Buckling - P-delta All Loads 1 31,18 In Y-direction 
Buckling - P-delta All Loads 2 34,63 In X-direction 
Buckling - P-delta All Loads 3 56,32 Torsion 

 

 

Figure 7-2 – Buckling shapes for model with openings: A-A) Mode 1, B-B) Mode 2, B-B) Mode 3 

The model with a decreased bending stiffness of 0.7 did not buckle either, since its buckling 

factor was 30.14, Table 7-3. 

Table 7-3 – Buckling factors – All columns with openings and reduced bending stiffness 

Output Case Mode Scale Factor Type 

Buckling from axial + dead 1 31,37 In Y-direction 

Buckling from axial + dead 2 34,79 In X-direction 

Buckling from axial + dead 3 56,61 Torsion 

Buckling - P-delta axial+ dead 1 30,37 In Y-direction 

Buckling - P-delta axial+ dead 2 33,78 In X-direction 

Buckling - P-delta axial+ dead 3 55,59 Torsion 

Buckling - P-delta All Loads 1 30,14 In Y-direction 

Buckling - P-delta All Loads 2 33,68 In X-direction 

Buckling - P-delta All Loads 3 53,84 Torsion 
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Figure 7-3 – Buckling shapes for model with openings and reduced bending stiffness: A-A) Mode 1, 
B-B) Mode 2, B-B) Mode 3 

When the intermediate perimeter walls were removed from the model with openings, the 

results displayed a 40.4% lower buckling factor compared to the model with intermediate 

perimeter walls and it showed a similar behavior to all the other models, Table 7-4.  

Table 7-4 – Buckling factors – All columns with openings and without intermediate perimeter walls 

Output Case Mode Scale Factor Type 
Buckling from axial + dead 1 19,74 In Y-direction 
Buckling from axial + dead 2 21,56 In Y-direction 
Buckling from axial + dead 3 38,87 Torsion 
Buckling - P-delta axial+ dead 1 18,74 In Y-direction 
Buckling - P-delta axial+ dead 2 20,55 In Y-direction 
Buckling - P-delta axial+ dead 3 37,87 Torsion 
Buckling - P-delta All Loads 1 18,57 In Y-direction 
Buckling - P-delta All Loads 2 20,51 In Y-direction 
Buckling - P-delta All Loads 3 37,77 Torsion 

 

 

Figure 7-4 – Buckling shapes for model with openings and without intermediate perimeter walls: 
A-A) Mode 1, B-B) Mode 2, B-B) Mode 3 
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7.2 Hand calculations 
The results from the hand calculations according to ACI 318 and MC2010 are presented in this 

chapter where the final design for the reinforcement layout is shown in Figure 7-5, which have 

been designed with spacing requirements according to ACI 318, Table 7-5. Calculations can be 

seen in Appendix C. 

 

Figure 7-5 - Reinforcement geometry derived from design calculations for story 40 

Table 7-5 – Reinforcement data for story 40 

Reinforcement data Web [Bars] Flange [Bars] db [mm] s [mm]   [%/m] 

Longitudinal 74 53 25 96 1 

Transverse stirrups 4 4 25 400 0.04 

Cross-ties 34 24 16 192 0.23 

7.2.1 Interaction diagram 

The results from the interaction calculations for the P1 column showed that, with a minimum 

reinforcement ratio of 1%, the cross-section was able to carry all the current loads for all the 

three studied sections. Below the interaction diagram displays the capacity for each section, with 

bending in both X- and Y-direction and with full- and reduced thickness of 50%. The plotted 

(M,P) labels in the diagrams are the two most critical load combinations (greatest axial force and 

bending moment) from load cases 9-4±X and 9-4±Y. The ultimate loads (M,P) are all within the 

compression-controlled section of the interaction diagram. Values for ultimate loads (M,P) and 

the ultimate capacity loads are presented in Appendix C. 
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Figure 7-6 – Interaction diagram for story 40 with bending around X-axis 

 

Figure 7-7 – Interaction diagram for story 79 with bending around X-axis 
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Figure 7-8 – Interaction diagram for story 119 with bending around X-axis 

 

Figure 7-9 – Interaction diagram for story 40 with bending around Y-axis 
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Figure 7-10 – Interaction diagram for story 79 with bending around Y-axis 

 

Figure 7-11 – Interaction diagram for story 119 with bending around Y-axis 
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7.2.2 Shear and Torsion according to ACI 318 

The ultimate shear capacity of three different sections has been designed according to ACI 318. 

The acting shear force from the global ETABS model is much lower than the shear capacity for 

the concrete section. For the reduced section with a wall thickness of 0.625 m, the capacity is 

still more than 50 % of the acting shear force in story 40, Table 7-6. Calculations can be found in 

Appendix C. 

Table 7-6 – Design for shear according to ACI 318 

Story Vu,y [MN]  Vn,y [MN] Vu,y [MN]  Vn,x [MN] dv [mm] stv [mm] 

40 14.6 75.7 10.5 54.7 25 400 

79 8.0 62.3 4.7 42.4 25 400 

129 3.9 53.6 2.2 36.3 25 400 

Reduced thickness 
      40 14.6 31.3 10.5 20.8 25 400 

 

The three sections were also designed for torsion where the acting torsion forces in sections 

closest to the perimeter walls were higher than the allowed. The spacing between the transverse 

reinforcement had to be reduced in order to fulfill the requirements according to ACI 318. No 

design for torsion was done for the reduced thickness section, Table 7-7.  

Table 7-7 – Design for torsion according to ACI 318 

Section Tu [MNm]  Tn [MNm] dt [mm] stv [mm] 

40 49.2 61.5 25 192 

79 23.7 26.1 25 192 

129 9.3 9.5 25 192 
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7.2.3 Confinement analysis 

The results from the parametric study and plastic hinge region for calculation of the confining 

effect are presented in  

Table 7-9. Calculations are found in Appendix C. The reinforcement layout design may be seen in 

Figure 7-12 and reinforcement data in Table 7-8, which fulfill the spacing requirements 

according to ACI 318. 

 

Figure 7-12 – Reinforcement geometry derived from confinement calculations of story 40 

Table 7-8 – Reinforcement data for story 40 

Reinforcement data Web [Bars] 
Flange 
[Bars] 

db [mm] s [mm]   [%/m] 

Longitudinal 74 53 25 96 1 

Transverse stirrups 4 4 25 192 0.08 

Cross-ties 70 49 19 96 1.56 
 

Table 7-9 – Results from confinement analysis of story 40 

 
Mander (1988) MC2010 

Variable k fcc [MPa] fcc [MPa] εcu2 [‰] εcu3 [‰] 

Original section confinement 0.769 105.8 108.5 3.71 4.02 

s=98 mm 0.798 111.5 114.2 4.45 5.39 

dt=19mm 0.769 107.9 110.9 4.0 4.57 

dt=22mm 0.769 110.5 113.6 4.37 5.24 

stv=192 mm 0.876 113.1 118.8 5.05 6.67 

fyt=500MPa (from 422 MPa) 0.769 106.8 109.7 3.87 4.29 

Well confined section      

stv=192 mm and s= 96 mm, dt=19 mm 0.909 135.4 142.2 8.08 14.5 



7 Results 

94 
 

7.3 Static monotonic pushover analysis in ATENA 
A static nonlinear monotonic pushover analysis has been performed when subjecting different 

test specimens to a continuous shear load until reaching its ultimate capacity. The results 

indicated a premature failure in the tension flange that was not expected in the analysis. The 

failure limited the flexural behavior of the column and prevented the longitudinal reinforcement 

to reach its yield strength. When the spacing between the transverse reinforcement and the 

crack spacing was decreased to 192 mm, a more flexural behavior was achieved. However, the 

failure behavior still indicated a failure that had not been accounted for in the design of the 

reinforced concrete section. 

 

Figure 7-13 – Load/step curves when bending around the stiff axis 

 

Figure 7-14 – Load/step curves when bending around the weak axis 

In all of the models columns tested, the damage was concentrated to the corners in the flexural 

region. The damage propagation of the different test specimens were carefully evaluated, the 

most critical part and a full damage history of the crack propagation is found in Appendix D for 

the different columns. 
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Figure 7-15 – Principal compressive stress in concrete [MPa] before ultimate failure for bending 
around stiff- (left) and weak axis (right) with original spacing between transverse reinforcement  

The columns were tested with original spacing and full thickness, flexural cracking propagated 

continuously, Figure 7-16, until large cracks began to form at its base, which resulted in an 

uneven stress distribution in the longitudinal reinforcement and transverse reinforcement, 

Figure 7-18. The local failure did not cause total collapse at first, but with continuous loading the 

models went to ultimate failure without reaching the yield strength of the reinforcement or the 

compressive strength of the concrete, Figure 7-17. 

 

Figure 7-16 – Crack propagation when bending around stiff axis – Original spacing; 1) first flexural 
crack at 74.2% of ultimate failure load 2-3) continuous flexural crack propagation 
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Figure 7-17 – Brittle cracks when bending around stiff axis in tensile flange with original spacing; 
1) First cracks at 93.3 % of ultimate failure load, 2) Cracks that lowered capacity in Figure 7-13, 3) 
Cracks at ultimate failure (largest cracks at the corners) 

 

Figure 7-18 – Stress in longitudinal reinforcement when bending around stiff axis [MPa] – Original 
spacing before and after local failure in end zone of column  

The models with reduced spacing between the transverse reinforcement showed a more flexural 

behavior, compared to the model with original spacing, but the ultimate capacity was still 

limited by the failure mode in the tension flange which was especially critical for the columns 

that were loaded in the weak X-direction, Figure 7-20. 
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Figure 7-19 – Deformed shape and stress in outermost transverse reinforcement layer [MPa] after 
failure when bending around stiff axis (reduced and original thickness models)         

 

Figure 7-20 Deformed shape and stress in outermost transverse reinforcement layer [MPa] after 
failure when bending around weak axis (reduced and original thickness models) 
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7.4 Verification of interaction diagram in ATENA 
The hand calculated interaction diagram was verified with a nonlinear interaction analysis 

between bending moment and axial force, both were performed according the ACI 318, 

Appendix C. The result of the analysis concluded that the current loads from ETABS with 

maximum and minimum axial load get a compression-controlled behavior, which indicated a 

brittle failure behavior with crushing of the concrete, Appendix D. 

 

Figure 7-21 – Ultimate hand calculated capacity for both full and reduced thickness according to 
ACI 318, ultimate capacity from ATENA analysis (A1-A4) and ultimate loads extracted from ETABS 
(E1-E2) for bending around X-axis (stiff) 
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Table 7-10 – Results from ATENA analysis and comparison between calculated and numerical 
results 

Bending around stiff axis 
 Model Ned [MN] Med [MNm] Difference [%] 

A1 1270 432 
1,18 

I1 1078 367 

A2 895 1361 
1,17 

I2 762 1158 

A3 549 186 
1,19 

I3 463 158 

A4 327 498 
1,03 

I4 316 478 

A5 164 525 
2,28 

I5 89 230 

E1 441 150 1,24 

E2 174 264 1,88 

 

 

Figure 7-22 – Ultimate hand calculated capacity for both full and reduced thickness according to 
ACI 318, ultimate capacity from ATENA analysis (A1-A4) and ultimate loads extracted from ETABS 
(E1-E2) for bending around Y-axis (weak) 
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Table 7-11 – Results from ATENA analysis and comparison between calculated and numerical 
results 

Bending around weak axis   

Model Ned [MN] Med [MNm] Difference [%] 

A1 1232 479 
1,21 

I1 1021 397 

A2 1082 699 
1,18 

I2 915 591 

A3 502 195 
1,17 

I3 429 167 

A4 431 278 
1,14 

I4 377 244 

A5 164 233 
1,18 

I5 100 197 

E1 362 141 1,39 

E2 256 166 1,68 

 

The flexural capacity of the models with reduced thickness was also tested with the interaction 

of axial force and bending moment. The model loaded in Y-direction (around stiff axis) was well 

above the calculated capacity of the section, where the ultimate failure was experienced when 

reaching close to the ultimate compression strength of the concrete and a local failure of 

crushing occurred in one of the corners, Figure 7-23.  

 

Figure 7-23 – Principal stress in concrete [MPa] before ultimate failure when bending around stiff 
axis 

The flexural model loaded in the weak direction experienced a premature failure similar to the 

observed behavior in the pushover analysis when the corner of the tension flange fractured, 

Figure 7-24. 
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Figure 7-24 – Deformed shape and stress in outermost transverse reinforcement layer [MPa] after 
failure when bending around weak axis 
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8 Discussion  

8.1 ETABS 
The model that was previously developed by Tyréns AB had been designed such that the overall 

building stiffness properties were good with regard to periods and displacements. The first 

design assumption was therefore that the thickness of the walls was a fixed value and was not a 

part of the parametric study when determining the capacity of the columns. When the first 

preliminary design was done with regard to bending and axial load, the capacity of the columns 

was found to be much greater than the acting loads on the structure. The resisting shear capacity 

of the sections was also much higher than the acting shear loads on the studied sections. 

Therefore, a reduced thickness of the tubes was investigated, which still was able to carry the 

acting ultimate loads from ETABS. The torsion force that was acting on the sections in the global 

ETABS model was found to be acting locally around the perimeter walls and was almost zero in-

between the different sections, Figure 6-16. Therefore, only the cross section closest to the 

perimeter walls was designed with regard of the torsion moments according to ACI 318 and was 

excluded in the numerical analysis. The forces acting closest to the perimeter walls were in 

general experienced to be unevenly distributed and became higher when reaching the stories 

around the perimeter walls. The mesh convergence at the intermediate stories did seem to 

behave as expected as shown in the convergence analysis but the convergence closest to the 

walls could not be satisfied and need to be further analyzed. 

8.2 SAP2000 
The first model created in order to analyze the behavior of the columns between stories 40-57 

was a single column modeled with half of the perimeter walls, where several different boundary 

conditions were examined in order to capture the expected behavior of the single column. The 

general behavior of the single column was that it behaved too stiff since the supports were 

locked in the Z-direction, Figure 8-1.  

 

Figure 8-1 – Buckling shape of model of a single column 
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When locking the supports in Z-direction, some of the axial load was taken by the perimeter wall 

support which did not properly represent the global model. An interesting observation of the 

single column was that the first buckling mode was around its stiff axis which was not expected 

at first. The reason is that the perimeter walls are eccentrically placed at the perimeter of the 

section, which stiffens the column in its weak direction and causes the first buckling mode to 

occur around in its stiff axis which was preferable. Although, when only one column was 

modeled, there was no possibility of evaluating the whole system with regard of buckling. 

Especially since the axial load acting on the system is not evenly distributed on the columns due 

to the overturning moment, the importance of modeling the entire column became more 

important. 

When modeling all of the columns and perimeter walls for the section between stories 40-57, the 

behavior of the whole system corresponded well with the global ETABS model. When comparing 

the ETABS and SAP2000 model, the assumption of fixing the ends of the supports in the 

SAP2000 model seemed to be correctly representing the global behavior, Figure 6-8. This is due 

to the perimeter wall section of four stories below story 40 greatly stiffens the global model. The 

lateral displacement of the columns was also compared with all of the loads added to the 

SAP2000 model, which also corresponded well with the ETABS model. The difference was the 

initial displacement due to the “tilting” effect of the overturning moment of the global model. 

When evaluating the buckling mode shapes for all of the columns, the columns at the leeward 

side of the section had the largest axial loads and they buckled in the Y-direction in the first 

buckled mode, even if the wind load is applied in the X-direction, Figure 8-2. This is due to the 

large axial force in the columns P7 and P8 (the two columns on the far left side of the plan view 

in Figure 8-2) and their tendency to buckle in their weak direction, which is in the global Y-

direction. However, the second buckling mode was not far from the first buckling mode and it 

was buckling in the same direction (X) as the wind load. The third buckling mode was torsional 

buckling, and it is preferred that the system buckles in the X- and Y-direction before it buckles 

with torsion. This is because it is much more critical with torsional buckling than lateral 

buckling, since all the columns in the system will collapse at the same time when torsional 

buckling occurs (King & Severin, 2014).  

 

Figure 8-2 – Buckling modes and factors for the model without openings  
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Another interesting observation was that the M3-moments that arise in all the columns from the 

different load cases operated in a direction that made the columns stiffer with regard to buckling 

and bending, Figure 8-3. This is due to the perimeter walls placement and their tendency to 

prevent the columns to buckle outward from the structure’s center, Figure 8-4. 

 

Figure 8-3 – M3-Moment acting in a stiffening way at the perimeter walls 

 

Figure 8-4 – Deformed shapes from; a) Axial load, b) M3-moment and c) Combined axial load + M3-
moment 

When the model was modified with openings at the wider sides of the columns, the initial 

predictions were that the buckling factor would decease more than it actually did, only 7%, and 

when the model’s bending stiffness was decreased by 30% the buckling factor only deceased by 

3.3%. This demonstrates that the structural system of the Tubed Mega Frame is very stiff and 

redundant against buckling, even when modifications are done, at least with the initial 

dimensions of the columns.  

Furthermore, when the model without intermediate perimeter walls and with openings was 

examined, this model’s buckling factor was 40.4% lower than the model with perimeter walls 

and openings. This might be interpreted as much, but the buckling factor for the model with 

perimeter walls was initially very high and had a big safety margin against buckling. The model 
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without intermediate perimeter walls was still moderately resistant against buckling and the 

structure managed the acting loads even without the intermediate perimeter walls. However, 

the intermediate perimeter walls make the whole building stiffer and the perimeter walls might 

be essential to manage the total displacements for the structure as well as the building periods. 

They also decrease the end-moments in the columns, since the perimeter walls cause the 

column-moments to inflect at the perimeter walls. This is desirable when considering the cross-

sectional dimensions, because if it were larger moments the dimensions would have to be 

increased.  

8.3 Hand calculations 

8.3.1 Reinforcement layout 

The chosen reinforcement layout that was derived from ACI 318, was chosen with regard to 

constructability and symmetry and fulfills all the spacing requirements of ACI 318. Since it is a 

tall building, there are many repetitive stages during the construction of the structure and the 

intended reinforcement layout should be as similar as possible for all the sections in the 

building. It had to be symmetric since the wind can act in all different directions, causing 

bending around the X- and Y-axis in both positive and negative direction. The distance between 

each longitudinal bar was chosen to be as large as possible, within the given limitations, to make 

it easier to construct.   

Regarding the transverse reinforcement, cross-ties were chosen instead of overlapping hoops to 

simplify the constructability due to the large number of longitudinal bars and the difficulty to fit 

the hoops in between the longitudinal bars.  

8.3.2 Interaction diagram calculations 

When the interaction diagrams were calculated, they were done with regard to uniaxial bending. 

According to the calculations only one load-case, 9-4+Y, had bi-axial bending that resulted in 

tension stresses which was not studied further in detail. 

When the wall thickness of the columns was reduced, the cross-sections were still able to 

manage the loads, but became more compression controlled. According to the analyses it was 

possible to decrease the wall thickness of the columns with approximately 50%. This would 

decrease the mass of the building by 50% as well, which is preferable when it comes to seismic 

design. It also means that the dead load of the building will have half the magnitude than it had 

before the reduction. And the dead load is the greatest portion of the total axial load that is 

carried by the cross-section. However, the wall thickness should not be reduced too much, since 

this could lead to large total displacements of the whole structure.  

The cross-section was also analyzed with a lower quality of concrete, by lowering the 

characteristic concrete compressive strength from 100 MPa to 60 MPa, Appendix C. The results 

showed that the capacity of the columns were still sufficient and would still experience a 

compression failure. Nevertheless, the concrete strength could be desirable to keep fairly high to 

achieve a higher Young’s modulus and consequently a higher stiffness for the whole building. 

The cross-section would however not be able to carry the loads if both the wall thickness and 

the concrete quality were to be decreased.   
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8.3.3 Confinement analysis 

The most critical section where a plastic hinge should be able to form is at the support closest to 

story 40, which should allow a controlled damage propagation of the section. The chosen 

sections should be able to develop plastic hinges during an earthquake and therefore the 

detailing of these sections is critical with regard to ductility and to enhance the compressive 

strength.  

The reinforcement in seismic regions should provide adequate ductility for a structural member. 

The main objective of the confinement analysis was therefore to find an optimal design of the 

cross-ties within the plastic hinge region in order to fulfill the ductility demand. Changing a 

number of chosen variables that affects the confining pressure in order to evaluate what 

alternative ways there are to confine the section effectively, a parametric study was also 

performed. 

MC2010 provided formulas that may be implemented on HSC, which provided similar results for 

the enhanced compressive strength according to Mander, et al. 1988. The calculation process 

was similar but had been simplified in the MC2010. In the MC2010, the direction of the 

minimum effective confining pressure should be chosen for calculating the enhanced 

compressive strength and the ultimate compressive strain. This is not relevant for long wall 

sections, especially hollow columns where the lateral ties will act as the resisting confinement 

acting and the ductility will depend on the arrangement of cross ties. This may be seen in Figure 

2-15, where the confinement action is concentrated to repeated cycles between the cross-ties 

and not as a resultant confinement action in the horizontal direction. In that case, the corners 

would be subjected to critical confinement stresses which are not the case, since the distributed 

confinement action is acting along the whole column. The confining pressure was therefore 

evaluated in the lateral direction in the direction of the cross-ties. 

Mander’s confinement theory (1988) was evaluated in order to calculate the effective 

confinement area, which could not be evaluated with the formulas presented in the MC2010. A 

high effective confining area increases the lateral confining pressure and thus decreases the risk 

of spalling and exposing longitudinal reinforcement for buckling. Decreasing the distance 

between the cross-ties will also even the stress distribution on the perimeter transverse 

reinforcement, which was shown as a critical parameter found by the research group studying 

the behavior of confinement action in hollow columns, section 2.3.2. The distance between 

cross-ties was therefore decreased to every longitudinal bar within the well confined section.  

In the end zones of the column within the well confined sections, a sufficient number of cross 

ties should confine the section in order to prevent splitting according to MC2010. For concrete 

grades above C60, Equation 4-20 should be fulfilled. To maintain the constructability of the 

section, the distance between the cross-ties was limited to every longitudinal bar, which was 97 

mm. Thus, in order to fulfill the minimum requirements of MC2010, the bar diameter of the 

cross-ties had to be increased from 16 mm to 19 mm within the end-zones. The problem with 

increasing the bar diameter of the cross-ties is that there are minimum bending radiuses when 

they should enclose the longitudinal bars. That specific detailing has not been studied in this 

report but if problems with the bending radius would occur, the steel grade of transverse 

reinforcement could be increased which would also satisfy the minimum requirements. 
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8.4 ATENA 
When creating the model in ATENA, the objective was at first to isolate a part of the structure in 

order to evaluate the behavior for the ultimate loads acting on the column. The loads from 

ETABS were much lower than the hand calculated capacity of the section, which was also 

verified in the early analyzes when applying the global loads without experiencing any cracking. 

The largest biaxial ultimate loads where also applied where neither the reduced section nor full 

thickness section experienced any cracking when the loads were applied. The new objectives 

became to analyze the column in order to verify the hand calculated interaction diagram and to 

analyze the flexural behavior through a pushover analyze. 

The boundary conditions were modeled as fixed at the end of the column in the same way as in 

the buckling analysis, which seemed to represent the behavior of the global model well. The top 

of the column was fixed in its lateral direction since there will be stabilizing walls acting along 

the height of the column, which will prevent lateral buckling of the column. The large steel plate 

was used in order to be able to evenly distribute the axial load to the column, which avoided 

cracking at the top of the column. When using a smaller thickness of the plate, the plate itself 

bent upwards and applied tension forces at the corners of the column top. When analyzing the 

interaction calculations, a distributed axial force was applied to the 1 m hollow steel plate in 

order to reduce computational time, which induced small crack propagation at the top of the 

column. The deformed shape of the column was still behaving as predicted and the cracks were 

concluded to not affect the results. 

8.4.1 Discussion of premature failure mode in pushover analysis 

The expected behavior of the column in the pushover analysis was that the column would 

experience flexural cracking at the base, where flexural shear cracks would propagate along the 

height of the column. Thereafter, continuous yielding in the reinforcement should follow before 

reaching its ultimate capacity due to flexural shear failure. The model that was created with shell 

elements should be able to represent the behavior well since shells are optimal in a flexural 

analysis. The lack of tie reinforcement was not expected to affect the behavior and to limit the 

capacity in the flexural region. When evaluating the results from the analysis, all of the models 

experienced a premature failure in the tensile flange. When studying the crack propagation and 

behavior of the cracks when developing, the damage is concentrated to the corners where the 

largest cracks are formed before the whole section collapses. The ultimate failure mode 

indicates a brittle failure mode in the tensile flange near the corners of the section. The flexural 

cracks are inclined along the column face and cracks seem to form in the webs of the section as 

well. Since shell elements and smeared reinforcement is used, there are no cross ties modeled 

which could resist the tensile stresses perpendicular to the bar direction. The large stress 

concentration located in the corners could be several factors superposing each other. The shear 

stress distribution in the flange of a hollow section increases as reaching the corners and in large 

concrete section, an uneven stress distribution due to shear lag would also concentrate the 

stresses in the corners, which could be the cause of the premature failure in the tensile flange. 

In the analysis, the spacing between transverse reinforcement was decreased in order to avoid 

the large cracks in the corners that limited the capacity. The stresses in the transverse 

reinforcement layers where generally not very high but the crack spacing was calculated to 397 

mm which could cause the large cracks. Since smeared reinforcement was used in the analysis, it 

was not explicitly possible to create the spacing between transverse reinforcement and a virtual 

spacing instead had to be simulated by reducing the crack spacing as well as increasing the 
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transverse reinforcement ratio. When reducing the spacing, a more flexural behavior was 

achieved with smaller cracks forming in the corners but the premature tensile failure was still 

present. This could be explained by the crack band approach that simulates a crack that is 

dependent on the crack spacing. Therefore, smaller cracks would be experienced when 

decreasing the crack spacing which possibly avoided the large crack growth in the corners. Thus, 

any conclusions that the reduced spacing would avoid the failure could not be made. It would 

have been more correct to only decrease the crack spacing and maintain the same transverse 

reinforcement ratio in order to draw more concise conclusions of the behavior. 

8.4.2 Discussion of the interaction diagram analysis 

The method according to EN 1992-1-2 for a nonlinear analyze of the interaction diagram was 

well suited for evaluating the overturning moment due to wind. Since the axial load and lateral 

load simultaneously increase as the wind is increased, was this approximated by a linear 

relationship. The failure mode for the extracted loads from ETABS was a compression controlled 

failure initiated by crushing of concrete which corresponded well with the expected behavior. 

The results from the numerical interaction analysis gave a capacity that was about 20 % higher 

for in the compression regions compared to the value calculated according to ACI 318. One 

reason for the enhanced capacity in the ATENA analysis could be the biaxial compression 

behavior, which enhance the compression strength and due to concrete hardening. This is not 

accounted for in a linear analysis. 

When analyzing the reduced section, an additional loading situation was tested in order to 

evaluate the flexural capacity. This was done in order to represent the loading situation that 

would occur if the thickness of the whole building would be reduced, which would greatly lower 

the dead weight of the structure and cause the section to become more tension controlled, 

especially when the wind is acting with a pulling effect due to the overturning moment. The 

failure of the flexural controlled sections was similar to the pushover analyses with a brittle 

failure mode in tensile flange which limited the capacity of the section in X-direction. If wanting 

to increase the flexural capacity of the reduced section, the inner walls could be moved to the 

outer perimeter of the section of the original sized tube which would increase the moment of 

inertia and thus the flexural capacity. In the analysis, the inner diameter of the column was 

maintained when reducing the section, because in the preliminary design the Articulated 

Funiculator was designed to go in the hollow columns. However, if the centerline dimensions of 

the column where to be kept constant when reducing the cross-section, one could increase the 

moment of inertia and get a stiffer structure.  

When deriving the ultimate design values from the ATENA analysis, there are different methods 

stated in MC2010 to evaluate the safety of the analysis due to material and model uncertainties. 

The probabilistic approach is both time consuming and due to lack of experimental test data, the 

method is not well suited. The ECOV method was also excluded as it would have been too time 

consuming when having to analyze the models with both mean and characteristic values. The 

global safety factor method according to MC2010 was not appropriate either. Therefore a 

different safety format was used to evaluate the design strength calculated according to ACI 318. 

The global safety factor method would thereby lead to difficulties in comparing the results from 

the analysis, which is why a “modified global safety format” was used when using the 

characteristic material properties instead of the mean values in the analysis. The results of the 

analysis was thereafter divided by the safety factor,   derived in ACI 318 that accounts for 

material and random uncertainties similar to the 𝛾R* factor used in MC2010. 
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9 Conclusions and further research 
The conclusion from the buckling analysis of the 800 meter prototype building was that the 

interaction between the perimeter walls and the hollow concrete columns provided a robust 

structural system where the analyzed section is not sensitive to buckling. The analysis also 

showed that the even with reduced thickness and with openings in the columns the structure 

would not buckle.  

Furthermore, has the study shown that the thickness of the tubes may be reduced and that the 

analyzed loads will cause a compression controlled failure and confinement will be critical in 

order to achieve a ductile failure mode. A well confined section is also critical in a further seismic 

analysis in order to achieve a controlled damage propagation. The spacing between transverse 

reinforcement needs to be further investigated as well as the length of the plastic hinge zone, 

where both parameters depend on certain requirements according to seismic design codes 

which have not been studied in detail in this report. There is also a minimum requirement for 

stirrup reinforcement that should be provided in the plastic hinge region, which also needs to be 

further addressed. 

The deductive conclusion from the ATENA pushover analysis is that cross-ties are essential even 

in the tensile region in order to prevent premature failure. The behavior has to be further 

investigated and more analyses in order to fully understand the failure behavior. A suggestion 

would be to perform a numerical analysis in ATENA using solid elements for the end zones of the 

column, where the cross-tie reinforcement could be modeled. Furthermore will the tie-

reinforcement in the tensile region be essential in order to restrain slippage, which has not been 

analyzed as smeared reinforcement is used in the current ATENA model.  

The conclusion from the ATENA interaction diagram verification analysis for bending and axial 

force was that the failure mode of the columns corresponded very well with the hand calculated 

interaction diagram according to ACI 318 for story 40. Furthermore, showed the analysis that 

the column can carry all of the ultimate loads derived from ETABS, even with a reduced cross-

section. 
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Appendix A – ETABS: Extracted forces 

Buckling analysis 

Table A - 1 – Extracted forces from ETABS for story 55, Load case 9-4-X 

Pier P [kN] V2 [kN] V3 [kN] M2 [kNm] M3 [kNm] 

P1 -301639 -18556 9694 -86627 109904 

P2 -187979 -9006 5218 -65507 58705 

P3 -126935 11381 -4045 17224 26773 

P4 -126959 11385 4047 -17230 26754 

P5 -187979 9006 5216 -65502 -58701 

P6 -301630 18554 9693 -86625 -109890 

P7 -364032 -17009 299 -2475 198963 

P8 -364037 -17010 -300 2485 198966 

      Loads for interaction analysis, and shear/torsion analysis 

Table A - 2 - Extracted forces from ETABS for “P1” 

Story Load Case P [kN] V2 [kN] V3 [kN] T [kNm] M2 [kNm] M3 [kNm] 

STORY119 9-4 +Y -36399 1202 1229 -3599 5301 56335 

STORY119 9-4 +X -44297 2198 -3909 -9264 -41664 14927 

STORY119 9-4 -X -51641 821 4005 4058 41320 8574 

STORY119 9-4 -Y -59538 1817 -1132 -1607 -5645 -32834 

STORY79 9-4 -X -170836 5553 9682 10830 102108 38092 

STORY79 9-4 +Y -92603 3558 2906 -9063 11825 145263 

STORY79 9-4 -Y -207633 8067 -3551 -9503 -16750 -66251 

STORY79 9-4 +X -129400 6072 -10327 -29396 -107033 40919 

STORY40 9-4 +Y -173708 12559 2468 -21718 7679 264074 

STORY40 9-4 +X -256348 10501 -14677 -49178 -165703 75970 

STORY40 9-4 -X -362017 16972 10682 -6928 140878 105038 

STORY40 9-4 -Y -444657 14914 -6463 -34389 -32504 -83067 
 

Loads for ATENA analysis 

Table A - 3 - Extracted forces from ETABS for story 40 

Load Case P [kN] M2 [kNm] M3 [kNm] 

9-4 +Y -173708 7679 264074 

9-4 +X -256348 -165703 75970 

9-4 -X -362017 140878 105038 

9-4 -Y -444657 -32504 -83067 
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Appendix B – Buckling analysis in SAP2000 

  



Appendix B

Buckling of all columns in sway frame

Section data

b 5.25m:=

h 7.25m:=

t 1.25m:=

hi h 2 t⋅− 4.75m=:=

bi b 2 t⋅− 2.75m=:=

Ag h b⋅ hi bi⋅− 25m
2

=:=

Ix
b h

3
⋅

12

bi hi
3

⋅

12
− 142.161m

4
=:=

Iy
h b

3
⋅

12

hi bi
3

⋅

12
− 79.193m

4
=:=

Ec 50GPa:=

Es 210GPa:=

fy 550MPa:=

fc 100MPa:=

Ast 0.01 Ag⋅ 0.25m
2

=:=

Design according to ACI 318-11: Buckling of sway columns

Axial force acting on story 47 (top) 
from wind in 9-4-X with notations 
according to figure XX in order P1-P8

NEd 413.6MN:=

be 4:= Effective length of section in SAP2000

he 6:= Effective width of section in SAP2000

L 2 he⋅ 2 be⋅+ 20=:= Length around frame in SAP2000 

Distributed load acting on each column

NEde

NEd

L
20.68 MN⋅=:=

Assumed buckling length factor according 
to table (b) - Sway frames
R10.10.1.1

k 1.3:=

lu 36m:=
Free buckling length between supports
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r 0.3 b⋅ 1.575m=:= Radius of gyration according to 10.10.1.2

Slenderness effects may be neglected if satisfied;

Not fulfilledk lu⋅

r
29.714= eq 10-6 Should be less than 22 according to 10.10.1

Moment magnification procedure - Sway frames

Critical cross sectional buckling for gross 
cross sectionwithout any considering of 
cracking, yeilding, creep etc

Ncr

π
2
Ec⋅ Iy⋅

k lu⋅( )
2

1.784 10
4

× MN⋅=:=

Moment magnification factor
δs

1

1
NEd

0.75 Ncr⋅
−

1.032=:= eq 10-21

Summation of all loads divided by 
the critical buckling length for all columnsκ

NEd

Ncr

0.023=:=

Safety factor of buckling
χ

1

κ
43.14=:=
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Appendix C – Hand calculations 
The appendix section for hand calculations layout have been organized that part of the results 

from the calculations are presented under each heading and the full calculation from MATHCAD 

is presented once for one of the computations for story 40. This has been done since the hand 

calculations used for the different sections analyzed are repetitive and uses the same 

assumptions and equations. 

I: Interaction calculations 

Table B- 1 – Bending around X-axis, full thickness, according to ACI 318 

 
Story 40 Story 79 Story 119 

Iteration P [MN] M [MNm] P [MN] M [MNm] P [MN] M [MNm] 

0 0 91 0 70 0 49 

1 58 314 56 241 54 184 

2 121 513 108 398 66 219 

3 183 696 159 538 72 235 

4 243 861 181 594 78 249 

5 302 1010 197 632 84 261 

6 334 1083 213 665 89 273 

7 363 1142 228 696 95 283 

8 391 1193 244 722 101 292 

9 419 1238 260 745 107 300 

10 449 1272 276 764 112 307 

11 479 1297 293 776 119 311 

12 509 1315 310 784 125 314 

13 539 1327 326 790 131 315 

14 569 1334 343 793 138 316 

15 598 1335 359 793 144 316 

16 628 1330 376 790 150 315 

17 657 1319 392 784 156 312 

18 686 1302 408 775 162 309 

19 714 1279 424 762 168 305 

20 1225 0 735 0 294 0 
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Table B- 2 – Bending around X-axis, reduced thickness, according to ACI 318 

 
Story 40 Story 79 Story 119 

Iteration P [MN] M [MNm] P [MN] M [MNm] P [MN] M [MNm] 

0 0 62 0 53 0 46 

1 53 217 54 194 31 104 

2 100 355 81 270 34 112 

3 138 462 89 290 37 120 

4 151 494 96 308 40 126 

5 163 523 103 325 43 132 

6 175 549 111 339 45 137 

7 187 573 118 353 48 142 

8 199 594 125 364 51 147 

9 211 613 133 374 54 150 

10 223 629 140 383 57 154 

11 236 642 148 388 60 156 

12 249 649 156 392 63 157 

13 262 655 164 394 66 158 

14 275 659 172 395 69 158 

15 288 660 179 395 72 158 

16 301 660 187 394 75 157 

17 313 657 195 391 78 156 

18 326 653 202 387 81 155 

19 338 646 210 381 84 152 

20 612 0 367 0 147 0 
 

 

Figure C - 1 – Interaction diagram with reduced compressive concrete strength from 100 MPa to 60 
MPa for story 40 when bending around X-axis (stiff), according to ACI 318 
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Figure C - 2– Interaction diagram with reduced compressive concrete strength from 100 MPa to 60 
MPa for story 40 when bending around Y-axis (weak), according to ACI 318 

II: Shear and torsion 

Table B- 3 – According to ACI 318  

Section/Load case t [m] Vu [MN] Vc  [MN] Vc.max [MN] dv.min [mm] Vs [MN] rw [%] 

40-Y 1.25 14.7 44.0 86.4 19.9 14.6 0.016 

40-X 1.25 10.5 31.8 62.4 19.9 10.6 0.016 

79-Y 0.75 10.3 28.6 80.404 16.5 6.803 0.026 

79-X 0.75 6.0 20.1 56.402 16.5 4.772 0.026 

129-Y 0.3 3.9 8.02 17.857 9.75 1.915 0.065 

129-X 0.3 2.2 5.433 12.097 9.75 1.297 0.065 

 

Table B- 4 – According to ACI 318 

Section/Load case ph [m] Aoh [m2] Tn [MNm] 

40-Y 7.15 22.8 82.0 

40-X 5.15 22.8 82.0 

79-Y 6.65 13.1 46.9 

79-X 4.65 13.1 46.9 

129-Y 6.65 8.3 22.3 

129-X 4.65 8.3 22.3 
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III: Confinement analysis 

Table B- 5 - According to Mander et al. 1988 

Variable data Ae [m2] fl [MPa] fle [MPa] fcc [MPa] 

Original section confinement 3.98 1.102 0.847 105.763 

If every long bar is confined s=96 mm 4.13 2.17 1.732 111.533 

dt=19mm (of cross ties) 3.98 1.53 1.177 107.941 

dt=22mm (of cross ties) 3.98 2.051 1.578 110.545 

stv=192 mm 4.535 2.261 1.981 113.115 

fyt=500MPa (from 422 MPa) 3.98 1.311 1.008 106.834 

stv=192 mm and s= 96 mm, dt=19 mm 4.7 6.376 5.796 135.379 
 

Table B- 6 – According to MC2010 

Variable data σ2z [MPa] σ2y [MPa] fcc [MPa] εc2c [%] εcu2c [%] 

Original section confinement 0.708 1.204 108.54 0.371 0.402 

If every long bar is confined s=96 mm 1.394 1.708 114.2 0.445 0.539 

dt=19mm (of cross ties) 0.983 1.708 110.926 0.402 0.457 

dt=22mm (of cross ties) 1.318 1.708 113.613 0.437 0.524 

stv=192 mm 2.034 4.982 118.848 0.505 0.667 

fyt=500MPa (from 422 MPa) 0.842 2.064 109.733 0.386 0.429 

stv=192 mm and s= 96 mm, dt=19 mm 5.951 3.59 142.171 8.082 14.502 
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IV: MATHCAD hand calculations 

  



Appendix C

Interaction diagram calculations according to ACI 

Material Parameters

Es 210GPa:= Young's modulus, Steel 

Ec 50GPa:= Young's modulus, Concrete 

fc 100MPa:= Compressive strength of concrete

fy 550MPa:= Ultimate strength of steel, ACI 9.4

Calculated tensile stress in reinforcement at
service loads. ACI 10.6.4fs

2

3
fy⋅ 366.667 MPa⋅=:=

εcu 0.003:= Ultimate strain in concrete, according to ACI
10.2.3

εt

fy

Es

2.619 10
3−

×=:= Ultimate strain in steel

hc 6m:= Center height

bc 4m:= Center width

t 1.25m:= Wall thickness

h hc t+ 7.25m=:= Total height of cross section

b bc t+ 5.25m=:= Total width of cross section

hi h 2 t⋅− 4.75m=:= Inner height of cross section

bi b 2 t⋅− 2.75m=:= Inner width of cross section

bw t 1.25m=:= Web width

Ag h b⋅ hi bi⋅− 25m
2

=:= Gross cross-section area

Total area of cross section
Ahw h t⋅ 9.063m

2
=:=

Total area of webs
Ahwi hi t⋅ 5.938m

2
=:=

area of inner webs
Abw b t⋅ 6.563m

2
=:=

Abwi bi t⋅ 3.438m
2

=:= area of inner webs in distance b
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Reinforcement Calculations

dv 25mm:= Transverse rebar diameter, bar No8

cc 50mm dv+ 75 mm⋅=:= Concrete cover, ACI 7.7.1 + transverse
reinforcement diameter

db 25mm:= Longitudinal rebar diameter, bar No8 

Ab

π db
2

⋅

4
490.874 mm

2
⋅=:= Longitudinal rebar area

srl t 2cc− db− 1.075m=:= Distance between reinforcement layers

d0 cc

db

2
+ 0.088m=:= Distance between compressive top fiber and

top compressive reinforcement

d1 d0 srl+ 1.163m=:= Distance between compressive top fiber and
bottom compressive reinforcement

d2 h cc− srl−
db

2
− 6.087m=:= Distance between compressive top fiber and

top tension reinforcement

d3 h cc−
db

2
− 7.162m=:= Distance between compressive top fiber and

bottom tension reinforcement

dy b cc−
db

2
− 5.162m=:= Distance between top compressive fiber to

bottom tension reinforcement, if bending
around Y-axis

dx h cc−
db

2
− 7.162m=:= Distance between top compressive fiber to

bottom tension reinforcement, if bending
around X-axis

Minimum reinforcement in each short side, when bending around X-axis, ACI 10.5.1

Asminx 0.25

fc

MPa

fy

MPa

bw⋅ dx⋅ 0.25

fc

MPa

fy

MPa

bw⋅ dx⋅
1.4 MPa⋅

fy

bw⋅ dx⋅≥if

1.4 MPa⋅

fy

bw⋅ dx⋅ otherwise

0.041m
2

=:=

Minimum reinforcement in each long side, when bending around Y-axis, ACI 10.5.1

Asminy 0.25

fc

MPa

fy

MPa

bw dy⋅ 0.25

fc

MPa

fy

MPa

bw dy⋅
1.4 MPa⋅

fy

bw⋅ dy⋅≥if

1.4 MPa⋅

fy

bw⋅ dy⋅ otherwise

0.029m
2

=:=

Asmin 2Asminx 2Asminy+ 0.14m
2

=:= Total minimum reinforcement area
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Asmin

Ag

0.56 %⋅= Minimum reinforcement ratio

Ast 0.01 Ag⋅ Asmin 0.01 Ag⋅<if

0.08Ag Asmin 0.08 Ag⋅>if

Asmin otherwise

0.25m
2

=:= Minimum reinforcement area for
compression members, ACI 10.9.1

ρ
Ast

Ag

1 %⋅=:= Reinforcement ratio for total
longitudinal reinforcement

ACI 10.6.4 Center to center maximum spacing for rebar 
(same spacing is required for skin reinforcement, since h>91.4cm ACI 10.6.7)

smax 380
280

fs

MPa











⋅ mm⋅ 2.5cc− 380
280

fs

MPa











⋅ mm⋅ 2.5cc− 300
280

fs

MPa











⋅ mm⋅≤if

300
280

fs

MPa











⋅ mm⋅ otherwise

0.103m=:=

Minimum clear spacing between
bars should be db, center to center

=2*db ACI 12.2.2

smin 2 db⋅ 0.05m=:=

hb h 2 cc⋅− 7.1m=:= Height for reinforcement placement

bb b 2 cc⋅− 5.1m=:= Width for reinforcement placement

Οb 4 hb⋅ 4 bb⋅+ 48.8m=:= Total distance of reinforcement

nb

Ast

Ab

509.296=:= Total number of rebars in the whole
cross section

Number of bars along one long
side in one layer, (bending around
the y-axis)

nby nb

hb

Οb

⋅ 74.098=:=

nbx nb

bb

Οb

⋅ 53.226=:= Number of bars along one short
side in one layer, (bending around
the x-axis)

Spacing between all rebars
s

4 bb⋅ 4 hb⋅+

nb

0.096m=:=

s smax s smax>if

smin s smin<if

s otherwise

0.096m=:= Spacing has to be within the
spacing limits

Total area of each "line" of
reinforcement along the short side,
(bending around X-axis)Ax nbx Ab⋅ 0.026m

2
=:=

Total area of each "line" of
reinforcement along the long side,
(bending around X-axis)

Ay nby Ab⋅ 0.036m
2

=:=
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Interaction calculations

n 20:= Number of iterations

i 0 n..:= Number of iteration steps

y

Ax fy⋅ d0 d1+ d2+ d3+( )⋅ 0.85 fc⋅ Ag⋅
h

2
⋅+

4 Ax⋅ fy⋅ 0.85fc Ag⋅+
3.625m=:= Plastic centriod location, measured

from bottom

Xi
i

2.8
m⋅ 0.1m+:= Different heights of the neutral axis

k 0.0072463768−:= Slope of linear equation for β

β 0.85 17.2 MPa⋅ fc< 27.6 MPa⋅<if

k
fc

MPa
⋅ 1.05+









27.6 MPa⋅ fc≤ 55.2 MPa⋅<if

0.65 fc 55.2MPa≥if

0.65=:= β value for fc=90MPa, according
to ACI 10.2.7.3

ai β Xi⋅:= Depth of the compression block

j 0 3..:= Number of steel layers

εi j, εcu

Xi dj−

Xi









⋅:= Strain in the different steel layers

f i j, Es εi j, ⋅:= Stress in the different steel layers

f i j, f i j, fy Es εi j, ⋅>if

εi j, 

εi j, 
fy⋅ otherwise

:= Steel stress cannot be bigger
than fy, ACI 10.2.4

Strength reduction factor ϕ for compression-controlled columns =0.65, according to ACI 9.3.2.2 (b) and for
tension controlled-controlled columns =0.9, according to ACI 9.3.2.1, Equation from ACI Fig. R9.3.2  

ϕ 0.65 εt 0.002−( ) 250

3
⋅+ 0.702=:=

Nominal axial force capacity, according to ACI 10.3.6.2 

ϕPi 0.80ϕ 0.85 fc⋅ t b⋅ 0.85 fc⋅ ai t−( )⋅ 2⋅ t⋅ +

0

3

j

Ax f i j, ⋅( )∑
=

+










⋅










ai t≥if

0.80ϕ 0.85 fc⋅ ai⋅ b⋅( )
0

3

j

Ax f i j, ⋅( )∑
=

+










⋅










otherwise

:=
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Nominal bending moment capacity, according to ACI 10.3.6.2

ϕMi 0.80ϕ 0.85 fc⋅ t⋅ b⋅ y
t

2
−








⋅ 0.85 fc⋅ ai t−( )⋅ 2⋅ t⋅ y t−
ai t−

2
−









⋅+

0

3

j

Ax f i j, ⋅ y dj−( )⋅ ∑
=

+










⋅










ai t≥if

0.80ϕ 0.85 fc⋅ ai⋅ b⋅( ) y
ai

2
−









⋅

0

3

j

Ax f i j, ⋅ y dj−( )⋅ ∑
=

+










⋅










otherwise

:=

ϕMi 0 ϕMi 0<if

ϕMi otherwise

:= Disregard negative ϕM

ϕPi 0 ϕPi 0<if

ϕPi otherwise

:= Disregard negative ϕP

ϕP0 0:=
Last and first point in the
interaction diagramϕMn 0:=

ϕPn 0.80 ϕ⋅ 0.85 fc⋅ Ag⋅ 4 Ax⋅ fy+( )⋅:= Maximum axial capacity of the
cross-section, according to
ACI 10.3.6.2

ei
ϕMi

ϕPi 1 N⋅+
:=

Load eccentricity

Nominal axial and moment
capacityϕP

0

0

1

2

3

4

5

6

7

8

9

10

11

12

13

14

15

16

17

18

19

20

0

57.698

120.552

182.718

243.004

302.478

334.259

362.605

390.791

419.205

448.859

479.042

509.421

539.395

569.049

598.445

627.631

656.644

685.512

714.258

31.225·10

MN⋅= ϕM

0

0

1

2

3

4

5

6

7

8

9

10

11

12

13

14

15

16

17

18

19

20

91.104

313.688

512.672

695.823

860.848

31.01·10

31.083·10

31.142·10

31.193·10

31.238·10

31.272·10

31.297·10

31.315·10

31.327·10

31.334·10

31.335·10

31.33·10

31.319·10

31.302·10

31.279·10

0

MN m⋅⋅=
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Maximum axial forces and moments
when bending around X-axis from
load case 9-4+-Y

Pu

173708

170527

221548

441477















kN:= Mu

264074

207559

171389

150182















kN m⋅:=

0 5 10
8× 1 10

9× 1.5 10
9×

5 10
8×

1 10
9×

1.5 10
9×

Interaction diagram for Story 40, X-axis

Moment in Nm

A
x
ia

l 
fo

rc
e 

in
 N

ϕP

Pu

ϕM Mu, 
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Section check of shear and torsion at Story 40

Shear strength according to ACI 318 - 11.1

εt

fy

Es

2.619 10
3−

×=:= Net tensile strain in reinforcement

Reduction factor for shear and torsion
according to 9.3.2.3 ϕ 0.75:=

Forces are taken from story 40, P1- 9-4+X

Assumed minimum reinforcement
distributed evenly in section
according to 10.9 of compression members

ρl

0.01 Ag⋅

Ag

0.01=:=

λ 1:= for normalweight concrete, 
may be reduced for lightweigh concrete
according to 8.6.1

Vu

14676kN

10501kN









:=
Shear force acting in X respective Y-
direction

Mu 165703kN m⋅:= Moment acting in weak axis

Nu 256348kN:= Total axial force acting on gross section

db 25mm:=

Limitations

Value for 1 Psi
Psi 6895Pa:=

fl

fc

Psi
120.429=:= should be limited to 100 psi except 

as allowed in 11.1.2.1

fc 100
2
Psi 68.95 MPa⋅=:= New limit of compression force for shear

calculation

11.2 shear strength provided by concrete for nonprestressed members

bw 1.25m:=
Web thickness

tc 50mm:=
Thickness of cover

Distance from compressive fiber to tensile 
fiber for y reps x direction d

h tc−

b tc−









:=

Value of n should be inserted into eq (11-4) 
in MPan

Nu

Ag

10.254 MPa⋅=:=

a
n

14MPa
0.732=:= a should be inserted into eq (11-4)
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this value takes into account the tensile force
of concrete R11.2.2.1u

fc

MPa
MPa⋅ 8.304 MPa⋅=:=

Vc 2 0.17⋅ 1 a+( )⋅ λ⋅ u⋅ bw⋅ d⋅
44.019

31.792









MN⋅=:= Simple formula for calculating
shear strength (2x since two
webs)

he

h

b









:= total height of each section

This value is negative leads to eq 11-7
Mm Mu Nu

4 b⋅ d−( )

8
⋅−

276.497−

340.584−









MN m⋅⋅=:=

More sophisticated design
formula for shear strength (2x
since two webs resisting shear
force)

Vc.max 2 0.29⋅ λ⋅ u⋅ bw⋅ d⋅ 1 0.29 10.254⋅+⋅
86.404

62.403









MN⋅=:=

Design of shear reinforcement

11.4.6 Minimum shear reinforcement

stv min 16 db⋅ 24in, 
d

2
, 








400 mm⋅=:= Spacing requirements according to 11.4.5.1

limit for shear reinforcement

fyt 60000 Psi⋅ 413.7 MPa⋅=:=

Minimum required reinforcement for shear

Avmin 0.062 u⋅
bw stv⋅

fyt

⋅ 622.219 mm
2

⋅=:=

Area of one web in each direction

Aw

Ahw

Abw









9.063

6.563








m

2
=:=

Minimum reinforcement ratio of web

ρmin

Avmin

Aw

6.866 10
3−

×

9.481 10
3−

×











%⋅=:=

should be resisted by two stirrup legs 
(one on each face of webs)Av.barmin

Avmin

2
3.111 10

4−
× m

2
=:=

dvmin

Av.barmin 4⋅

π
19.903 mm⋅=:= Minimum bar diameter

dv 25mm:= Minimum chosen bar diameter according to
section APPENDIX E, ACI 318

Av 2
π dv

2
⋅

4
981.748 mm

2
⋅=:= Area of two stirrup leg along each section

ρw

4Av

Ag

0.016 %⋅=:= Reinforcement ratio of stirrups

135



Appendix C

Total shear resistance from minumum
requirements of both websVs

2Av fyt⋅ d⋅

stv

14.621

10.56









MN⋅=:=

Vn ϕ Vc Vs+( )⋅
43.98

31.764









MN⋅=:= Total shear resistance according to 11.1

Vn.max ϕ Vc.max Vs+( )⋅
75.769

54.722









MN⋅=:= Alternative calculated shear capacity

11.5 Design for torsion

Design is based on thin walled tube (space truss analogy)
Once beam is cracked, torsion resistance is primary by closed stirrups and longitudional bars close to surface

stv 512mm:=

pcp 2 h⋅ 2 b⋅+ 25m=:= circumfering torsinal length 

Tu 49.178MN m⋅:= Torsional force at story 40 - 9.4+X

Acp Ag:= according to 11.5.1  

11.5.1 c)
Tl ϕ 0.083⋅ λ⋅ u⋅

Acp
2

pcp











⋅ 1
Nu

0.33 Ag⋅ λ⋅ u⋅
+⋅ 28.14 MN m⋅⋅=:=

Torsional effects may not be neglected

11.5.3 Torsional moment strenght

ph

h 2 tc⋅−

b 2 tc⋅−









7.15

5.15








m=:=

perimeter of outermost torsional 
reinforcement

Area enclosed by torsional 
reinforcement in form of stirrupsAoh 2 h 2tc−( )⋅ t 2tc−( )⋅ 2 b 2t− 2 tc⋅−( )⋅ t tc−( )⋅+ 22.805m

2
=:=

if the thickness is smaller than Aoh/ph => eq 19 should be modified
with Tu/(1.7Aoh*t) according to 11.5.3.3

Aoh

ph

3.19

4.428








m=

Vu

2bw d⋅

→
Tu

1.7 Aoh⋅ t⋅

→

+
1.83

1.823









MPa⋅=
eq: 11.19
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should be less than 

ϕ
Vc

bw d⋅

→

0.66 u⋅+











⋅
7.779

7.779









MPa⋅= ok!

Determination of torsional resistance according to 11.5.3.6

area of one transverse strirrup reinforcement
leg circumfering the whole sectionAo 0.85 Aoh⋅ 19.384m

2
=:=

At Av 981.748 mm
2

⋅=:= according to 11.5.3.6 (a)

θ 45deg:= Angle of cracks

should fulfill 11.5.3.5

Tn

4 Ao⋅ At⋅ fyt⋅

stv

cot θ( )⋅ 61.507 MN m⋅⋅=:=
ϕ Tn⋅ Tu>

Tu 49.178 MN m⋅⋅= Not fulfilled!

stv 192mm:=
Spacing between transverse reinforcement
is reduced

Tn

4 Ao⋅ At⋅ fyt⋅

stv

164.019 MN m⋅⋅=:=
Four resisting legs since two webs

ϕ Tn⋅ 123.01 MN m⋅⋅= Tu 49.18 MN m⋅⋅= ok !

ρv

8 Av⋅

Ag

0.031 %⋅=:= Total reinforcement ratio of transverse stirrup
reinforcement

Minimum distance that should be reinforced with torsion reinforcement according to

11.5.6.3

bt t 2tc− 1.15m=:= Distance between stirrup legs

Minimum distance tgat needs torsion
reinforcementdtr bt d+

8.35

6.35








m=:=

d19 19mm:= A19

π d19
2

⋅

4
283.529 mm

2
⋅=:=

number of along inside face of h

number of along inside face of b

nbo

nb

hi

Οb

⋅

nb

bi

Οb

⋅

nb
t

Οb

⋅























:=

number of bars in corners
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Well confined section calculation according to MC2010 and Mander

Minimum detailing requirements according to 6.1.3.1 MC2010

which should prevent splitting

stv min 16 db⋅ 24in, ( ) 400 mm⋅=:= Minimum distance between stirrups
according to ACI 318 - 10.10

stv 192mm:=
Chosen spacing in well confined section

fc 100MPa:= Characteristic compressive strength

At A19:= dt d19:= Data of cross ties

Aleg

At

At

At













:= Area of cross ties acting across the section
along each face

Depends on steel class and linear
interpolation between 0,5-1 if d>25 mm
according to 6.1.3.1

αt 0.5
db 25mm−

25mm
0.5⋅









+ 0.5=:=

number of items confining the section
ng

1

1

1









:=

Given

nt

1

1

1









:= Number of cross ties

Number of cross ties required 

nt Aleg⋅ ng⋅( )
→

αt nbo⋅ Ab⋅=

Minimum number of cross ties in
each section nt Find nt( )

42.913

24.844

11.293









=:=

Width of section in each direction that
should be distributed by cross-tiesbe

hi

bi

t













4.75

2.75

1.25









m=:=

Minimum distance between
cross ties (center-center)st

be

nt

110.69

110.69

110.69









mm⋅=:=
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Since wanting to enclose every longitudinal bar
st s 95.819 mm⋅=:=

nt

be

st

49.573

28.7

13.045









=:= Number of cross-ties along each face

Along Y

m

2

2

8









:= Along X

Number of corners in each direction

At.tot nt m⋅ At⋅ 0.074m
2

=:= Total area of cross ties

ρw

At.tot

Ag

0.296 %⋅=:= Reinforcement ratio of cross ties

Calculating effective confining stress according to Mander

Longitudional bars distrubuted along 
each facenbo

49.573

28.7

13.045









=

Distance between center to center between 
longitudional bars that is enclosed
with cross-ties

s 95.819 mm⋅=

wi s db− 70.819 mm⋅=:=
Clear spacing between longitudional bars 
that are enclosed by cross-ties

Ai nbo

wi
2

6
⋅

0.041

0.024

0.011









m
2

=:= Total plan area of ineffectually confined bars

Distance between stirrups (inside)
dc t 2 cc⋅− 1.1m=:=

Distance between stirrups (center to center)
stv 192 mm⋅=

Inner distance between stirrups
se stv db− 167 mm⋅=:=

Width of each face

bc

hi

bi

t













4.75

2.75

1.25









m=:=

Ae bc dc⋅ Ai−( ) 1
se

2 bc⋅
−









1
se

2 dc⋅
−









⋅








→ 4.706

2.689

1.176









m
2

=:= Effectively confined core at midway between
 levels of transverse hoop reinforcement

Ahe h 2 t⋅−( ) dc⋅ 5.225m
2

=:= Area enclosed by hoops in inner h
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Abe b 2 t⋅−( ) dc⋅ 3.025m
2

=:= Area enclosed by hoops in inner b

ce dc dc⋅ 1.21m
2

=:= Area enclosed by hoops in corners

Area of core of section enclosed 
by the center lines of hoopsAc

Ahe

Abe

ce













5.225

3.025

1.21









m
2

=:=

Total area of longitudional bars within each 
confinement section (times two since two 
rows of reinforcement along each face)

Ade 2 nbo⋅ Ab⋅

0.049

0.028

0.013









m
2

=:=

Reinforcement ratio for longitudinal 
reinforcement within each coreρcc

Ade

Ac

→ 0.931

0.931

1.058









%⋅=:=

Acc Ac 1 ρcc−( )⋅ 
→

5.176

2.997

1.197









m
2

=:= Area of concrete within centerline of 
perimeter of hoop exclusive of the area 
of longitudinal reinforcement

Coefficient of confinement effectivness
in concrete between transverse
reinforcement

ke

Ae

Acc

0.909

0.897

0.983









=:=

Total area of cross ties in each face and 
corners seperatlyAtf nt At⋅

0.014

8.137 10
3−

×

3.699 10
3−

×













m
2

=:=

The lateral confining stress (total transverse bar force divided by the vertical area of confined concrete) that
is assumed to be evenly distributed over the surface of the concrete core

fl

Atf

stv bc⋅
fyt⋅

6.376

6.376

6.376









MPa⋅=:=

fle fl ke⋅( )
→

5.796

5.721

6.265









MPa⋅=:=

fcc fc 1.254− 2.254 1
7.94 fle⋅

fc

+⋅+ 2
fle

fc

⋅−








⋅

135.38

134.972

137.89









MPa⋅=:=
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Calculating effective confining stress according to MC2010 Chapter

7.2.3.1.6

εc2 2.6 10
3−

⋅:= εcu2 2.6 10
3−

⋅:= fc 100 MPa⋅= n 1.4:=

Material data for C100 according to table
 7.2-1 in MC2010, chapter 7γc 1.5:= fcd

fc

γc

66.667 MPa⋅=:=

Longitudional bars distrubuted along 
each facenbo

49.573

28.7

13.045









=

Total area of longitudional bars within 
each confinementAde 2nbo Ab⋅

0.049

0.028

0.013









m
2

=:=

Total number of cross ties in each section
nt

49.573

28.7

13.045









=

Total area of cross ties in each face and 
corners seperatly in z-direction according 
to figure 7.2-13 MC2010

Asz nt At⋅

0.014

8.137 10
3−

×

3.699 10
3−

×













m
2

=:=

d25 25mm:= A25

π d25
2

⋅

4
4.909 10

4−
× m

2
=:=

As 2 A25⋅:=
Total area of stirrups confining in Y-direction
 (same for all sections)

Asy 2 As⋅ 1.963 10
3

× mm
2

⋅=:=

Distance between center to center between 
longitudional bars that is enclosed by a 
stirrup or a cross-tie

s 0.096m=

wi s db− 70.819 mm⋅=:= Clear spacing between longitudional bars

Total area of ineffectually parabolic confined 
longitudinal bars within sectionΣwi nbo

wi
2

6
⋅

0.041

0.024

0.011









m
2

=:=

Distance between stirrups and
length of cross tiesdc t 2 cc⋅− 1.1m=:=

sc stv db− 0.167m=:=
Distance between stirrups (innermost)

bc

hi

bi

t













4.75

2.75

1.25









m=:= Width of each face
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wy

Asy fyt⋅

dc sc⋅ fcd⋅
0.066=:=

wz

Asz fyt⋅

bc sc⋅ fcd⋅

0.11

0.11

0.11









=:=

Effective confining pressure calculated with according to 7.2.3.1.6
at the ULS in y resp z direction

σ2z wz fcd⋅ 1
sc

bc

−








⋅ 1
sc

dc

−








1
Σwi

bc dc⋅
−









⋅








→ 5.951

5.793

5.344









MPa⋅=:=

σ2y wy fcd⋅ 1
sc

bc

−








1
sc

dc

−








1
Σwi

bc dc⋅
−









⋅








→

⋅

3.59

3.495

3.224









MPa⋅=:=

σ2 should be greater than 0.01*fc according to section 7.13.5.4 for
concrete grades above 60 MPa 

0.01 fc⋅ 1 MPa⋅=

Enhanced confinement strength 
according to eq 7.2-1.9fcc 1 3.5

σ2z

fc









3

4

⋅+













fc⋅

142.172

141.331

138.902









MPa⋅=:=

εc2.c εc2 1 5
fcc

fc

1−








⋅+








⋅

0.808

0.797

0.766









%⋅=:= Enhanced ultimate strain according to
7.2.20

εcu2.c εcu2 0.2
σ2z

fc

+

1.45

1.419

1.329









%⋅=:= Enhanced maximum strain
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Appendix D – ATENA analysis calculations 

I: Hand calculated input data for ATENA analysis 
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Calculation of ATENA input parameters

Material properties according to MC2010, chapter 5

fck 100MPa:=

fcm fck 8MPa+ 108 MPa⋅=:=

ftm 2.12 ln 1 0.1 108⋅+( ) 5.232=:= MPa( )

2.1.3.3.2 Fracture energy according to MC90, Chapter 7.

fcmo 10MPa:=

dmax 8mm:= gives GFo 0.025
N mm⋅

mm
2

:= Dependent on the aggregate
size from table 2.1.3

Calculated fracture energy
Gf GFo

fcm

fcmo









0.7

⋅ 132.232
1

m
2
J⋅=:=

Plastic strain in concrete

E 50GPa:=

εc1 3 10
3−

⋅:= Table 5.1-8

εclim 3 10
3−

⋅:=
Table 5.1-8

εcp εc1

fcm

E
− 0.084 %⋅=:= Plastic strain when ultimate strain in

compressive strenght is reached

Calculation of crack spacing according to MC2010, Chapter 7.6.4.4

ϕ 32mm:=
Logitudinal bar diameter

Ad
π ϕ

2
⋅

4
:=

Area of longitudinal bars

As 45 Ad⋅ 0.036m
2

=:= Total area of longitudinal bar along 
outer face of column in X-direction

c 50mm:=
Concrete cover

t 1.25m:= Thickness of section

b 7.25m:= Width along Y

hc.eff min 2.5 c
ϕ

2
+








⋅
t

2
, 








0.165m=:= Effective height of reinforced section
According to figure 7.6-4

Ac.eff b hc.eff⋅ 1.196m
2

=:= Effective reinforcement ratio of section
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Reinforcing ratio along outer parimeter of
section ρp.eff

As

Ac.eff

3.025 %⋅=:=

fctm 5.2MPa:= Mean tensile strength of C100

Assumed bond slip stress according to
table 7.6-2 - Short term, instantaneous
loading

τbms 1.8 fctm⋅:=

k 1:= Empirical parameter dependent on the
influence of concrete cover

ls.max k c⋅
fctm

4τbms

ϕ

ρp.eff
+ 196.905 mm⋅=:=

Maximum crack spacing which assumes
the spacing between cracks

Calculated discontinuity area on each side
of the cracksc 2 ls.max⋅ 393.81 mm⋅=:=

Calculating smeared reinforcement

Transverse reinforcement

dv 25mm:= Stirrup reinforcing data
Av

π dv
2

⋅

4
:=

stv 512mm:= Distance between stirrups

Total "width" of section which corresponds to
the total height of the columndtr 29.75m:=

Number of reinforcing sections along the 
distance that need transverse reinforcementntr

dtr

stv

58.105=:=

ρtr ntr Av⋅ 0.029m
2

=:= Total reinforcement area
along the width

Atr

ρtr

dtr

958.738
mm
2

m
⋅=:= Effective smeared reinforcing area in 

the vertical direction

Reduced spacing

stv 192mm:=

Number of reinforcing sections along the 
distance that need transverse reinforcementntr

dtr

stv

154.948=:=

ρtr ntr Av⋅ 0.076m
2

=:= Total reinforcement area
along the width

Atr

ρtr

dtr

2.557 10
3

×
mm
2

m
⋅=:= Effective smeared reinforcing area in 

the vertical direction
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II: Pushover analysis failure history 

Damage propagation for shear force in Y – Original spacing of 

transverse reinforcement 

 

Figure D - 1 - Principal stress in whole column before failure [MPa] 
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Figure D - 2 - Flexural crack propagation; First flexural crack at 74.2 % of ultimate failure load, 
largest flexural crack <0.6 mm 

 

Figure D - 3 - Brittle crack propagation forming in tensile region of column; First crack at 93,3 % of 
Ultimate failure load concentrated at corner, largest crack 5,86 mm at top corner in last figure 
before ultimate failure 



 

148 
 

 

Figure D - 4 Stress in longitudinal reinforcement (MPa) before and after brittle cracks in tensile 
flange 

 

Figure D - 5 – Stress in transverse reinforcement at brittle failure in transverse reinforcement 
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Damage propagation for shear force in Y – Reduced spacing of 

transverse reinforcement 

 

Figure D - 6 - Principal stress in whole column before failure [MPa] 
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Figure D - 7 - Flexural crack propagation; First flexural crack at 75.8 % of ultimate failure load, 
largest flexural crack <0.5 mm 

 

Figure D - 8 - Brittle crack propagation forming in tensile region of column; First crack at 91,8 % of 
Ultimate failure load concentrated at corner, Largest crack 0,4 mm at corner before ultimate 
failure. 
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Figure D - 9 – Stress in outer longitudinal reinforcement layer (MPa). First figure at 94,6 % of 
ultimate failure load where stress is decreased when reaching 97,7 % in second figure. The stress 
is increased again before the ultimate failure occurs in corner of tensile flange 

 

Figure D - 10 – Stress in outer transverse reinforcement layer (MPa) before failure 
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 Damage propagation for shear force in Y – Reducing thickness and 

increased transverse reinforcement 

 

Figure D - 11 – Principal stress in column (MPa) before failure 
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Figure D - 12 - Flexural crack propagation; First flexural crack at 89 % of ultimate failure load, 
largest flexural crack before failure in bottom of column 2,43 mm 

 

Figure D - 13 - Brittle crack propagation forming in tensile region of column; First crack at 97,2 % 
of Ultimate failure load concentrated at corner, Largest crack 2,54 mm at corner before ultimate 
failure 
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Figure D - 14 Stress in outer longitudinal reinforcement layer (MPa) before and after failure 

 

Figure D - 15 – Stress in outer transverse reinforcement layer (MPa) before and after failure 
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Damage propagation for shear force in X – Original spacing of 

transverse reinforcement 

 

Figure D - 16 – Principal stress in whole column before failure [MPa] 
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Figure D - 17 – Flexural crack propagation; First flexural crack at 80.9 % of ultimate failure load, 
largest flexural crack <0.5 mm 

  

Figure D - 18 – Brittle crack propagation forming in tensile region of column; First crack at 95 % of 
Ultimate failure load concentrated at corner, largest crack 1,67 mm at top corner in last figure 
before ultimate failure 
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Figure D - 19 – Stress in outer longitudinal reinforcement layer before and after brittle failure 
[MPa] where the stress in longitudinal reinforcement dropped after failure 

   

Figure D - 20 - Principal shear stress distribution in concrete (Principal stress in Y) (MPa) as 
cracking is propagating in the column 
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Figure D - 21 – Stress in outer transverse reinforcement layer as cracking is propagating (MPa). 
The ultimate failure is shown in the last figure which leads to an uneven stress distribution 
concentrated in the corner 
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Damage propagation for shear force in X – Reduced spacing of 

transverse reinforcement 

 

Figure D - 22 - Principal stress in whole column before failure [MPa] 
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Figure D - 23 - Flexural crack propagation; First flexural crack at 81.3 % of ultimate failure load, 
largest flexural crack 1,96 mm before failure in bottom of column  

 

Figure D - 24 - Brittle crack propagation forming in tensile region of column; First crack at 83,9 % 
of Ultimate failure load in corners, largest crack displayed 1,96 mm at corner in last figure before 
ultimate failure 
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Figure D - 25 – Stress in longitudinal reinforcement (MPa) which is continuously increased but the 
yield strength is not reached before ultimate failure 
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Figure D - 26 – Stress in outer transverse reinforcement layer as cracking is propagating (MPa). 
The ultimate failure is shown in the last figure which leads to an uneven stress distribution 
concentrated in the corner 
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Damage propagation for shear force in X – Reduced thickness and 

increased transverse reinforcement 

 

Figure D - 27 – Principal stress in column before failure (MPa) 
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Figure D - 28 – Flexural crack propagation; First flexural crack at 91.1 % of ultimate failure load, 
largest flexural crack <0.5 mm before failure in bottom of column 

 

Figure D - 29 - Brittle crack propagation forming in tensile region of column; First crack at 94,6 % 
of Ultimate failure, largest crack 1,5 mm at bottom corner in last figure before ultimate failure 
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Figure D - 30 - Stress in longitudinal reinforcement (MPa) at 94.6 % of ultimate load and before 
failure  

 

Figure D - 31 – Stress in outer transverse reinforcement layer as cracking is propagating (MPa). 
The ultimate failure is shown in the last figure which leads to an uneven stress distribution 
concentrated in the corner 
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III: Interaction analysis in ATENA 

Ultimate failure of interaction analysis – Original sections 

 

Figure D - 32 – Shear in Y – Highest and lowest axial force before ultimate failure 

 

Figure D - 33 – Shear in X – Highest and lowest axial force before ultimate failure 
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Ultimate failure of interaction analysis – Reduced sections 

 

Figure D - 34 – Shear in Y – Highest and lowest axial force before ultimate failure 

  

Figure D - 35 – Shear in X – Highest and lowest axial force before ultimate failure 
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Calculations for interaction analysis in Mathcad 

  



Appendix D

Extracted ultimate forces from ATENA for full thickness

Data

Es 210GPa:=

fy 550MPa:=

εt

fy

Es

:=

ϕ 0.65 εt 0.002−( )
250

3
⋅+ 0.702=:= Global safety factor from ACI 318 - 11

γ 1.1:= Safety factor for model uncertanties from
MC2010

h 29.75m:= Lever arm to mid height of first 
steel plate from bottom of column

Bending around X-axis : Shear in Y

N1y 441477kN:= M1y 150182kN m⋅:= Highest axial load

N2y 173708kN:= M2y 264074kN m⋅:= Lowest axial load

N3y 163135kN:= M3y 523020kN m⋅:= Flexural load

Derivative between axial load and bending moment

Highest axial force
k1y

N1y

M1y

2.94
1

m
=:=

Lowest axial force
k2y

N2y

M2y

0.658
1

m
=:=

Flexural 

k3y

N3y

M3y

0.312
1

m
=:=

Nn 10MN:= Axial load added in every step

Added moment in each step

Highest axial force
Mn.1y

Nn

k1y

3.402 MN m⋅⋅=:=

Mn.2y

Nn

k2y

15.202 MN m⋅⋅=:= Lowest axial force

Mn3y

Nn

k3y

32.061 MN m⋅⋅=:=
Flexural 
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Appendix D

Calculating capacity of Highest axial load

Total number of load steps added until failure
n1faily 235 80− 155=:=

From reactions in Y from ATENA
V1faily 2 16.1⋅ MN 2 4.65⋅ MN− 22.9 MN⋅=:=

Total moment that will occur at base
M1YfailATENA V1faily h⋅ 681.275 MN m⋅⋅=:=

Total added moment load to ATENA model
M1y.fail M1y Mn.1y n1faily⋅+ 677.462 MN m⋅⋅=:=

Total added axial load to ATENA model
N1y.fail N1y Nn n1faily⋅+ 1.991 10

3
× MN⋅=:=

M1y.Ed

ϕ M1y.fail⋅

γ
432.09 MN m⋅⋅=:=

N1y.Ed

ϕ N1y.fail⋅

γ
1.27 10

3
× MN⋅=:=

Calculating capacity of Lowest axial load

n2faily 203 80− 123=:= Total number of load steps added until failure

V2faily 2 10.5⋅ MN 2 25.3⋅ MN+ 71.6 MN⋅=:= From reactions in Y from ATENA

M2YfailATENA V2faily h⋅ 2.13 10
3

× MN m⋅⋅=:= Total moment that will occur at base

M2y.fail M2y Mn.2y n2faily⋅+ 2.134 10
3

× MN m⋅⋅=:= Total added moment load to ATENA model

N2y.fail N2y Nn n2faily⋅+ 1.404 10
3

× MN⋅=:= Total added axial load to ATENA model

M2y.Ed

ϕ M2y.fail⋅

γ
1.361 10

3
× MN m⋅⋅=:=

N2y.Ed

ϕ N2y.fail⋅

γ
895.294 MN⋅=:=

Bending around Y-axis : Shear in X

N1x 362017kN:= M1x 140878kN m⋅:= Highest axial load

N2x 256348kN:= M2x 165703kN m⋅:= Lowest axial

N3x 205851kN:= M3x 453668kN m⋅:= Flexural load

Lowest axial
k1x

N1x

M1x

2.57
1

m
=:=

Highest Axial
k2x

N2x

M2x

1.547
1

m
=:=

Flexural i=5 
k3x

N3x

M3x

0.454
1

m
=:=
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Nn 10MN:= Axial load added in every step

Added moment in each step

Highest axial force
Mn.1x

Nn

k1x

3.891 MN m⋅⋅=:=

Mn.2x

Nn

k2x

6.464 MN m⋅⋅=:= Lowest axial force

Mn3x

Nn

k3x

22.039 MN m⋅⋅=:= Flexural 

Calculating capacity of Highest axial load

Total number of load steps added until failure
n1failx 237 80− 157=:=

From reactions in Y from ATENA
V1failx 2 13.7⋅ MN 2 1.08⋅ MN− 25.24 MN⋅=:=

Total moment that will occur at base
M1XfailATENA V1failx h⋅ 750.89 MN m⋅⋅=:=

Total added moment load to ATENA model
M1x.fail M1x Mn.1x n1failx⋅+ 751.84 MN m⋅⋅=:=

Total added axial load to ATENA model
N1x.fail N1x Nn n1failx⋅+ 1.932 10

3
× MN⋅=:=

M2x.Ed

ϕ M1x.fail⋅

γ
479.528 MN m⋅⋅=:=

N2x.Ed

ϕ N1x.fail⋅

γ
1.232 10

3
× MN⋅=:=

Calculating capacity of Lowest axial load

n2failx 224 80− 144=:= Total number of load steps added until failure

V2failx 2 15.8⋅ MN 2 2.7⋅ MN+ 37 MN⋅=:= From reactions in Y from ATENA

M2XfailATENA V2failx h⋅ 1.101 10
3

× MN m⋅⋅=:= Total moment that will occur at base

M2X.fail M2x Mn.2x n2failx⋅+ 1.097 10
3

× MN m⋅⋅=:= Total added moment load to ATENA model

N2x.fail N2x Nn n2failx⋅+ 1.696 10
3

× MN⋅=:= Total added axial load to ATENA model

M2x.Ed

ϕ M2X.fail⋅

γ
699.366 MN m⋅⋅=:=

N2x.Ed

ϕ N2x.fail⋅

γ
1.082 10

3
× MN⋅=:=
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Appendix D

Extracted ultimate forces from ATENA for reduced thickness

Bending around X-axis : Shear in Y

N1y 441477kN:= M1y 150182kN m⋅:= Highest axial

N2y 173708kN:= M2y 264074kN m⋅:= Lowest axial

N3y 163135kN:= M3y 523020kN m⋅:= Flexural i=5 

Derivative between axial load and
bending moment

Highest axial force
k1y

N1y

M1y

2.94
1

m
=:=

Lowest axial force
k2y

N2y

M2y

0.658
1

m
=:=

Flexural 

k3y

N3y

M3y

0.312
1

m
=:=

Nn 5MN:= Axial load added in every step

Added moment in each step

Highest axial force
Mn.1y

Nn

k1y

1.701 MN m⋅⋅=:=

Mn.2y

Nn

k2y

7.601 MN m⋅⋅=:= Lowest axial force

Calculating capacity of Highest axial load

Total number of load steps added until failure
n1faily 164 80− 84=:=

From reactions in Y from ATENA
V1faily 2 9.1⋅ MN 2 4.23⋅ MN− 9.74 MN⋅=:=

Total moment that will occur at base
M1YfailATENA V1faily h⋅ 289.765 MN m⋅⋅=:=

Total added moment load to ATENA model
M1y.fail M1y Mn.1y n1faily⋅+ 293.058 MN m⋅⋅=:=

Total added axial load to ATENA model
N1y.fail N1y Nn n1faily⋅+ 861.477 MN⋅=:=

Total moment capacity
M1y.Ed

ϕ M1y.fail⋅

γ
186.914 MN m⋅⋅=:=

Total flexural shear capacity

V1y.flex.Ed

M1y.Ed

h
6.283 MN⋅=:=

Total axial resistance

N1y.Ed

ϕ N1y.fail⋅

γ
549.456 MN⋅=:=
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Calculating capacity of Lowest axial load

n2faily 148 80− 68=:= Total number of load steps added until failure

V2faily 2 2.6⋅ MN 2 10.5⋅ MN+ 26.2 MN⋅=:= From reactions in Y from ATENA

M2YfailATENA V2faily h⋅ 779.45 MN m⋅⋅=:= Total moment that will occur at base

M2y.fail M2y Mn.2y n2faily⋅+ 780.948 MN m⋅⋅=:= Total added moment load to ATENA model

N2y.fail N2y Nn n2faily⋅+ 513.708 MN⋅=:= Total added axial load to ATENA model

M2y.Ed

ϕ M2y.fail⋅

γ
498.094 MN m⋅⋅=:= Total moment capacity

Total flexural shear capacity
V2y.flex.Ed

M2y.Ed

h
16.743 MN⋅=:=

Total axial resistance
N2y.Ed

ϕ N2y.fail⋅

γ
327.646 MN⋅=:=

Calculating flexural capacity

Nn 1MN:= Axial load added in every step

Mn3y

Nn

k3y

3.206 MN m⋅⋅=:= Flexural 

n3faily 234 140− 94=:= Total number of load steps added until failure

V3faily 2 10.1⋅ MN 2 3.74⋅ MN+ 27.68 MN⋅=:= From reactions in Y from ATENA

M3YfailATENA V3faily h⋅ 823.48 MN m⋅⋅=:= Total moment that will occur at base

M3y.fail M3y Mn3y n3faily⋅+ 824.389 MN m⋅⋅=:= Total added moment load to ATENA model

N3y.fail N3y Nn n3faily⋅+ 257.135 MN⋅=:= Total added axial load to ATENA model

M3y.Ed

ϕ M3y.fail⋅

γ
525.801 MN m⋅⋅=:= Total moment capacity

Total flexural shear capacity
V2y.flex.Ed

M3y.Ed

h
17.674 MN⋅=:=

Total axial resistance
N2y.Ed

ϕ N3y.fail⋅

γ
164.002 MN⋅=:=
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Bending around Y-axis : Shear in X

N1x 362017kN:= M1x 140878kN m⋅:= Lowest axial

N2x 256348kN:= M2x 165703kN m⋅:= Highest Axial

N3x 205851kN:= M3x 453668kN m⋅:= Flexural i=5 

Lowest axial
k1x

N1x

M1x

2.57
1

m
=:=

Highest Axial
k2x

N2x

M2x

1.547
1

m
=:=

Flexural i=5 
k3x

N3x

M3x

0.454
1

m
=:=

Nn 5MN:= Axial load added in every step

Added moment in each step

Highest axial force
Mn.1x

Nn

k1x

1.946 MN m⋅⋅=:=

Mn.2x

Nn

k2x

3.232 MN m⋅⋅=:= Lowest axial force

Calculating capacity of Highest axial load

Total number of load steps added until failure
n1failx 165 80− 85=:=

From reactions in Y from ATENA
V1failx 2 7.18⋅ MN 2 1.98⋅ MN− 10.4 MN⋅=:=

Total moment that will occur at base
M1XfailATENA V1failx h⋅ 309.4 MN m⋅⋅=:=

Total added moment load to ATENA model
M1x.fail M1x Mn.1x n1failx⋅+ 306.266 MN m⋅⋅=:=

Total added axial load to ATENA model
N1x.fail N1x Nn n1failx⋅+ 787.017 MN⋅=:=

Total moment capacity

M1x.Ed

ϕ M1x.fail⋅

γ
195.338 MN m⋅⋅=:=

Total flexural shear capacity

V1x.flex.Ed

M1x.Ed

h
6.566 MN⋅=:=

Total axial resistance
N1x.Ed

ϕ N1x.fail⋅

γ
501.965 MN⋅=:=

174



Appendix D

Calculating capacity of Lowest axial load

n2failx 164 80− 84=:= Total number of load steps added until failure

V2failx 2 7.72⋅ MN 2 0.33⋅ MN− 14.78 MN⋅=:= From reactions in Y from ATENA

M2XfailATENA V2failx h⋅ 439.705 MN m⋅⋅=:= Total moment that will occur at base

M2X.fail M2x Mn.2x n2failx⋅+ 437.19 MN m⋅⋅=:= Total added moment load to ATENA model

N2x.fail N2x Nn n2failx⋅+ 676.348 MN⋅=:= Total added axial load to ATENA model

M2x.Ed

ϕ M2X.fail⋅

γ
278.843 MN m⋅⋅=:= Total moment capacity

Total flexural shear capacity
V2x.flex.Ed

M2x.Ed

h
9.373 MN⋅=:=

Total axial resistance
N2x.Ed

ϕ N2x.fail⋅

γ
431.379 MN⋅=:=

Calculating flexural capacity

Nn 1MN:= Axial load added in every step

Mn3x

Nn

k3x

2.204 MN m⋅⋅=:= Flexural 

n3failx 120 140− 20−=:= Total number of load steps added until failure

V3failx 2 3.85⋅ MN 2 2.3⋅ MN+ 12.3 MN⋅=:= From reactions in Y from ATENA

M3XfailATENA V3failx h⋅ 365.925 MN m⋅⋅=:= Total moment that will occur at base

M3x.fail M3x Mn3x n3failx⋅+ 409.591 MN m⋅⋅=:= Total added moment load to ATENA model

N3x.fail N3x 205.851 MN⋅=:= Total added axial load to ATENA model

Total moment capacity
M3x.Ed

ϕ M3XfailATENA⋅

γ
233.389 MN m⋅⋅=:=

Total flexural shear capacity

V3x.flex.Ed

M3x.Ed

h
7.845 MN⋅=:=

Total axial resistance

N3x.Ed

ϕ N3y.fail⋅

γ
164.002 MN⋅=:=
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